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CHAPTER 1 

General introduction, selected key results and conclusions 
of the overall project 

1.1 GENERAL BACKGROUND, OPPORTUNITY AND MOTIVATIONS 

1.1.1 General Background and Opportunity 

Due to the growing pressure exerted by human activities and the growing needs in 
the industrial and amenity sector within the coastal zone, interest in protective 
structures against the hydrodynamic actions of the sea is also expected to in-
crease. A further important reason supporting this expectation is the increase of 
the magnitude, duration and frequency of storm surges observed in the last dec-
ades.  

On the other hand, the construction of coastal structures is still essentially 
based on empirical design methods, as well as on trial and error approaches, thus 
making any optimisation almost impossible. The latter statement is particularly 
supported by the fact that most of the catastrophic failures experienced by coastal 
structures could not be predicted at the design stage and cannot yet be satisfacto-
rily explained by present design methods and analyses. In fact, most of the failure 
modes which have been identified to date are associated with the dynamic nature 
of the wave loads and the highly transient phenomena involved in the structure-
foundation interactions. With this background an urgent need arises for the devel-
opment of integrated rational design approaches which are based on an increased 
understanding of the hydrodynamic, geotechnical and structural processes in-
volved in the wave-structure-foundation interaction and which account for the un-
certainties involved in the models used as well as in the input data. An opportu-
nity to start with a research project based on this general background was given 
within MAST (Marine Science and Technology Research Programme of the 
European Union). In this programme two main groups of research topics directly 
related to Coastal Engineering have been addressed: Coastal Morphodynamics 
and Coastal Structures (Fig. 1-1). The MAST III project PROVERBS which is 
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described here belongs to the second group which is more related to applied re-
search but does not exclude substantial contributions to basic research. 
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Figure 1-1. Research in coastal engineering within the EU / MAST-Programme 

 
PROVERBS started at 1st February 1996 and ended at 31st January 1999. In 

this introductory chapter, a brief presentation of PROVERBS will be given, in-
cluding motivations, objectives, organisation structure, research strategy and 
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methodology as well as a brief outline of the practical importance of the key sci-
entific and engineering findings which are described within the next four chap-
ters. 

1.1.2 Motivations and Position of the Design Problem 

The major reasons why monolithic structures and why probabilistic design meth-
ods have been selected as candidate research topics for a large European project 
are first outlined before the design problem is addressed in more details to better 
illustrate the necessity of an integrated probabilistic design approach. 

1.1.2.1 Motivations for Monolithic Coastal Structures / Breakwaters 

 Catastrophic failures: Numerous severe and catastrophic failures were ex-
perienced by vertical breakwaters in the 1930s. It should be stressed that ma-
jor failures may cost 2-3 times more to re-build than the original construction 
costs. As a consequence, the vertical breakwater type was almost abandoned - 
except in some few countries - in favour of the rubble mound breakwater 
type. In Japan for instance, about 7 failures per year have been experienced by 
vertical breakwaters (Oumeraci, 1994). After a series of catastrophic failures 
experienced by large rubble mound breakwaters at the end of the 1970s and 
the beginning of the 1980s, a number of actions were started to promote the 
revival of vertical breakwaters and the development of new breakwater con-
cepts (Oumeraci et al., 1991). In this respect, extensive research efforts at in-
terdisciplinary and multinational level were urgently required. 

 Need for breakwaters at greater depth: To suit the increasing draught of large 
vessels, breakwaters should be founded in increasingly deeper water, thus 
making the cost of such structures more prohibitive. Construction costs of 100 
to 350 million €/km breakwater are not seldom. In this respect, a type of 
structure is needed which represents a better alternative not only in terms of 
technical performance and total costs, but also in terms of standardisation, 
quality control, environmental aspects, construction time and maintenance. 
Moreover, more focus should be put on the optimisation of the design. 

 Need for environmentally friendly structures: Monolithic caisson type struc-
tures can easily be given any shape, perforations and any further construc-
tional features to reduce the impact on the environment. Moreover, less mate-
rial and less energy for material transportation than for further traditional 
breakwater types is required for construction. In fact, most of the material in-
volved in a caisson breakwater is sand - dredged from deeper sea, thus mini-
mising the energy required for transportation and maximising the conser-
vation of scarce construction material. 
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 Need for multi-purpose structures: Due to the inherent considerable public 
investments, it is expected that the objective of coastal structures will not 
solely be limited to the damping of wave action. Taking the opportunity of 
such expensive structures, facilities for amenity and wave power extraction 
might also be integrated in the structure (cost sharing, acceptance by society 
etc.). In this respect, caisson structures are suited for this purpose, because of 
their flexibility to adapt to any requirements related to their shape, size and 
multi-purpose use. Although not yet based on rational design methods, the 
caisson type structures have already demonstrated their capability because 
they can easily be adapted to meet also: 
- Further purposes like amenity, wave power extraction and further indus-

trial needs; 
- environmental requirements by providing a suitable shape and further in-

teresting features to reduce wave reflection, to increase the water ex-
change between open sea and protected area, to minimise the disturbance 
of the sea ground and to fit into the maritime scenery. 

Examples from Japan (Tanimoto & Takahashi., 1994), Monaco (Bouchet et 
al., 1994) and Korea (Lee & Hong, 1994) have already shown that the poten-
tial of adapting caissons type structures to meet any requirement of technical, 
social and ecological nature is higher than for any other traditional type of 
structure. This however, requires a high level of knowledge and technology. 
The results of PROVERBS are expected to contribute to bringing the Euro-
pean maritime construction industry in a world leading position in this field 
by increasing the knowledge and skill levels as well as the competitiveness of 
European coastal / harbour engineers working world-wide. 

 Potential large-scale application for sea-walls: Because of the competitive-
ness of caisson structures in terms of technical performance, total costs, envi-
ronment, quality control, construction time and standardisation, it is believed 
that there is also a large potential for their use as sea walls to respond to the 
potential increase of storminess and sea level rise. This will help to react more 
rapidly and better protect the coastal zones of high economic, social and envi-
ronmental values. 

1.1.2.2 Motivations for Probabilistic Design Methods 

 Need for more and better optimisation: Breakwaters and coastal structures 
represent considerable public investments (in the range of 1 billion € for a 
5 km long breakwater in deep water) which encounter less and less accep-
tance by government and local authorities, due to the decreasing availability 
of fundings for this kind of large projects and the increasing awareness of en-
vironmental impacts by governments and society. Beside the need to diversify 
the use of such structures (see multi-purpose use as described above), there is 
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an urgent need to use more rational methods for design and more sophisti-
cated tools for the optimisation of such structures. It is obvious that such 
methods can only be developed in an integrated manner, requiring a multi-
national framework and a multi-disciplinary research strategy. 

 Complexity of physical problems involved: The results of previous MAST I 
and MAST II-projects have highlighted the complexity and the integrated na-
ture of the problems related to breakwater stability and design, including the 
considerable importance of the three-dimensional and stochastic nature of the 
processes involved in the wave-structure-foundation interactions (wave load-
ing and dynamic response), as well as the large number of possible failure 
mechanisms and their complex interaction. This necessarily prescribes the use 
of probability-based analysis methods as the sole alternative for the design. In 
fact, this is the only alternative which may provide a systematic and compre-
hensive framework not only for optimisation procedures, but also for the ap-
plication of engineering judgement. 

 Stimulating aspects: Since the prospective probabilistic design methods will 
essentially be based on the feedback from prototype experience, the results 
are expected to stimulate a rapid and continuous feedback between research-
ers and practitioners, thus enhancing the world-wide applicability of these 
tools. This will also actively stimulate the collection of more and better data, 
because it is the essence of probability-based tools to use more and better in-
formation. 

 Sustainable development in coastal zones: It is expected that within the next 
10 - 15 years reliability tools will represent the standard methods in the de-
sign of engineering works as well as in the management of coastal zones. In 
fact, without a risk management framework based on reliability methods a 
sustainable protection of coastal zones will hardly be achieved (Fig. 1-2). 
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Figure 1-2. Probabilistic risk management framework: a prerequisite for a sustainable coastal pro-
tection. 

1.1.2.3 Position of the Design Problem 

 

Given a sea wave climate the main function of a breakwater is to provide suffi-
cient protection of the area behind it; i.e. the wave transmission around, through 
and over the breakwater should be reduced to some acceptable level which 
strongly depends on the purpose of the protected area (birthed or manoeuvring 
ships, beach protection etc.). Any situation where this hydraulic function fails to 
be fulfilled must be considered as a failure. Besides wave transmission, hydraulic 
performance aspects like wave reflection (important for ship manoeuvres and 
scour potential assessment) and wave overtopping (important for installa-
tions/operations on and behind the breakwater) might also be of importance. 

However, before the breakwater will come to fail fulfilling its main function there 
are a number of previous failures associated with the loss of the stability of the 
structure components (structural failure modes) and that of the foundation 
(geotechnical failure modes). It is one of the main and most difficult task of the 
design process to properly describe and predict these failure modes (Fig. 1-3). 
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Figure 1-3. Problem definition in the design of vertical breakwaters 
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For this purpose the waves at the structure, the subsequent wave loading as well as 

the associated structural and foundation response should be determined. The 
stochastic nature of the waves and the wave loading, as well as the uncertainties 
associated with the prediction models and the input parameters together with the 
complex interaction of the failure mechanisms of hydraulic, structural and 
geotechnical nature require a probabilistic design approach which can address all 
relevant hydraulic, structural and geotechnical aspects of the design in an integrated 
manner. 

1.2 BRIEF PRESENTATION OF PROVERBS 

1.2.1 Objectives 

The overall objective of PROVERBS is to develop and implement a reliability-
based framework and the associated probabilistic tools for the design of vertical 
breakwaters and further classes of monolithic coastal structures. For application in 
design, a partial safety factor system (PSFS) is also required which should be co-
herent with the relevant Eurocode Standards, but is more advanced as it uses a 
target probability of failure within the structure lifetime as an entrance parameter 
to the system and as it is calibrated on the basis of the developed probability-
based framework. Therefore the tools to define the target probability of failure are 
also addressed. 

Further objectives are (i) the improvement of the understanding of the physical 
processes and failure mechanisms involved in the wave-structure-foundation 
interaction, (ii) the development of reliable data and methods for the dynamic 
analysis of the structure and its foundation, (iii) the improvement of the methods for 
the performance and analysis of field and laboratory measurement and finally (iv) 
the generation of a scientific and technical basis which might be used by authorised 
institutions and committees to establish authoritative design guidelines and by engin-
eers to develop innovative structures fulfilling technical, economical, ecological and 
multi-purpose use criteria. PROVERBS also intends to demonstrate the advantages 
of probability based methods as compared to existing conventional design 
approaches. 

The main types of vertical breakwaters which have been addressed in PROV-
ERBS are schematically shown in Figure 1-4. However, the methods developed in 
PROVERBS are more generic in the sense that they also may apply to further 
similar coastal structures where wave action dominates the design process by 
means of a relatively small adaptation effort. 
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Figure 1-4. Main types of vertical breakwaters addressed in PROVERBS 

1.2.2 Organisation and Participation Structure 

In order to achieve these formulated objectives different skills and expertises 
are required. Therefore, 23 research organisations from 8 European countries and 
many disciplines like fluid mechanics, soil mechanics, structural dynamics, ap-
plied mathematics, coastal and harbour engineering have been involved in 
PROVERBS (Fig. 1-5). 
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Figure 1-5. Participation structure of PROVERBS (see Annex 2 for abbreviations of participants) 

 
To make the overall project manageable, PROVERBS was subdivided into four 

sub-projects called “Tasks” co-ordinated by a “Task leader”. The Co-ordinator of 
the Overall Project and the four Task leaders build the Management Committee 
(Fig. 1-6). 
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Figure 1-6. Organisation structure of PROVERBS (see Annex 2 for abbreviations of participants) 

 
The co-ordination, within each task and between tasks was enhanced by means of 

half yearly task workshops as well as subgroup meetings, study centres and 
exchange of researchers and students working in PROVERBS. Half yearly meetings 
of the Management Committee, News Letters via internet and yearly workshops of 
the Overall Project contributed efficiently to co-ordinate the project. 

1.2.3 Research Issues 

Four main issues have been addressed by PROVERBS: hydrodynamic, founda-
tion, structural and probabilistic design aspects. Each of these aspects has been 
dealt with in a sub-project called "Task". 
 Task 1: Hydrodynamic Aspects: Hydrodynamic inputs are provided by focus-

ing on wave loadings, including associated uncertainties and statistical distri-
butions required to implement the probabilistic design tools in Task 4. Proto-
type measurements and 3D-hydraulic model tests constitute the major part of 
this work, supplemented by further physical and numerical modelling. The re-
sults of these measurements and models are then analysed in detail and inte-
grated together to provide the required inputs to Task 2, Task 3 and Task 4 
(Fig. 1-7). 
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Figure 1-7. Research issues and structure of TASK 1 (Hydrodynamic Aspects)  

 
 Task 2: Foundation Aspects: Beside the development of new knowledge re-

lated to failure mechanisms and dynamic soil properties, information is gen-
erated on uncertainties for soil parameters and models, making them readily 
applicable for the implementation of probabilistic design tools in Task 4. 
Analysis, numerical modelling and laboratory tests build the major means for 
the investigations, supplemented by centrifuge modelling and prototype 
measurements for validation purposes (Fig. 1-8). 
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Figure 1-8. Research issues and structure of Task 2 (Geotechnical Aspects) 
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 Task 3: Structural Aspects: This task provides the methods to assess the struc-
tural strength of breakwater walls during placing of caissons, under pulsating 
and extreme impact loading, as well as their durability. Uncertainties in the 
loading and resistance parameters are accounted for as needed for the imple-
mentation of the probabilistic design tools. Finite element analyses are princi-
pally used for the investigations (Fig. 1-9). 
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Figure 1-9. Research issues and structure of Task 3 (Structural Aspects)  

 
 Task 4: Probabilistic Design Tools: In a first preparatory phase a probabilistic 

framework is developed by linking together all above aspects by describing 
the failure modes, by establishing the fault trees, by evaluating the associated 
uncertainties and by developing a reliability design philosophy. In a second 
phase, probabilistic design tools are developed. Based on reliability calcula-
tions at Level II and III, on the analysis of case studies and involvement of 
practitioners, a method to assess the overall reliability of vertical breakwaters 
is developed and applied to a set of selected representative structures 
(Fig. 1-10). 
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Figure 1-10. Research issues and structure of Task 4 (Probabilistic Aspects) 
 
Furthermore, Tasks 1-3 were also intended to enhance the knowledge associ-

ated with the hydrodynamic, geotechnical and structural processes and failure 
mechanisms involved in wave-structure-foundation-interaction. 

1.2.4 Research Strategy and Development Procedure for Probabilistic Design 

Tools 

1.2.4.1 Overall Strategy 

The research strategy pursued in PROVERBS was directed towards improving 
the related existing knowledge and producing new generic and specific knowl-
edge associated with hydrodynamic, structural and geotechnical processes and 
failure mechanisms within Tasks 1 - 3 of PROVERBS. This improved and new 
generated knowledge is then linked together with the related available knowledge 
from previous MAST-Projects and further national research projects (Fig. 1-11).  
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Figure 1-11. PROVERBS’ research strategy: implementation of existing and new knowledge in 
probabilistic design framework 

 
All this knowledge is supplemented within PROVERBS by the assessment of the 
associated uncertainties and then implemented in Task 4 to provide the reliability 
tools required for design. The overall strategy in the development of these tools 
may be summarised as follows: 
 Although only vertical breakwaters are explicitly addressed in PROVERBS, 

the developed methods are generic, i.e. only moderate adaptation effort is re-
quired for application to further classes of coastal structures. 

 Development of a probabilistic framework based on level II/III reliability 
analyses which is primarily used for the reassessment of existing structures 
and the calibration of Partial safety factors systems (PSFS), but can also be 
used for the design of new structures. This also includes the development of 
methods to define the economically optimal probability of failure (target reli-
ability). 

 Development of a Partial Safety Factor System (PSFS) (Level I) calibrated on 
the basis of the aforementioned probabilistic framework and primarily used 
for the design of new structure. 
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1.2.4.2 Development Procedure for Probabilistic Tools 

The developed probabilistic tools are based on level II/III reliability analyses us-
ing Bayesian updating, and include methods to account for maintenance as well as 
time dependent reliability methods. 

The basic steps of the probabilistic procedure are illustrated by the flow chart 
in Figure 1-12. First, the dimensions and properties of the structure are deter-
mined on the basis of a common deterministic design procedure. Then, the most 
important failure modes are identified and the associated limit state equations are 
formulated without any consideration of the uncertainties involved (see 
Fig. 1-13).  
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Figure 1-12. Development procedure for probabilistic design in PROVERBS (simplified principle 
flow chart) 
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Two types of limit states are generally considered in PROVERBS: Ultimate 
Limit State (ULS) and Serviceability Limit State (SLS). The uncertainties in the 
models and the associated input variables are determined within Step 4. The 
sources and types of uncertainties considered in PROVERBS are summarised in 
Figure 1-13. Further details are given in Chapter 5.  

 

INHERENT (BASIC)
UNCERTAINTIES

MODEL
UNCERTAINTIES

Can be reduced by:Can be reduced by
-reduced nor
-removed

- increased knowledge
- improved models

- increased amount
- improved quality

HUMAN & ORGANI-
SATION ERRORS (HOE)

Can neither be

PHYSICAL MODEL
UNCERTAINTIES

STATISTICAL

UNCERTAINTIES
DISTRIBUTION

of collected data

Not considered in
PROVERBS because

at design stage

Environm. parameters,
material properties of
random nature (example:
expected wave height at
certain site in 20 years)

Operators (designers, ....),
organisations, procedures,
environment, equipment
and interfaces between
these sources

Empirical (based on data)
and theoretical relation-
ships used to describe
physical processes, input
variables and limit state
equations

Hypothesized/fitted
statistical distributions
of random quantities
(fixed time parameters)
and random processes
(variable time param.)

MAIN SOURCES AND TYPES OF UNCERTAINTIES

too problem specific

 

Figure 1-13. Sources and types of uncertainties 

 
However, Human and Organisation Errors (HOE) have been omitted in 

PROVERBS although they generally represent a considerable part of all uncer-
tainties involved in the design process. There are two reasons for this omission. 
First, HOE are too problem specific to be treated in general terms within PROV-
ERBS. Second, there are techniques available to account additionally for HOE, 
once the probability of failure has been determined according to the PROVERBS 
tools. One of these techniques which is used for offshore structures is shown ex-
emplarily in Figure 1-14. 
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Figure 1-14. Method to account for human and organisation errors (HOE) as a possible extension of 
PROVERBS 

 
At Step 5 the related uncertainties are included into the limit state equations for 

each of the hydraulic, geotechnical and structural failure modes (Fig. 1-15). A level 
II/III reliability analysis is then performed within Step 6 (see also Chapter 5). As a 
result the probability of failure Pf is obtained for each failure mode. 
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Figure 1-15. Failure modes, limit state equation and associated uncertainties 

 
Generally, Pf does not represent the actual probability, but only a nominal value. 

In Step 7 a fault tree analysis is performed in order to identify the interactions and 
the possible critical paths of the failure modes (see Chapter 5). As a result, a 
probability of failure Pf for the whole system is obtained in Step 8. At this step, one 
of the most difficult and important tasks has to be solved: the selection of a target 
probability of failure Pf

t. Generally, Pf
t strongly depends on the expected 

consequences of failure (risk to human injury and life, cost of damage) as well as on 
the efforts and costs to achieve the required safety level. The criteria generally 
adopted in existing codes and regulations to select Pf

t are summarised in Figure 1-16 
which well illustrates the degree of complexity of the problem (Example figures for 
Pf

t see Chapter 5 and section 4.2 of Volume IId). 
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Figure 1-16. Criteria for adopting target probabilities of failure in existing codes and regulations 

 
The three methods which are generally used to select Pf

t are summarised in 
Figure 1-17. Since breakwater failures generally imply no risk to human injury and 
life, cost optimisation over the life time of the structure is considered as an important 
means to select Pf

t. The optimisation procedure is schematically illustrated in 
Figure 1-18 by considering the ultimate limit state related to sliding stability and the 
required caisson width Bc. 
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Figure 1-17. Selection criteria for target probability of failure in existing codes and regulations 

 
Minimum initial (investment) costs (min CI) are achieved with a minimum width 

Bmin which corresponds to a safety against sliding s = 1.0 associated with a 
probability of failure Pf = 0.5. Every additional investment costs (CI) by increasing 
the caisson width (Bc) will solely serve to increase sliding safety (), thus 
decreasing the probability of failure (Pf). Therefore, the additional initial costs 
(CI) resulting from this strengthening measure (Bc) represent safety costs Cs. 
Increasing the safety costs will decrease the probability of failure Pf (or increase the 
reliability index ), but will decrease the cost of failure and down time resulting from 
the expected damages D. The target probability of failure Pf

t or the target reliability 
index t is then obtained at the point of minimum total costs min CT. A method for 
economic optimisation has been developed to select the target probability of failure, 
which uses three design variables (see Chapter 5 and section 4.1 of Volume IId). 
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Figure 1-18. Selection of target probability of failure Pf
t based on coast optimisation (principle 

sketch) 

 

1.2.4.3 Development Procedure for Partial Safety Factor System (Level I) 

Since a level II/III reliability analysis is more difficult to handle in the design 
practice and since most design codes and regulations are based on safety factors 
systems, it is necessary to develop a Partial Safety Factor System (PSFS). In order 
to enhance its acceptance and application by design engineers, the following re-
quirements were specified: (i) coherence with the Eurocode framework, (ii) use of 
a target probability of failure Pf

t as an entrance parameter. The general procedure 
for the development of PSFS in PROVERBS is schematically shown in Fig-
ure 1-19. Further details on the procedure are given in Chapter 5 as well as in sec-
tion 4.2 of Volume IId and Ditlevsen & Madsen (1996). 
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Figure 1-19. Development procedure for Partial Safety Factor System (PSFS) (principle flow chart) 

1.2.4.4 Representative Example Structures for Application 

The reliability design tools developed in PROVERBS are applicable to a variety 
of vertical breakwaters and similar classes of structures subject to wave action. 
Nevertheless, 5 representative example structures have been selected from a set of 
more than 20 structures in and outside Europe to illustrate the application of the 
developed reliability design tools and to identify at an early stage of the project 
potential simplifications of the approaches applied and further unexpected prob-
lems. The choice of these 5 structures has been based on the collection and analy-
sis of data related to hydraulic, geotechnical, structural design conditions and fur-
ther information on experienced failures/successes as well as on a set of selection 
criteria developed in the project (Kortenhaus & Oumeraci, 1997). The five se-
lected structures are shown in Figure 1-20. 
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Figure 1-20. Representative example structures for the application of probabilistic design tools de-
veloped in PROVERBS. 

 
The Easchel breakwater is a fictitious combination of the existing Gela break-

water/Italy and the existing sandy subsoil in Eastern Scheldt/Netherlands. For the 
three Japanese example structures two extreme alternatives are considered for the 
subsoil in the calculations: a strong and a weak subsoil, because no precise soil 
data could be made available by Japanese authorities. 
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1.3 KEY RESULTS AND THEIR PRACTICAL IMPORTANCE 

1.3.1 Hydrodynamic Aspects (Task 1) 

Task 1 provides for the other Tasks the hydraulic input parameters including un-
certainties, as well as the models and the associated uncertainties to predict the 
hydraulic performance and loads needed to perform the foundation (Task 2), 
structural (Task 3), and reliability (Task 4) analyses (Fig. 1-21). The input waves 
far from the structure, including the various wave transformations in shallower 
water, have not been dealt with in PROVERBS and were therefore provided by 
existing methods. The only work of PROVERBS in this respect consisted in se-
lecting the methods/models to be adopted and in assessing the associated uncer-
tainties (e.g. in the form of a coefficient of variation (CoV) and statistical distribu-
tions). The actual research work of Task 1 in this respect starts when waves arrive 
at the structure (Fig. 1-21). The key results which have been achieved in Task 1 
are briefly summarised in Table 1-1. 

 



General Introduction   27 

27 

 

Figure 1-21. Overview of main hydrodynamic aspects of vertical breakwaters in PROVERBS. 
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Table 1-1. Summary of selected key results in Task 1 (Hydrodynamic Aspects). 

 KEY RESULTS DESCRIPTION, IMPORTANCE & FURTHER REMARKS 
1 Development of a pa-

rameter map to identify 
the possible loading cases 
of waves attacking the 
front face of a vertical 
breakwater based on 
structure geometry, water 
depth and wave con-
ditions in the nearfield, 
including a method to 
assess the occurrence 
probability of breaking 
wave impacts. 

 Developed from laboratory testing at HR Wallingford, 
Leichtweiß-Institut and further laboratories. 

 The parameter map allows to identify the impact loading 
or further relevant wave loading based only on three sim-
ple non-dimensional parameters: 

 relative berm height hb/hs which decides about structure 
type and relative wave height Hsi/d and relative berm width 
Beg/Lpi which both decide about the loading case. 

 A method based on new developed breaking criteria which 
accounts for the reflection properties of the structure has 
been developed to predict the probability of occurrence of 
impact loading. 

2 Development of a re-
search strategy and new 
formulae to predict im-
pact loading (horizontal 
and uplift forces) as a 
function of load duration 
based on theoretical, nu-
merical and experimental 
studies, together with 
field measurement. 

 The new procedure includes the following three steps 
which are similar for both horizontal and uplift loads: 
+ From (statistical) GEV-Distribution the relevant peak 

force Fmax
* = Fmax/gHb

2 is selected for the intended 
design purpose 

+ From the new formula Fmax
* = f (relative rise time 

br gdt / ) and a further relationship for the impact 

load duration td = f (tr), the corresponding impact rise 
time tr and load duration td are obtained by assuming a 
simplified triangular shape of the load history 

+ Based on laboratory results a simplified parametric 
pressure distribution (4 parameters for horizontal load 
and 2 for uplift) is derived 

 The new prediction tools now allow to apply dynamic 
analyses for the design and to explain observed prototype 
failures. 

3 Development of im-
proved scaling rules to 
transfer laboratory results 
of breaking wave impact 
loads to prototype condi-
tions based on a better 
physical understanding of 
the processes by means of 
theoretical/numerical, 
small- and large-scale 
model studies together 
with prototype measure-
ments 

Detailed insight in the individual processes involved in the 
whole load history including dynamics of entrained / en-
trapped air 
 Based on this detailed insight a separation method is de-

veloped to individually scale up each of the components of 
the load history by Froude or Cauchy law, depending on 
whether gravity or compressibility is dominant for the re-
lated process. 

 A more pragmatic procedure based on corrective factors 
(when only Froude scaling is used) is also provided which 
is based on a purely empirical relationship providing the 
level of aeration as a function of the number of breaking 
waves within a given time interval 

 The achieved results provide the engineer with improved 
tools for scaling and the researcher with a sound basis to-
wards more improvements in this field. 
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 KEY RESULTS DESCRIPTION, IMPORTANCE & FURTHER REMARKS 
4 Prediction of the reduc-

tion of impact forces as a 
function of caisson 
length, wave obliquity 
and short-crestedness 

 New experimental results of 3D-tests conducted at three 
different laboratories confirmed and extended the previous 
investigations within the Mast II/MCS-Project for the re-
duction of pulsating wave forces as a function of wave 
obliquity and short-crestedness 

 A new prediction formula is developed for the reduction 
factor of impact forces as a function fo the relative caisson 
length (Lc/Lop) and wave obliquity  for long-crested and 
short-crested sea 

 The new result will allow to avoid overdesign by substan-
tially reducing the impact forces (up to 25 % for caisson 
lengths of 0,2 Lop) as used by the present conservative de-
sign approaches. 

5 Seaward impact forces 
induced by overtopping 
waves plunging into the 
harbour basin 

 Based on small-scale model tests and numerical modelling 
using the pressure-impulse theory the generation mecha-
nisms of impact loading directed seaward have been iden-
tified. The impact loading on the rear face and the bottom 
slab of the caisson breakwater is induced by the plunging 
plume of overtopping waves into the harbour basin. The 
entrapped air under the plume plays a dominant role in the 
generation mechanisms 

 The results will allow to achieve a better design with re-
spect to the seaward tilting failures which have often been 
observed by low vertical breakwaters. 

6 Development and imple-
mentation of Artificial 
Neural Networks (ANNs) 
as a complementary pre-
diction tool for horizontal 
pulsating forces, includ-
ing a new technique to 
quantify the reliability 
intervals of the prediction 

 Based on the integrated use of data sets from several 
model studies performed at different institutes, ANN-
Modelling has been performed leading to a better predic-
tion of the pulsating forces than the standard GODA 
method 

 With the new developed technique to determine the uncer-
tainties of the predicted forces, ANN-Modelling can also 
be applied as a predictive tool in probabilistic design. 

7 Development of new pre-
diction formulae for pul-
sating wave forces on 
perforated caisson break-
waters 

 Based on prototype measurements at two sites in Italy and 
France, and on small and large-scale model tests, new for-
mulae to predict total wave forces on perforated structures 
have been developed. Three different approaches have 
been used for this purpose. 

 The new formulae have shown that a reduction of horizon-
tal wave forces in the order of 30% and 50% can be 
achieved by using perforated caissons with a single cham-
ber and with three chambers, respectively. 

 An improved physical understanding and better prediction 
models have also been achieved with respect to the hy-
draulic performance, building an important departure basis 
for the development of more innovative structures. 
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 KEY RESULTS DESCRIPTION, IMPORTANCE & FURTHER REMARKS 
8 Development of wave 

load formulae for perfo-
rated superstructures of 
high-mound composite 
breakwaters 

 Based on large-scale model tests on new perforated struc-
tures on a high rubble foundation new prediction formulae 
for the associated wave loads have been developed 

 The improved understanding of the overall hydraulic per-
formance which has been achieved by these results will 
also allow to improve the constructional features of these 
structures and to develop further innovative crown walls. 

9 Development of new 
wave load formulae for 
crown walls 

 Based on prototype measurement, small and large-scale 
modelling new formulae have been developed to predict 
the wave pressure distributing on the vertical front and the 
bottom slab of the crown wall. The new method makes use 
of the run-up height and two empirical parameters which 
depends on the incident wave steepness and the character-
istics of the berm. 

 The results build a sound scientific basis for the devel-
opment of more complete final design tools for this type of 
structures 

 

1.3.1.1 Parameter map for wave load classification 

A practical parameter map for wave load classification has been developed and 
validated on the basis of laboratory testing at four different institutes (sec-
tion 2.2.2). It particularly allows to distinguish between (i) impact loads for which 
the load duration/time history is most relevant for the dynamic response of the 
structure and which therefore need to be handled with special care and (ii) those 
"pulsating" wave loads for which the expected response of the structure is such 
that "quasi-static approaches" might apply (Fig. 1-22). 
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Figure 1-22. Distinction between “impact” and “pulsating” loads. 
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The parameter map concept as illustrated by Figure 2-7 is based on the use of 

three simple non-dimensional input parameters related to the structure geometry 
as well as to the water depth and wave conditions at the structure to decide at a 
first stage on the type of monolithic structure (relative height hb

*) and at a second 
and third decision level on the loading case (relative wave height Hs

* and relative 
berm width B*). 

Using further results from large-scale model tests performed in the Hannover 
flume (GWK) for two Japanese projects (Oumeraci & Muttray, 1997; Oumeraci 
et al., 1998) the PROVERBS Parameter map in Figure 2-7 can be extended to in-
clude the so-called “High-Mound Composite Breakwater” (HMCB) which is be-
coming very popular for the protection of artificial islands in Japan (Muttray & 
Oumeraci, 1998). 
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Figure 1-23.Extended parameter map including “high mound composite breakwaters” (Kortenhaus 
& Oumeraci, 1998). 

 



General Introduction   33 

33 

The parameter map in Figure 1-23 has been further supplemented by a simple 
procedure to predict the occurrence frequency of breaking wave impacts (sec-
tion 2.2.3 and Eq. 2-46). This procedure is based on two threshold values of the 
incident wave height H0, 4 % at the location of the structure: (a) the breaker height 
Hbc at the structure which is calculated by means of a new breaking criterion tak-
ing into account the reflection properties of the structure (Eq. 2-43), and (b) the 
wave height Hbs describing the transition zone at which broken waves occur 
(Eq. 2-45). 

Depending on the purpose and the failure modes for which they are used a fur-
ther classification of the wave loads is suggested: single quasi-static loading 
(overall failure), cyclic loading (fatigue and stepwise failure), and impact loading 
(progressive and single overall failure / structural failure modes). This classifica-
tion (see Fig. 1-24) which may be further refined permits to properly select the 
wave load type and specify it in more detail according to the failure mode under 
study (single or progressive, local or overall, structural or geotechnical failure 
mode). 
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Figure 1-24. Specification of wave loading for monolithic structures. 

 

1.3.1.2 New formulae to predict impact loading 

New formulae to predict impact loading and associated load duration, including 
the effect of air content (scale effects) have been developed on the basis of 
mathematical/numerical analysis, large-scale model testing, small scale model 
testing with fresh and salt water as well as prototype measurements. The overall 
research strategy which have been pursued in PROVERBS for the impact loading 
is schematically illustrated by Figure 1-25. Based on solitary wave theory, im-
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pulse-momentum considerations, extensive small-scale laboratory tests, including 
sophisticated measuring techniques (PIV) and large-scale model testing, a new 
method has been developed to predict the relative impact forces (Fh,max/gHb

2) as 

a function of the relative rise time gdt br //  (Fig. 1-25). For further details, in-

cluding pressure distribution refer to section 2.5. 
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Figure 1-25. Research strategy for wave impact loading of vertical structures in PROVERBS/Task 1 
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The new breaking wave impact prediction formulae for horizontal and uplift 
loading, together with the associated spatial and temporal pressure distributions 
provide the yet missing and urgently needed loading inputs for any dynamic 
analysis related to the overall stability of the breakwater, including geotechnical 
and structural failure modes (see also Chapters 3 and 4). These are in fact very 
important, because the existing conventional design approaches based on static 
design loads can neither explain the failures experienced by prototype structures, 
nor do they allow any design optimisation.  

1.3.1.3 Effect entrained/entrapped air on scaling impact loads 

Mathematical studies (Peregrine & Thais, 1996) and laboratory testing (Ou-
meraci & Hewson, 1997) have shown that even a very small fraction of air in wa-
ter can dramatically reduce the impact pressure by increasing the impact duration. 
This and the scaling problems illustrated by Figure 1-27 point out towards the ne-
cessity of devoting more effort to estimate the volume fraction on entrained/en-
trapped air during impact. Moreover, comparative impact tests using fresh and sea 
water have shown that higher impact tests are expected from fresh water tests due 
to smaller bubble sizes and higher aeration levels in sea water. These efforts have 
led to the development of a new instrumentation to measure air content which has 
been deployed in the laboratory and in the field (see Volume IIa, Chapter 7) 
(Fig. 1-26). 

 

 

Figure 1-26. Field measurements of waves, impact pressure and aeration at Alderney breakwater. 
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Moreover, detailed laboratory testing has also led to a much better understand-

ing of the physics of impact loading and the scaling laws associated with each of 
the physical processes involved within the whole impact history (Fig. 1-27).  
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Figure 1-27. Physical processes involved in the wave load history and associated scaling problems. 

 
In fact, the results have shown that, whether FROUDE or MACH-CAUCHY 

similarity laws or a combination of both has to be applied for the interpretation of 
the test results, will strongly depend on the level of aeration and the amount of en-
trapped air which both determine the compressibility of the impacting fluid mixture. 
Therefore an improved scaling procedure based on the separation of the different 
components of the impact load history has been suggested (Fig. 1-28). For further 
details see Kortenhaus & Oumeraci (1999). 
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Figure 1-28. Suggested procedure for scaling the various components of the wave load history. 

 
A further more pragmatic approach based on correction factors for the impact 

load (reduction load factor) and the related rise time (inverse value of reduction 
load factor) has also been developed (see Eqs. 2-99 and 2-100) which are based 
on an empirical relationship between the level of aeration (in %) and the number 
of breaking waves within a given time (Eq. 2-97). 

 
The results which have been achieved in the scaling issue by using theoretical, 

numerical and experimental studies, together field measurements provide the en-
gineer with much improved tools to scale-up the laboratory results to prototype 
conditions and to assess the associated uncertainties in modelling wave impact 
loading. Moreover, they built for the researcher a very good starting basis towards 
further improvements. 

 

1.3.1.4 Effect of caisson length, wave obliquity and short-crestedness on impact 

forces 

In the previous MAST II/MCS-Project (MAS2-CT92-0047) force reduction fac-
tors were developed for the pulsating load to account for wave obliquity and 
shortcrestedness (Franco et al., 1996). In PROVERBS further 3D-tests were per-
formed (i) to extend the previous study for pulsating waves forces by also ad-
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dressing in more detail the variability of the forces along the breakwater (Vol-
ume IIa, section 4.3, Madrigal, 1998) and (ii) to focus more on the occurrence and 
variability of breaking wave impact forces along the breakwater as a function of 
the wave obliquity, short-crestedness and berm geometry (Volume IIa, sec-
tion 5.3).  

The new results on the pulsating load case have generally confirmed the previ-
ous MCS-conclusions with respect to the reduction of non breaking wave forces 
(Franco et al., 1996); i.e.  

(i) the method of Goda (1974) for long crested waves can be applied to pre-
dict the reduction of non breaking (pulsating) wave forces but is too con-
servative when applied to breaking wave (impulsive) forces,  

(ii) short-crestedness may induce a pulsating force reduction (15 - 30% as 
compared to long crested waves) only for head-on waves ( = 0°),  

(iii) the theoretical force reduction factors suggested by Battjes (1982) for non 
breaking waves are too conservative for most practical caisson lengths. 

The new results on the breaking wave forces and impulsive loading (Vol-
ume IIa, section 5.3) have led to the following key results:  

(i) while for head-on-waves ( = 0°) no significant difference occur between 
long-crested and short crested sea with respect to the onset of breaking, 
for oblique waves (  0) less breaking waves are observed for short-
crested than long-crested sea;  

(ii) there are less breaking wave impacts for oblique waves than for head-on 
waves,  

(iii) the onset of breaking as well as the occurrence frequency and the severity 
of breaking wave impacts are strongly affected by the berm geometry,  

(iv) prediction formula has been developed for the impact force reduction as a 
function of the relative caisson length Lc/Lop for various angles of wave 
obliquity, including long-crested and short-crested sea (Fig. 1-29).  

For further details refer to Chapter 2 and Volume IIa, section 5.3. 
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Figure 1-29. Effect of caisson length on impact forces for normal and oblique short-crested and 
long-crested waves. 

 
These results will allow to quantify spatial variability of the impact force along 

the breakwater which generally result in a substantial force reduction as compared 
to the present conservative design approach based on the assumption that the im-
pact force calculated for a one meter long caisson will act unchanged over an infi-
nite length (spatially unlimited impact). 

1.3.1.5 Seaward impact forces induced by wave overtopping 

Overtopping waves plunging into the harbour basin behind the breakwater have 
been identified by wave flume tests and numerical modelling based on pressure 
impulse theory as the dominant mechanism generating impact loads directed sea-
wards (Fig. 1-30). The pressure-impulse distribution on the rear face and the bot-
tom slab of the caisson have been determined, showing the governing role of the 
entrapped air under the overtopping plume in the impact generation. 
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Figure 1-30. Seaward impact loading induced by wave overtopping. 

 
The improved physical understanding of the generation mechanisms which has 

been achieved by these results will allow to avoid in future design the seaward 
tilting failures which have been observed for many prototype breakwaters for ex-
cessive wave overtopping conditions during storms (Oumeraci, 1994). 

1.3.1.6 Artificial neural network modelling of wave force 

Taking the opportunity that large data sets from hydraulic model tests performed 
by several institutes are available, Artificial Neural Network (ANN) Modelling 
has been performed to improve the prediction of horizontal pulsating wave forces 
(van Gent & Van den Boogaard, 1998). The ANNs predicted results depict indeed 
a better agreement with the measurements then the standard Goda method which 
clearly underpredicts the wave forces (Fig. 1-31). 
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Figure 1-31. Comparison between ANN-modelling of pulsating wave forces and standard GODA's 
method. 

 
The results indicate that ANN-Modelling is a promising tool for the interpreta-

tion of experimental data, as well as a complementary prediction tool for design 
purposes. Moreover, a new technique has also been developed to quantify the re-
liability intervals of the predicted ANN-outputs, thus making ANN-modelling 
also readily applicable for probabilistic analysis (see also Chapter 5). 

1.3.1.7 New prediction formulae for pulsating wave forces on perforated caisson 

breakwaters 

Due to the better performance of perforated wall structures in terms of wave re-
flection, overtopping, load reduction and environmental impact, the use of perfo-
rated caisson is expected to increase more than that of plain wall caissons struc-
tures. Therefore, comprehensive laboratory and field studies have been performed 
by a group of three laboratories towards an improved physical understanding of 
the hydraulic performance and a better prediction of the pulsating wave loads. 
This research has been based on  

(i) two case studies, Dieppe West Breakwater (Seine Maritime/France) and 
Porto Torres breakwater (Sardinia/Italy), including prototype measure-
ments and small-scale model tests for both breakwaters and  

(ii) a basic large-scale model study on perforated wave screens and perforated 
caisson breakwaters with one and multiple wave chambers.  
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The overall research strategy for perforated structures is schematically illus-
trated by Fig. 1-32. 

 

 

Figure 1-32. Research strategy for perforated structures. 
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Different approaches have been used at three laboratories to predict the pulsat-

ing wave loads on perforated structures (Fig. 1-33): 
(i) Indirect method based on reduction factors for the wave height at the struc-

ture resulting from lower reflection. The reduction factor Kr which is ex-
pressed as a linear function of the relative width of the wave chamber (B/L) 
is applied to the wave height which then represents the input into the GODA-
formulae for the prediction of the pulsating wave loads for plain wall struc-
tures. This method has been applied to Porto Torres breakwater (Fig. 2-40) 
and has been found to be slightly more conservative for B/L < 0.25 than the 
simpler method which consists in calculating the reduction factor Kr directly 
from the reflection coefficient Cr of the structure (Kr = (1 + Cr)/2). 

(ii) Indirect method based on reduction factors of the wave loads as calculated by 
the GODA formulae for plain walls (Takahashi, 1996). A substantial im-
provement of the Takahashi method has been achieved by the introduction of 
a new phase lag factor  which describes the phase delay between the resul-
tant wave forces Fp on the perforated wall and the resultant force Fr on the 
plain back wall and which allows to calculate directly the total wave force 
Ftot on the caisson breakwater.  

(iii) Direct method based on a new total load factor FFtot = (d/B)2/3 (H/L)-1 which 
describes the dimensions (depth and total width) of the chamber and the inci-
dent wave steepness. The derived empirical formula generally yields results 
showing that total force reductions in the order of 30% for a single chamber 
system and in the order of 50% for a three chamber system can be achieved. 
It is planned to extend this method by accounting for the variation of the 
berm geometry. 
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Figure 1-33. Approaches used to develop prediction formulae for pulsating loads on perforated 
structures. 

 
An improved understanding of the wave energy dissipation mechanisms and of 

the hydraulic performance has also been provided, showing that a substantial im-
provement of the hydraulic performance can be achieved by using multi-chamber 
systems instead of the traditional single chamber Jarlan breakwater. Moreover, 
the hydraulic performance remains at its highest level within the practical relative 
chamber width (B/L > 0.3), irrespective of the frequency range of the incident 
waves; i.e.the multi-chamber perforated caissons are much less selective in terms 
of wave frequency than the single chamber caissons. This represents a consider-
able improvement for practice. 

1.3.1.8 New wave load formulae for crown walls 

Based on prototype measurements on the crown wall of the Gijon Breakwa-
ter/Spain as well as corresponding small-scale and large-scale model tests a new 
method based on a discrimination between "dynamic" and "reflecting" pressure 
distribution has been developed for the prediction of wave loads on crown walls 
of rubble mound breakwaters (Volume IIa, section 6.2, Martín & Losada, 1998) 
(Fig. 1-34).  
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Figure 1-34. Research strategy for wave loads on crown walls. 

 
The new formulae which allows to calculate the pressure distribution on the 

front wall and the bottom slab are based on the run up height and the Iribarren 
number as well as on the evaluation of two empirical coefficients, one describing 
the "dynamic" pressure and the other one the "reflecting" pressure. The first pa-
rameter is essentially governed by the relative berm width (Bb/Lp) while the sec-
ond one is determined by the local incident wave steepness (Hi/L), as well as by 
the relative berm width. In addition, the uplift pressure distribution depends on 
the relative width of the crown wall (Be/Le) and on the porosity of the berm. 

The results of these studies, which will go on even after MAST III, represent 
the first attempt to develop complete design formulae for crown walls on the basis 
of prototype measurements, small and large-scale model tests. 

1.3.1.9 Development of wave load formulae for High Mound Composite Break-

waters 

High Mound Composite Breakwaters (HMCB) are rubble mound structures with 
a concrete superstructure which is smaller than a caisson of a traditional compos-
ite breakwater, but larger than a crown wall of a traditional rubble mound break-
water. This old concept has been used in the last century, for instance in Cher-
bourg and Alderney. Recently, this old concept has been rediscovered and further 
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improved in Japan where it is particularly used for the protection of artificial is-
lands. The improvement consists essentially in providing an innovative slit wall 
superstructure, thus ensuring a considerable reduction of wave reflection (30%), 
wave load (horizontal: 50%, uplift: 30%), wave overtopping (30-90%) and splash 
height (70%) as compared to the older concept using a common plain wall super-
structure. Since there are basic differences in the way a HMCB-structure works as 
compared to traditional composite caisson breakwaters and crown walls, the wave 
loading is also different. 

Therefore, it was necessary to develop new design formulae for the wave load-
ing and the hydraulic performance of these new types of structures. 

For this purpose, large-scale model tests were performed within two joint spe-
cific projects

1
 outside PROVERBS. However, the data were also further analysed 

for PROVERBS in order to derive generic prediction formulae for this type of 
structure. Therefore, the research strategy briefly summarised in Figure 1-35 was 
adopted.  

 

                                                      
1 jointly supported by Port and Harbour Research Institute (PHRI)/Yokosuka and Leichtweiß-Institut (LWI) for 

the project on wave loading and structural response and by Civil Engineering Research Institute (CERI)/Hok-
kaido for the project on wave overtopping and splash reduction (Oumeraci et al., 1997 and Oumeraci et al., 
1998) 
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Figure 1-35. Research strategy for high mound composite breakwaters and large-scale model tests in 
GWK. 
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Based on the experimental results, new formulae were developed for the hy-

draulic performance (Muttray et al., 1998) as well as for the horizontal and uplift 
loads (Volume IIa, section 6.3). These results are very important as they substan-
tially supplement the PROVERBS parameter map (Fig. 1-23) by providing a new 
class of monolithic structures for which neither the prediction formulae developed 
for a crown wall nor those developed for a traditional composite caisson breakwa-
ter can apply. 

1.3.2 Geotechnical Aspects (Task 2) 

Traditionally, the overall stability analysis of vertical monolithic breakwaters has 
been performed essentially for (i) sliding over the rubble foundation, and 
(ii) "overturning" around the heel, while the bearing capacity has only been ac-
counted for by comparing the stresses transmitted into the foundation by the wave 
load to a threshold value associated with the characteristic of the foundation mate-
rial (e.g. for rubble  500 kN/m2 (Goda, 1985)). This procedure is too simplistic 
and unrealistic in the sense that it completely ignores the actual physical proc-
esses involved in the dynamic structure-foundation interaction, like resonance and 
amplification, soil degradation due to repetitive loading, instantaneous and resid-
ual excess pore pressure effects, as well as further effects which may lead to many 
forms of bearing capacity failure in the rubble foundation or/and sub-soil, includ-
ing seaward failure (De Groot et al., 1996; see also Figs. 3-1 to 3-4). 

The design sequence from the perspective of a foundation engineer is sche-
matically illustrated in Figure 1-36. The technical basis to implement this design 
process has been developed in Task 2 of PROVERBS. For further details refer to 
Chapter 3. 
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Figure 1-36. Design sequence from the foundation engineer’s perspective. 
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The key results which have been achieved in Task 2 are summarised in Ta-
ble 1-2. 

 
Table 1-2. Summary of selected key results in Task 2 (Geotechnical Aspects). 

 KEY RESULTS DESCRIPTION, IMPORTANCE & FURTHER REMARKS 
1 Development of soil data 

base, including strategy 
for soil investigations 

 Soil data base developed by collection and analysis of 
available data at various laboratories as well as by per-
forming new experimental investigations within PROV-
ERBS, including related uncertainties. 

 Guidance for soil investigations required for feasibility 
and preliminary/detailed design levels, including dia-
grams and methods for interpretation of soil tests 
(Fig. 1-37). 

 The results will enhance the opportunity for a unified 
procedure for foundation design of breakwaters. 

2 Development and im-
provement of engineering 
models for the simulation 
of the dynamic response 
of the breakwater to wave 
impact loading 

 Various engineering tools have been developed/refined 
to simulate the swaying and rocking oscillatory motions 
(elastic models) and the permanent displacements related 
to sliding over the rubble foundation and the bearing ca-
pacity failures (plastic models). The required dynamic 
input parameters and the validation of the models have 
been obtained by means of large scale model tests, cen-
trifuge testing and sophisticated finite element simula-
tions and full-scale tests on breakwaters. 

 The elastic models are useful as they provide a first in-
sight into the load transmission mechanisms to the foun-
dation and can predict the dynamic load factor as well as 
the natural periods of oscillation of the structure-
foundation system.  

3 Understanding and pre-
diction of instantaneous 
pore pressure in rubble 
foundation (uplift forces) 
and in subsoil induced 
directly by cyclic wave 
pressure along seabed and 
rubble foundation bound-
ary and indirectly by the 
rocking motions of the 
structure subject to wave 
loading 

 Through combined hydraulic model testing, theoretical 
analysis, centrifuge testing and prototype measurements, 
supplemented by FEM-modelling a physical understand-
ing of the processes involved in the structure-foundation-
interaction have been achieved. 

 For the pressure in the rubble foundation various solu-
tions have been suggested to explain the observed devia-
tions from the commonly used triangular uplift pressure 
distribution along the bottom slab for both quasi-
stationary (non-impact) and non-stationary (impact) 
conditions. Possible maximum values of these deviations 
are also provided. 

 For the pressure in the subsoil the results have shown 
that in many cases undrained conditions can be assumed 
and that they may affect only a thin top layer of the 
foundation. Furthermore gas content in the subsoil is 
considerably important and the most critical situation is 
expected to occur only at the seaward and shoreward 
edge of the rocking caisson breakwater. 
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 KEY RESULTS DESCRIPTION, IMPORTANCE & FURTHER REMARKS 
4 Understanding and pre-

diction of the degradation 
(cohesive subsoils) and 
"residual" pore pressure 
(non-cohesive subsoils) 
induced by cyclic wave 
loading including their 
effect (reduction) on soil 
stiffness and shear 
strength 

 As in the case of instantaneous pressure an improved 
physical understanding of the most relevant phenomena 
has been achieved. Furthermore, design diagrams based 
on centrifuge modelling and FEM-simulations have been 
developed to predict the reduction of soil stiffness (shear 
modulus) and shear strength which are induced by ex-
cess pore pressure generated by cyclic wave loading. 

 For sandy subsoils the results have shown that there is 
no significant shear strength reduction for dense sands 
while this is critical only for relatively loose sand layers. 
A prediction formula to quantify this effect is therefore 
provided. 

 For clayey subsoils it is shown that the reduction in 
shear strength can be predicted by using the results of 
monotonic (static) undrained tests with a proper correc-
tion factor to account for cyclic wave loading. A design 
diagram to determine this correction factors as a function 
of the over-consolidation ratio and the loading condi-
tions has been developed. 

 In both sandy and clayey subsoils the shear modulus 
may be reduced by a factor of 2 as compared to its initial 
value. 

5 Formulation of Limit 
State Equations (LSEs) 
for the main foundation 
failure modes including 
among others: 
(i) sliding over rubble 
foundation  
(ii) bearing capacity in 
rubble foundation  
(iii) bearing capacity in 
subsoil 

 Simplified LSEs for relevant sliding and bearing capa-
city failure modes, including limitations (prescribed rup-
ture surface, explicit neglecting of dilation, limited num-
ber of rupture surfaces) 

 More sophisticated LSEs for detailed design which can 
identify the most unfavourable rupture surface and guid-
ance for the use of numerical modelling, including a 
warning notice on the limitations of the models (Bishop 
slip circle analysis and FE-models). 

 Assessment of conservatism of the commonly used 2D-
approach of rupture surface in bearing capacity analysis 
as compared to actual 3D-rupture surfaces (up to 40%). 

 Solution alternatives for stability analysis, including cu-
mulative effects and stepwise failure. 

6 Quantification of uncer-
tainties in soil data and 
models 

 Development of "operational fault tree" in order to pro-
vide an overview of all uncertainties associated with the 
input (soil) parameters, the models and the output pa-
rameters. 

 Uncertainties of soil parameters based on the various 
steps of the determination of these parameters are quanti-
fied for feasibility design levels, guidance is given for 
further design levels. 

 Model uncertainties are evaluated for the models de-
scribing the dynamic response, the instantaneous pore 
pressure, the degradation/residual pore pressure and the 
stability by performing several hindcasts of large scale 
model tests and prototype tests. 

 The quantified uncertainties can readily be used for fea-
sibility studies.  
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 KEY RESULTS DESCRIPTION, IMPORTANCE & FURTHER REMARKS 
7 Relative influence of de-

sign parameters on failure 
models (sensitivity analy-
sis), including guidance 
for design improvement 
and suggestions for non-
conventional foundation 
alternatives 

 Development of a combined parameter map for most 
relevant loading cases/failure modes combinations as re-
lated to design parameters for an example structure. 

 Development of general tendencies with respect to the 
most dominant parameters (eccentricity of dead load, in-
ternal friction angle etc) and to the most relevant failure 
modes (sliding along base, bearing capacity in subsoil 
etc) and verification of their validity for further struc-
tures. 

 The results have allowed to suggest several practical so-
lutions for design improvements, including non conven-
tional alternatives. 

 

1.3.2.1 Data base for design soil parameters 

A data base for design soil parameters and a detailed strategy for soil investiga-
tions at various design levels (Fig. 1-37) has been developed, including related 
diagrams for the estimation and interpretation of the required soil parameters as 
well as the associated uncertainties. Recommendations on how to reduce these 
uncertainties are also provided. 
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Figure 1-37. Strategy for soil investigations (very simplified representation). 
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The developed data base, including a user manual and a procedure for updating 

and management, represents an unique source for the reliability analysis and 
foundation design of vertical breakwaters. This is very valuable as the data are 
obtained by analysing all available results at various laboratories, by performing 
new experimental and numerical tests and by incorporating the offshore experi-
ence with respect to clayey subsoils. 

The wide use of this data base is expected to considerably stimulate the feed-
back from practitioners world-wide and to enhance the opportunity for a unified 
foundation design for coastal structures. 

1.3.2.2 Engineering “dynamic models” 

A number of engineering “dynamic models” have been developed, improved and 
implemented which are based on large-scale model testing (Oumeraci & Korten-
haus, 1994; Oumeraci et al, 1995; Kortenhaus & Oumeraci, 1997), prototype 
measurements at Genoa Voltri and Brindisi breakwater (Lamberti et al., 1998a,b) 
and numerical modelling using more sophisticated FE-Models (Hölscher et al., 
1998). In fact, hydraulic model testing of the structure and its foundation have 
shown that wave impact loading induces both oscillatory motions and permanent 
displacements (Fig. 1-38).  
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Figure 1-38. Effect of breaking wave impact on structure response  

 
This requires the development of models which can predict both kinds of mo-

tion as both can affect the stability of the structure and its foundation. In fact the 
repetitive wave impact loading may lead to degradation or/and cumulative per-
manent displacements which represent stepwise failures before the collapse of the 
structure will occur (Fig. 1-39).  

This means that the developed plastic models can reproduce the cumulative 
permanent deformations/displacements related to the sliding failure over the rub-
ble foundation as well as to the bearing capacity failure (rotational motions). In 
fact, the displacement/deformation induced by a single impact might be too small 
and non relevant for the overall stability, but the cumulative effect resulting from 
repetitive impacts may yield the ultimate collapse of the structure. The elastic 
models are rather used to predict the dynamic amplification effects of load trans-
mission into the foundation and to identify the most relevant oscillation modes, 
including their associated natural periods. 

Both elastic and plastic models have already been successfully applied to re-
produce some prototype failures (e.g. in Japan, Oumeraci et al., 1995) which oth-
erwise could not be explained by existing standard design formulae and proce-
dures. 
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a) Horizontal impact forces on caisson front

b) Oscillatory motions and permanent displacements
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Figure 1-39. Cumulative effect of repetitive impacts on breakwater stability.  
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1.3.2.3 Instantaneous pore pressures 

The instantaneous pore pressure generated in the rubble foundation and subsoil by 
direct wave action along the seabed and the rubble foundation boundary, as well 
as indirectly via the rocking motion of the structure subject to breaking and break-
ing wave loads, have been investigated by means of large-scale hydraulic model 
testing (Oumeraci et al., 1994, Kortenhaus, 1996) and an extensive hindcast in-
cluding theoretical analysis and FEM-calculations with non-stationary two phase 
flow (Hölscher et al., 1998). Field measurements at Porto Torres breakwater 
(Franco et al., 1998) have been analysed by means of stationary flow and FEM-
simulations. Extremely high positive and negative pore pressures have been ob-
served in the sandy subsoil during centrifuge modelling (Van der Poel & De 
Groot, 1997). 

 
For the pressure generation in the rubble foundation: 

(i) quasi-stationary processes due to non-impact wave loading have been identi-
fied and a number of possible phenomena have been suggested to explain the 
observed deviations from the commonly accepted triangular uplift pressure 
distribution along the bottom slab of the breakwater. Based on these results 
the prediction of the wave-induced uplift loading and seepage forces in the 
rubble foundation can be refined (see Figs. 3.13 and 3.14). 

(ii) non-stationary flow processes essentially due to breaking wave impacts 
which can reduce or increase the uplift force by a magnitude up to 30 % 
when the caisson is lifted up by breaking wave impact (Fig. 1-40). 
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Figure 1-40. Effect of caisson lift up by wave impact on uplift forces (test records for illustration 
only) 

 
For the pressure generation in sandy and silty subsoils undrained conditions 

(like for clay) are generally assumed so that the effect of wave pressure fluctu-
ations only needs to be considered in a thin top layer of the subsoil. Because of 
the contribution of negative pore pressure due to dilation, additional strength is 
mobilised in case of dense sand. For preliminary design it is recommended to use 
the results of undrained tests and to formulate the strength of sand/silt in terms of 
undrained shear strength. 

1.3.2.4 Degradation and residual pore pressures 

The degradation/"residual" pore pressure in the subsoils induced by the cyclic 
wave loads have been investigated with respect to the relevant physical phenom-
ena and to predict their effect on the reduction of soil stiffness and shear strength. 
Design diagrams for this purpose have been developed on the basis of centrifuge 
testing and FE-modelling (Volume IIb, Chapter 5, Zwanenburg & De Groot, 
1998). The basic differences in the behaviour of clayey subsoils (undrained dur-
ing a series of storm) and sandy subsoils (partial drainage during a storm) subsoils 
as well as the relative role of "precycling" (loading by smaller storms prior to de-
sign storms or by smaller waves prior to design wave) have been examined for 
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both soil types, showing that the beneficial effect of “precycling” should be ac-
counted for. 

For sandy subsoils a prediction formula to quantify the shear strength reduction 
of relatively loose layers is provided (Eq. 3-29). 

For clayey subsoil a design diagram for the correction factor which accounts 
for the cyclic wave loading when using the results of monotonic (static) undrained 
tests to predict shear strength reduction is provided for various over consolidation 
ratios and loading conditions (Fig. 3-17). With regards to the shear modulus a re-
duction in the order of half of the initial value has been found for both types of 
subsoils. 

1.3.2.5 Limit state equations 

Relatively simple Limit State Equations (LSEs) have been formulated for the 
main sliding and bearing capacity failure modes during wave crest (shoreward 
failures) and wave trough (seaward failures). The limitations of these simplified 
LSEs are discussed; further more refined LSEs based on upper bound theory and 
optimisation procedures which allow to overcome these limitations are suggested 
for preliminary and detailed design. Finally, numerical modelling (Bishop slip 
circle analysis and more sophisticated FE-Modelling) is recommended for pre-
liminary and detailed design, including guidance on the use of these models and 
their limitations. 

The results not only illustrate the comparison of the hierarchy of models devel-
oped for various design levels but also show the conservatism of the common as-
sumption of 2D-rupture surfaces in bearing capacity calculations as compared to 
the actual (3D) rupture surfaces. This effect strongly increases with the 
depth/lenght ratio of the rupture surface. Consequently, it is relevant for deep rup-
ture surfaces if the loading out of a limited length as is usual with wave impacts. 
Then, overestimations of the soil resistance up to 40 % are possible, which 
strongly increase with the depth/length ratio of the rupture surface. On the other 
hand, solutions are shown on how to perform stability analysis in the case of cu-
mulative effects and stepwise failure (Volume IIb, Chapter 6). 

1.3.2.6 Uncertainties 

The possible uncertainties of soil parameters and of the models are first surveyed 
by means of a new "operational fault tree" providing a clear picture of the input 
parameter, models and output parameters. Based on the various steps required to 
evaluate soil parameters, the associated uncertainties are quantified (Table 3-1) 
which can be readily used for a feasibility study. Using numerical modelling to 
hindcast prototype measurements and large-scale model tests, the model uncer-
tainties have also been quantified (Table 3-2) which can be used for a feasibility 
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study. Guidance is then provided for the determination of uncertainties required 
for higher design levels. 

1.3.2.7 Influence of design parameters on failure modes 

The relative influence of design parameters, load parameters and soil strength pa-
rameters on the failure modes has been investigated for structures on a thin bed-
ding layer and coarse grained subsoil under pulsating waves. This has been done 
in order to identify general tendencies related to the most relevant failure modes 
and the most relevant parameters which are worth to be varied in the design proc-
ess. For this purpose, a parameter map has been developed combining most rele-
vant loading case and failure modes as related to the design parameters. It is 
found that the most relevant parameters which essentially determine the type of 
failure modes are the relative eccentricity of the dead weight ((ec/Bc), the angle of 
internal friction of the subsoil and the relative wave height Hsi/hs. The validity of 
the obtained tendencies has also been examined for further specific cases like 
high rubble foundation, fine grained subsoils and wave impact loading. 

Based on the results on these detailed sensitivity analyses, several possibilities 
are suggested for design improvement, including a range of "optimal" eccentrici-
ties, optimal distribution of structure volume above and beneath still water level, 
enlarging the rubble foundation, non-conventional constructional alternatives like 
skirts, etc. (see Chapter 3). 

1.3.3 Structural Aspects (Task 3) 

Beside the hydrodynamic and the soil mechanic aspects, the coastal / harbour en-
gineer has also to consider the structural design aspects. Figure 1-41 schemati-
cally illustrates the design sequence from a structural engineer’s perspective. For 
further details refer to Chapter 4. 
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Figure 1-41. Design sequence from a structural engineer's perspective. 

 
In addition to the soil mechanics aspects mentioned above and in Chapter 3, the 

structural engineer has to consider further geomechanical factors like  
(i) the unevenness of the foundation to avoid the rupture of the base slab and 

the misalignment of the caissons,  
(ii) the sand fill of the caisson to calculate the internal earth pressure on the 

caisson walls,  
(iii) the gravel filled pocket between caissons (shear keys) to provide load 

sharing by friction without excessive precision requirements for caisson 
alignment. 

The key results within Task 3 are summarised in Table 1-3.  



General Introduction   63 

63 

 
Table 1-3. Summary of selected key results in Task 3 (Structural Aspects). 

 KEY RESULTS  DESCRIPTION, IMPORTANCE & FURTHER REMARKS 
1 Identification of defi-

ciencies of existing 
codes of practice and 
development of new 
approach and frame-
work for future codes 
related to structural de-
sign of cellular caissons 

Deficiencies: (i) Lack of guidance for wave loads & load com-
binations for ULS & SLS, (ii) No guidance on tolerable defor-
mations/displacements, (iii) Lack of harmonisation for safety 
levels, (iv) Safety factors only based on experience or/and 
semi-probabilistic approach 
 
Implications: Since no single existing code can readily be ap-
plied for the structural design of caisson breakwaters and a 
peacemeal approach by assembling parts of various codes is 
not appropriate, a new approach to account for maritime as-
pects in the existing codes has to be developed. 
 
Future codes: Most focus on the specification of wave loading 
according to Eurocode framework (characteristic, design and 
combined values associated with frequent, quasi-permanent 
and accidental conditions) and on a unified framework to avoid 
inconsistencies between codes. This is achieved through the 
introduction at the last stage of the analysis of a single model 
factor for both actions and resistances which depends on model 
uncertainties, required safety level and design life. 

2 Structural behaviour of 
floating and towed 
caissons during pre-
service conditions 
(transport & placing) 

Floating and towing phase: 3 failure modes: (i) instabilities due 
to severe motions, (ii) cracking of concrete (durability) and (iii) 
plate collapse. 
 
Sinking and placing phase: 2 failure modes: cracking and plate 
collapse, both due to uneven foundation. The full structural 
probabilistic analysis developed for each failure modes, incl. 
associated target reliabilities builds a framework for further 
research and for drafting design guidelines. 

3 Identification of most 
relevant in-service fail-
ure modes and formula-
tion of associated limit 
state equations 

 Analysis of role of all structural caisson members with re-
spect to load transmission up to the foundation 

 The results have shown that: 
- Multi-cell caissons are highly redundant structures 

with many load paths 
- simple models based on structural behaviour of indi-

vidual members can and must be used for preliminary 
design before using more refined full 3D-dynamic 
analysis. 
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 KEY RESULTS  DESCRIPTION, IMPORTANCE & FURTHER REMARKS 
4 Development and use 

of more refined models 
for in-service structural 
behaviour to assess un-
certainties and perform 
full structural dynamic 
analysis. 

Development & comparison of results of three hierarchical re-
fined models for a case study (Genoa Voltri Breakwater): 
 linear 3DoF model (three degrees of freedom) 
 non-linear shell FEM (layered shell finite element model) 
 3D-FEM (full three dimensional continuum finite element 

model), incl. caisson pre-processor 
The results have shown among others that: 
 prior to performing non-linear analysis, linear models 

should first be used to provide a first insight into load 
transmission mechanisms. 

 Depending on structural model used the bending moments 
induced by wave impacts on a front wall may differ by a 
factor of two. 

 3D-FEM analysis is recommended for calculation of direct 
stress, bending moment and shear forces in a member. It 
also well illustrates the progressive transmission of pres-
sure pulse through the structure into the foundation. 

5 Durability of reinforced 
concrete caissons in the 
marine environment 

 Analysis of possible consequences of cracking, onset of 
corrosion and progressive material degradation 

 Formulation and implementation of limit state functions 
for cracking during pre-service and in service conditions 
and for the onset of corrosion. 

 The results are also relevant for the development of moni-
toring, inspection and maintenance programmes. 

 
In the following these results are discussed with regards to their importance for 

practice and further research.  

1.3.3.1 Analysis of existing codes 

The detailed analysis of the existing codes relevant for structural design of rein-
forced concrete caisson breakwaters has enabled to develop a new approach to in-
clude the missing maritime aspects in the existing codes (e.g. Eurocodes) without 
significantly rewriting these codes. This approach is based on a strategy towards 
separation of the treatment of uncertainties: the "at source PSF" for actions and 
materials are applied directly from Eurocodes (materials) and suggested alterna-
tives (actions) without any consideration of limit state function (Fig. 1-42a) while 
a new approach is developed for PSF (Partial Safety Factor) related to model un-
certainties (Fig. 1-42b). 
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Figure 1-42. Suggested approach to include maritime aspects in structural design (Eurocodes). 
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Based on the general Eurocode format and the new approach shown in  

Figure 1-42 a unified framework for the development of a code for the structural 
design of caisson breakwaters, including perforated structures has also been sug-
gested (Volume IIc, Chapter 2) which accounts for all safety aspects and ensures 
consistency between the existing codes through the introduction of the model fac-
tor concept as illustrated in Figure 1-42b. These results will certainly be very use-
ful to supplement the related Eurocodes as well as the related national codes of 
practice. 

1.3.3.2 Pre-service failure modes 

Pre-service loading cases and failure modes might in some circumstance be even 
more relevant than those under in-service conditions. Therefore, a systematic 
structural analysis for such pre-service conditions had to be developed. This has 
been achieved for the first time in PROVERBS - even within a full probabilistic 
framework (Volume IIc, Chapter 3), although only the most relevant loading 
cases and failure modes have been considered in the structural analysis 
(Fig. 1-43). 

 

Loading & Failure Modes of
Floating & Towed Caissons

During Pre-Service Conditions

Sinking & Placing Phase
(most critical)

- Accidental sinking of caisson leading to
disturbance of foundation and collapse

- Collision with adjacent caissons due to
severe motions (swell)

- Uneven ballast loading leading to
cracking / collapse

- randomly uneven foundation leading to
cracking (durability) and collapse, incl.
misalignment of caissons

Floating & Towing Phase

- Instabilities due to severe motions caused
by wind, waves, towing, incl. hydrostatic
pressure & gravity forces

- Collision of caissons with ground and
other objects

- Cracking of concrete induced by torsional
& further stresses (durability)

- Collapse of caisson walls & slabs due
to bending & further moments

 

Figure 1-43. Structural analysis of caisson breakwaters during construction. 

 
For the floating & towing phase, a structural probabilistic analysis has been 

developed for three failure modes, including the associated target probability Pf
t 

of failure: (i) instabilities due to severe motions with Pf
t = 0,001 (t = 3,0), 
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(ii) cracking with and Pf
t = 0.07 (t = 1.5) and (iii) plate collapse with Pf

t = 0.001 
(t = 3.0). In the dynamic load analysis wave pressures, heave motions due to 
swell as well as roll motions due to wind, waves, towing and manoeuvring opera-
tions are considered. 

For the sinking and placing phase, the analysis has been conducted for the two 
failure modes induced by uneven foundation: (i) cracking with Pf

t = 0.07 (t = 
1.5) and (ii) plate collapse with Pf

t = 0.001 (t = 1.5). 
The used models vary from simple formulae to sophisticated FE-analysis. The 

results build a framework for further research and a technical basis for drafting 
design guidelines. 

1.3.3.3 Loads for in-service conditions 

The loads required for the structural analysis for in-service conditions have been 
specified, including permanent loads (dead weights & reaction of foundation), 
variable loads (pulsating and impact loads) as shown in Figure 1-44, and acciden-
tal loads (vessel impact during berthing operation, falling masses during cargo 
handling and seismic loading). 

 

hF (x,y,z,t)

uF (x,y,z,t)

Horizontal wave
pressure (impact
and non impact)

Uplift pressure
impact and non
impact)

oF (x,y,z,t)

Slamming on top slab
due to overtopping

 

Figure 1-44. Spatial and temporal pressure distribution of pressure relevant for structural analysis of 
caisson breakwaters during in-service conditions 
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The results have highlighted the relative importance of the loading cases and 
identified the areas where further research is needed (e.g. slamming on top slab 
and impact loads). 

1.3.3.4 In-service structural failure modes 

The most relevant in-service structural failure modes have been identified (see 
Fig. 4-4 and section 4.6.2) and the associated simplified limit state equations for-
mulated (section 4.8). Most important is the analysis of the role of each of the 
eight structural members of a multi-cellular caisson in the load paths (front wall, 
rear wall, side walls, internal stiffness cross-walls, base slab, top slab, crown wall 
and shear keys) which is necessary to understand the transmission of the wave forces 
through all these members to the foundation and to identify the simplest possible 
idealisation for the four ultimate limit state equations based on beam and slab analo-
gies (flexural failure, shear feature, flexural cracking and chloride penetra-
tion/corrosion). These results enables to use simple structural models based on the 
behaviour of the individual members for preliminary design and to get a first insight 
into the load transmission and structural behaviour before embarking into more so-
phisticated FE-models for full 3D dynamic analysis. 

1.3.3.5 Hierarchy of refined models 

A hierarchy of refined models has been developed and used for an example struc-
ture (Genoa Voltri Breakwater) subject to an impact loading in order to examine 
the relative capabilities and limitations of the different models and the possible 
uncertainties when using the simplified approach based on the structural behav-
iour of individual members (beam analogy). In addition to the conclusions men-
tioned in Table 1-3, the results have also shown that an equivalent static structural 
analysis of the front wall is reasonable only for moderate and longer impact dura-
tions (td >> 0.01 s) and that very often the short duration impact (td < 0.01 s) are 
the most critical for the structural response of the caisson members. Furthermore, 
it is clear from the results that it is now possible to analyse the effect of non-
linearity of soil, of the loss of contact of the base slab with the foundation during 
rocking, of the reduced reinforcement and softened concrete (corrosion!). The re-
sults have also highlighted the urgent tasks for future research in modelling fluid-
structure interaction and the quantification of uncertainties in structural model-
ling. 

1.3.3.6 Durability of reinforced concrete members 

The durability of reinforced concrete members in the marine environment has first 
been put in the related context of understanding the structural consequences in or-
der to avoid the common confusion as to the real significance of cracking of rein-
forced concrete members. The results have shown that the consequences of con-
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crete degradation is closely tied to the location of the structural frame which gov-
erns the effect on the failure of the structure (Fig. 1-45).  

 

Chloride ingress in zone x of
structure member y at depth z

(e.g. splash zone)

Small cracks due to earlier action in
zone x of structure member y at

depth z (e.g. splash zone)

Loss of bond, reduction in steel cross
section, loss of concrete cover at location (x, y, z)

Onset of corrosion at location (x, y, z)

Loss of caisson fill

Reduction of sliding safety
(misalignment of caissons)

Overall (sliding) failure
(collapse of structure)

Reduction / loss of serviceability of
superstructure (crane rail tracks, pipes,

vehicles access, etc.)

Progressive deterioration and local failure at location (x, y, z)
(weakened concrete cross-section / large cracks)

if no regular inspection &
repair provided

only if location of local failure
in structural frame is critical

 

Figure 1-45. Consequences of material degradation for a critical location of local failure in the struc-
tural frame and for the case without regular inspection and repair. 

 
For the prediction of concrete degradation limit state equations have been for-

mulated to describe chloride penetration/corrosion and cracking during pre-
service and in-service conditions. This will not only help to predict possible local 
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structural failures, but also to set up a proper strategy for monitoring, inspection 
and maintenance. 

1.3.4 Probabilistic Design Tools (Task 4) 

The key findings within Task 4 are briefly summarised in Table 1-4.  
 

Table 1-4. Summary of selected key results in Task 4 (Probabilistic Design Tools) 
 KEY RESULTS DESCRIPTION; IMPORTANCE & FURTHER REMARKS 
1 Development of meth-

ods for uncertainty 
evaluation and statisti-
cal description 

After the various sources and types of uncertainties have been 
identified and classified, including wave and soil parameters, con-
crete properties as well as the models for the load incl. implemen-
tation of Artificial Neural Networks for wave loading and stability 
calculations, methods have been implemented to account for these 
uncertainties in the LSEs. The adopted procedure can be extended 
later to account for Human and Organisation Errors (HOE). 

2 Evaluation of methods 
to select target reliabil-
ity 

Since the definition of a target reliability represents one of the 
most decisive and difficult tasks in probabilistic design, all the 
methods and techniques available are reviewed and analysed, in-
cluding code calibration and cost optimisation over life time. The 
most suitable methods for the class of structure, the limit state and 
the safety class considered are then identified and adapted to 
PROVERBS. 

3 Development of meth-
ods for economic op-
timisation 

A probabilistic method for economic optimisation which account 
for ultimate and serviceability limit states and maintenance over 
the life time of the structure has been developed and implemented 
to optimise caisson dimensions and height of rubble foundation. 
The developed procedure also allows to select the optimal target 
reliability on a rational and economic basis. 

4 Formulation of LSEs 
incl. uncertainties and 
fault tree analysis for 
most relevant failure 
modes 

The Limit State Equations (LSEs) have been formulated for hy-
draulic, geotechnical and structural failure modes (including 
cracking and outset of corrosion as well as transport and placing 
of caissons). The modular structure allows an update of the vari-
ous models and uncertainties involved, as well as of the associ-
ated knowledge related to the failure mechanisms and the interac-
tion between the failure modes. 

5 Development of a Par-
tial Safety Factor Sys-
tem (PSFS) 

A PSFS for the design of vertical breakwaters calibrated on the 
basis of the established full probabilistic framework has been de-
veloped and implemented for example structures. The PSFS ac-
counts for the uncertainties involved in the parameters and models 
associated with the considered Limit States, for the safety class, 
the type of limit state, the structure life time and the amount of 
information and control. 

6 Application to repre-
sentative structures 

A fictitious breakwater with a sandy bed layer (Easchel Breakwa-
ter), Genoa Voltri Breakwater as well as further three Japanese 
breakwaters were used as example representative structures to 
implement the developed probabilistic procedure. 

 
In the preparatory phase several detailed reviews and analyses of the available 

reliability methods have been performed in order to check their applicabil-
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ity/adaptation for vertical breakwaters and thus their involvement and further de-
velopment in the PROVERBS probabilistic design framework. This review and 
the subsequent results may also be very useful in the sense that they can consid-
erably help saving research and development efforts when adapting the reliability 
tools developed in PROVERBS to further classes of coastal structures: 
 Recommendations have been suggested for the methods to be used for time 

dependent/independent loads and strengths modelled by various stochastic 
variables/processes, including software packages (Van Gelder, 1997). 

 Guidance has been given on how to select the target reliability levels in close 
connection with stochastic models describing the uncertain quantities, the safety 
class, the class and consequences of failure, the type of limit state and further 
considerations like the basis of acceptable level of risk (social, personal or 
economic optimisation) (Sørensen, 1997). This guidance also includes a warning 
notice on  
- (i) the validity of target reliability levels suggested in the various codes which 

should always be connected with the related stochastic models and which do 
not include human and organisation errors and the related field of activities,  

- (ii) the interpretation of the probabilities of failure using First/Second 
Reliability Methods (FORM/SORM) which have only a nominal (not 
absolute!) character  

- (iii) the limitations of target reliability levels developed solely on economic 
optimisation. 

 Guidance has also been given to evaluate the uncertainties, including some in-
dications on how they affect the reliability: 
- (i) Inherent uncertainties: For periodic stationary processes which can be 

described by a probability density function a warning notice is included on 
the limitations of energy spectra to represent a wave climate at a site de-
spite the attractive advantage of spectral approaches (inherent uncertainties 
can easily be transferred by means of transfer functions). For non station-
ary processes, it is shown that in addition an autocorrelation-function is 
needed. The latter describes the persistence of the processes and is there-
fore important for serviceability limit state analyses. Suggestions are also 
given on the treatment of the uncertainties related to the joint occurrence 
of many random variables (wave height and period, wave height and water 
levels etc.) as well as those related to random processes in space. The limi-
tations of the description of the latter is shown to be essentially due to the 
lack of practical knowledge and information and illustrated by the example 
of soil parameters. 

- (ii) Model uncertainties: For the statistical model uncertainties it is shown 
that their description is essentially limited by the amount of data as well as 
by further slowly varying stochastic processes like sea level rise and in-
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crease of storminess caused by climate changes. For the physical model 
uncertainties, the limitations strongly depend on the actual source of un-
certainties (lack of a sound physical basis for empirical models and too 
simplified assumptions for theoretical models). 

- (iii) Human and Organisation Errors (HOE): Although most of experi-
enced failure cases are rather due to HOE, the mechanisms of HOE and 
their influence on reliability are still not well understood. The most critical 
HOE might be the omission of a relevant failure mode at the design or/and 
construction phase. HOE should be considered at each life cycle of the 
structure (design, construction, operation and maintenance phase). 

Finally, the importance of Bayesian approaches is stressed which allows to ac-
count for all uncertainties and their updating as more knowledge and more data 
become available. 

The developed probabilistic design tools can be based on the models which de-
scribes the hydrodynamic, geotechnical and structural aspects at different levels 
of detail: feasibility, preliminary and detailed design levels. They have the follow-
ing main advantages as compared to conventional design methods based on de-
terministic analysis: 
 They provide a systematic comprehensive framework to exercise engineering 

judgement in getting scope and priority of further studies and safety improve-
ments. This will also save time and money because the “hot spots” of the de-
tailed design studies can be identified at a very early stage. For instance a pre-
liminary probabilistic analysis conducted at an early stage of PROVERBS on a 
fictitious breakwater has shown that the contribution of some geotechnical 
failure modes to the probability of failure of the whole system was determinant 
and that accounting for wave impact loads considerably increases the probabil-
ity of failure. This allowed to particularly focus on these critical aspects in the 
research. These results compared to those of a probabilistic analysis using the 
models associated with a more detailed design levels have also shown that the 
probability of failure decreases with increasing level of detail of the design, 
thus confirming the strategy adopted in PROVERBS which is based on the de-
velopment of hierarchical models and analyses at different levels of detail: fea-
sibility, preliminary and detailed design level. 

 They allow to better account for inspection and maintenance schedule during 
the design process, thus leading generally to a less expensive design than con-
ventional deterministic design approaches when the costs are considered over 
the life time of the structure (Fig. 1-48). In fact, this allows to reduce the ex-
cessive costs for rebuilding damaged structures which may amount to more 
than twice the original construction costs for major failures, including down 
time costs. 



General Introduction   73 

73 

 They better help to achieve an optimal design over the life time of the structure 
consistent with Eurocodes and further national codes, i.e. without compromis-
ing reliability and without resulting in more costly design. An optimal design 
can hardly be achieved by conventional design since deterministic analysis can 
provide only two possible answers: either the structure will fail (Pf = 1) or not 
fail (Pf = 0) while probabilistic design can provide much more alternative an-
swers on the structure behaviour, thus making an optimal design more feasible 
(Fig. 1-46). 

 

DETERMINISTIC
ANALYSIS

PROBABILISTIC
ANALYSIS

PROBABILISTIC
DESIGN

For deterministic

For Uncertain

· Material Properties
· Geometric Dimensions
· Actions

· Material Properties
· Geometric Dimensions
· Actions

Math.

E
x

te
n

si
o

n
D

ec
is

io
n

DESIGN
OPTIMAL

P = 0...1f

P = 0 or 1f

How will the
structure behave?

What is the prob. P
that structure will behave

in a specific way?

What dimensions and properties are optimal?

f

OR

How large is P for an optimal structure behaviour?f

Formulation

Math.

Formulation

P = Probability of failuref

 

Figure 1-46. Conventional deterministic design vs. probabilistic design considered of structure life 
time. 

 
Moreover, the probabilistic approach also provides information on the penalty 

for a possible "underdesign" or "overdesign" in terms of total costs over the life 
time of the structure (Fig. 1-47) and as function of degree of deviation from the 
optimal design (target!). 
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Figure 1-47. Penalty for possible underdesign or overdesign 

 
The application of the developed design tools to the five representative struc-

tures illustrated in Figure 1-20, as well as to other example structures, have 
brought more light into the following aspects: 
(i) The range of failure probabilities Pf for breakwaters which are much higher 

than those commonly found for other civil engineering structures like 
bridges, dams etc. which have an annual failure probability of Pf = 10-7 
to 10-4 because human injury and loss of life is generally considered in the 
later case. 

 For the three Japanese breakwaters in Figure 1-20 failure probabili-
ties Pf = 0.037 to 0.28 have been determined, based on the assumptions of 
50 years design life time, strong subsoil and without performance of model 
tests for wave loading (Volume IId, section 5.3). Even for the Genoa Voltri 
breakwater (Fig. 1-20) which is considered as a typically rather safe break-
water, failure probabilities of Pf = 0.10 to 0.15 have been found for 50 years 
design life time (Volume IId, section 5.1).  

(ii) The relative importance of each failuire modes might differ from the deter-
ministic design approach and according to the design level adopted.  
Despite some slight differences there is a general agreement between the re-
sults of the five case studies (Fig. 1-20) in the sense that bearing capacity 
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failure modes including subsoil rupture surfaces are more relevant than the 
failure mode “sliding over the foundation” which has often been observed in 
prototype (Oumeraci, 1994). This is probably due to the fact that many bear-
ing capacity failures are associated with large horizontal displacements and 
only small rotational motions and settlements so that the apparently observed 
“sliding” in prototype has not been interpreted as a bearing capacity failure. 

(iii) The relative influence of the degree of sophistication of the models and the 
limit state functions used for the failure modes, i.e. the effect of the design 
level on the final probability. 
The results of the exercises on the fictitious Easchel breakwater have shown 
for instance that using simplified models at feasibility level and more ad-
vanced models at preliminary design level could lead to underestimation of 
the foundation strength in the range of 30% and 10%, respectively as com-
pared to using a more sophisticated finite element model. This confirms the 
conservatism of the lower design levels (Volume IId, section 5.2). However, 
this is not always true as has been shown in the case of Genoa Voltri (Vol-
ume IId, section 5.1).  

(iv) The relative effect of the various load and resistance parameters on the over-
all result. Most of the results show that the governing parameters are related 
to the wave loading and the associated uncertainties, and to a lesser extent 
also to the strength of the subsoil. 
Most crucial are the uncertainties related to (a) the calculation of the local 
design wave height from given deep water wave heights; and (b) the calcula-
tion of impact forces (Volume IId, section 5.2). However, also the uncertain-
ties associated with the pulsating wave loads are still important (Volume IId, 
Chapter 3).  
Using a modified Miche breaking criterion to account for irregular waves in-
stead of the Goda method to calculate the local wave height for the Easchel 
breakwater has led to failure probabilities which are 3-4 times larger for 
wave impacts and even an order of magnitude larger for pulsating loads. 
Considering impacts in addition to pulsating loads generally leads to larger 
failure probabilities. The differences are strongly dependent upon the model 
used to calculate the local wave height from given deep water waves and 
upon the model for impact loading. 

(v) The relative effects of the various parameters of the structure on the failure 
probability which allow to derive the best alternatives for design improve-
ment.  
For instance, the caisson width Bc, more specifically the relative eccentricity 
(ec/Bc) has been identified as one of the most important parameters which to-
gether with the angle of internal friction of the foundation soil and the wave 
height at the structure essentially decide about the actual failure mode (sea-
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ward/shoreward tilt) and about the type of bearing capacity failure. Further-
more, the weight of the superstructure has also been found to greatly influ-
ence the failure probability.  

1.3.5 Toward probabilistic risk analysis and management 

Conventional deterministic design methods implicitly recognise uncertainty, but 
generally react to it with extensive conservatism in the form of large safety factors 
and by using the calculation upon the worst predictable scenario. As a conse-
quence, seriously overdesigned structures often result (Fig. 1-48).  
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Figure 1-48. Conventional deterministic design and probabilistic design (principle sketch). 

 
Further, the existing structures are subject to an ageing process. Conventional 

deterministic design cannot rationally justify the continued serviceability / main-
tenance of these ageing structures, nor are they able to account optimally for 
maintenance in the design process. Global integration, increasing resource scar-
city and subsequent increasing competitiveness can no longer permit the over-
design and the lack of transparency in the structure performance over its design 
life time which both typically characterise conventional deterministic design ap-
proaches. PROVERBS has shown that probabilistic analysis represents a more ra-
tional and more transparent tool in the sense that it explicitly handles uncertainty 



General Introduction   77 

77 

and yields a safety improvement and an overall cost reduction by accounting for 
all relevant failure modes which might occur under pre-service conditions, as well 
as over the whole life time of the structure (Fig. 1-48).  

Probabilistic analysis is a transparent tool in the sense that it provides the best 
insight into relative contributions of various failure modes to the overall vulner-
ability and weaknesses of the structure and also allows to obtain the probability 
for the initiation of repair/maintenance as a function of service time. 

However, probabilistic analysis still has serious drawbacks which may be 
summarised as follows: 
(i) Stability analyses in the real engineering practice can vary for instance 

from quite sophisticated complex numerical modelling through simple ana-
lytical / empirical formulae to an almost entirely qualitative and judgement 
based procedure. The experience made in PROVERBS has shown that 
there is in fact a tendency to emphasise potential safety deficiencies for 
which quantitative models exist and underestimate those for which only 
qualitative knowledge is available.  

(ii) Probabilistic analysis explicitly provides just the information on how prob-
able (Pf) or improbable the failure of the structure is. The obtained failure 
probability Pf is then compared to a target value for decision-making. This 
technical issue of the safety process may not be sufficient or may not be 
understood by top decision-makers (finance, harbour authorities and own-
ers) who may be more worried upon the consequences of the failure and 
who are more familiar with risk concepts rather than with target reliabilities 
and design points.  

Therefore, probabilistic analyses should be extended to probabilistic risk analy-
sis and management (Fig. 1-49) in order to 
(i) promote a weighted emphasis on the relative importance of each potential 

failure modes, no matter whether or not it is amenable to quantitative 
analysis. This will help to avoid overlooking important issues simply be-
cause they may be difficult to address quantitatively.  

(ii) arguably and effectively enhance safety more than by any other method 
without sacrificing traditional safety concern, engineering judgement and 
qualitative knowledge. This improvement is not only based on technical is-
sues but also explicitly on an economic basis and a societal acceptance, be-
cause the consequences of failure can be expressed in monetary terms and 
the probable net value (NPV) difference between existing conditions and 
any proposed change can be calculated. 

(iii) manage the remaining risk by optimising the monitoring and maintenance 
strategies – and where personal injury and loss of life is expected also 
emergency strategies (Fig. 1-49). In fact, planned maintenance is generally 
much more economical than forced outages caused by failures. 
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(iv) bridge the gap between engineering and finance, since the expected values 
defined by risk (defined as the product of failure probability and expected 
damage costs) is a term already used in the financial community. 
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Figure 1-49. Probabilistic risk analysis and management. 
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1.4 CONCLUDING REMARKS AND PERSPECTIVES 

The integrated character of the research strategy which has been particularly pur-
chased in PROVERBS, as well as the multi-disciplinary research efforts to link 
together the hydrodynamic, geotechnical, structural and probabilistic design as-
pects represent a substantial departure from the existing, essentially empirical ap-
proach, and thus constitutes a very important step towards a largely rational disci-
pline. In this respect, the results will not only enable to lay down the scientific ba-
sis for authoritative design guidelines for coastal structures, but also constitutes a 
scientific platform for continuous improvements, even after completion of the 
MAST Programme. 

The process oriented research adopted in PROVERBS also provides a physi-
cally sound departure and scientific basis for the development of innovative alter-
native constructions which can fulfil technical, economical and ecological criteria. 

During the course of the project a number of candidate issues for future re-
search have been identified with regards to the hydraulic, geotechnical, structural, 
probabilistic and safety aspects. 

1.4.1 Hydraulic aspects 

Beside the development of numerical models and the generation of a large data 
base for hydraulic data, substantial improvements and major advances have par-
ticularly been achieved with respect to breaking criteria and wave load classifica-
tion (parameter map), wave impact loading and model scaling, seaward impact 
and pulsating wave loads, hydraulic performance and loading of perforated struc-
tures, wave loads of crown walls and innovative high mound composite breakwa-
ters, the damping effect of armour layers on impact and pulsating wave loads and 
on 3D-effects on wave loading of caisson breakwaters. Furthermore, the uncer-
tainties associated with the prediction models and the impact parameters have also 
been quantified. Despite the amount of new knowledge generated, much research 
work remains to be done with respect to the following items. 
(i) The parameter map for wave loading should be supplemented by models 

providing the probability of occurrence of each of the four loading cases as 
a function of the distributions of the input hydraulic parameters and the 
most relevant geometric parameters. For this purpose, more refined prob-
abilistic models for wave transformation up to the structure have to be de-
veloped. 
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(ii) For cyclic wave loading which is strongly needed for the treatment of fa-
tigue, progressive failure and durability, a concept of “design storm” simi-
lar to that used in offshore engineering, but more refined, should be worked 
out. 

(iii) For impact loading, further research should be directed towards improving 
the developed force-time formula and the occurrence frequency of impact 
with due consideration of the statistical distribution of the input hydraulic 
parameters as mentioned under item (i) above. Furthermore, a representa-
tive parametric time history of impact pressure distribution should be de-
veloped on the basis of the statistical force distribution and of the force his-
tory obtained from the force-time formula. It is also particularly important 
to obtain the local information on impact pressure required for structural 
dynamic analysis. 

(iv) For the scaling of impact loading, the empirical relationships obtained in 
PROVERBS for the evaluation of force correction factors when using 
FROUDE scaling should be refined on the basis of theoretical analysis, so 
that more simple and more generic formulae can be obtained for the correc-
tion factors as a function of the compressibility of the air-water-mixture. 
Practical guidance to assess the air-content as a function of the local condi-
tions and the resulting compressibility is also needed. 

(v) The results obtained from 2D-wave flume experiments and related numeri-
cal modelling of the impact loading towards the seaside induced by wave 
overtopping must be extended to account for 3D-effects. Moreover, the 
form of the overtopping plume including air entrapment for given waves 
and structure, the frequency of overtopping events and the associated pro-
portion likely to generate significant seaward impulse must also be ad-
dressed. The research should also include the distribution of pressure im-
pulse both over the rear face and beneath the bottom slab (uplift) of the 
caisson breakwater. A basic research project on this topic supported by the 
German Research Council (DFG) has just been initiated at LWI. 

(vi) A further refinement and extension of the achieved results on 3D-effects on 
wave impact loading is required by addressing more systematically the ef-
fect on the onset of breaking, the occurrence frequency, the severity and the 
spatial distribution of impact for a parameterised geometry of the structure 
and the foreshore, wave obliquity and short-crestedness. Support by theo-
retical analysis is also required to develop more generic and semi-empirical 
formulae to predict these effects. 

(vii) For perforated caisson breakwaters, it would be useful to bring the various 
approaches applied in PROVERBS for the development of load prediction 
formulae together into an unique procedure which will lead to an “univer-
sal” set of simple load formulae applicable to one chamber caissons as well 
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as to multiple chamber systems. The same should apply for the prediction 
of the hydraulic performance (reflection, overtopping, transmission). Indi-
rect methods based on correction factors, although very practical, have their 
inherent limitations since a plain wall and a perforated caisson work differ-
ently. 

(viii) For crown walls, a more generic set of simple load formulae (for horizontal 
and vertical forces) based on large-scale model tests as well as on theoreti-
cal analysis supported by numerical modelling and validated by prototype 
data should be developed on the basis of the empirical formulae derived in 
PROVERBS. 

(ix) Since the “High Mound Composite Breakwater (HMCB)” concept is basi-
cally different from the much smaller crown wall and the much larger com-
posite caisson breakwater, further research on this new type of structure is 
particularly needed on the refinement of the breaking criterion and the clas-
sification of wave loads which should also apply for various structure con-
figurations under random wave attack. The spatial and temporal pressure 
distribution on the superstructure (uplift and horizontal pressure) should 
also be made predictable. 

(x) Wave loading has yet been addressed without due consideration of the 
rocking motion of the structure. Future research should include this aspect, 
particularly for severe impact conditions where significant motions of the 
structure are expected (load-structure-interaction model). 

(xi) Wave overtopping has yet been investigated in terms of average and indi-
vidual overtopping rates. Because of the problem associated with the use of 
these quantities for the assessment of the structural and stability implica-
tions of overtopping, future research should rather be directed towards the 
full description of the detailed flow field of the overtopping water mass. A 
joint research project on this topic related to seadikes supported by the Fed-
eral Ministry for Research and Education, Bonn (BMBF) within the Kura-
torium für Küsteningenieurwesen (KFKI) has been initiated by LWI and 
UGE. 

1.4.2 Geotechnical Aspects 

Beside the generation of a unique soil data base and the development of numerical 
models, new knowledge and considerable improvements have been achieved with 
respect to the mechanisms responsible for geotechnical failures, their prediction 
and the associated uncertainties. This is particularly true for the dynamic response 
to impact and cyclic loading, the pore pressure development in the rubble founda-
tion and subsoil, the effect of the pore water flow generated in the foundation, the 
characteristics of the rupture surfaces, the relative effects of the various parame-
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ters on the stability of the foundation and alternative solutions to improve this sta-
bility. Despite these great advances and these systematic studies which are unique 
in the coastal engineering field there are still a number of items waiting for further 
research:  
(i) The very good experience made in the development of simple engineering 

“dynamic” models for sliding and rotational motions, including incremental 
permanent displacements, should be extended to the bearing capacity fail-
ure mode responsible for seaward tilting. More focus herein should be put 
on stepwise failure and the cumulative mechanisms leading to ultimate col-
lapse of the structure. Because of their relative importance for the outputs 
of the “dynamic” models the formulae to predict the soil stiffness and the 
added mass parameters may also be improved. 

(ii) Especially for extreme wave impact loading situations where the structure 
is subject to severe rocking motions the wave-structure-foundation interac-
tion must be fully accounted for in future modelling, because the loading is 
substantially affected by the motions of the structure (Fig. 1-50). In fact, 
ignoring this interaction would certainly lead to conservative results with 
respect to the wave loads (e.g. up to 30% for uplift force) that are transmit-
ted to the foundation. Furthermore, the effects of the induced flow at the 
structure foundation interface on the progressive degradation of the founda-
tion must also be investigated.  
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Figure 1-50. Wave impact loading of structure and foundation. 

 
(iii) Models for instantaneous pore pressures directly induced by wave fluctua-

tions in sandy and silty subsoil which are based on the assumption of in-
compressible pore water generally yields too optimistic results. Therefore, 
more information on gas content in prototype soils will be needed and in-
corporated into future models. Moreover, a reliable procedure to introduce 
the pore pressure along the potential failure surface is still required. 

(iv) Although rupture surfaces are generally three-dimensional in nature the 
models commonly adopted are based on the conservative assumption of 
2D-rupture surfaces. Detailed investigations are therefore required to refine 
and validate the approximate formula developed in PROVERBS to predict 
the 3D-effects. This is important because these effects might yield an in-
crease in soil strength up to 40%. 

(v) For the case of a breakwater on an undrained subsoil subject to a wave train 
of extreme high waves the soil strength should necessarily be described by 
a combination of the average component a and the cyclic component cycl 

of the shear resistance. However, a procedure on how this combination 
should be applied in stability analysis is still lacking (Volume IIb, Chap-
ter 5). 
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(vi) The forces and mechanisms responsible for seaward tilting of vertical 
breakwaters have been identified. Further detailed investigations to better 
understand and predict these forces and mechanisms are necessary. 

(vii) One of the most important alternative solutions suggested to improve cais-
son breakwater stability consists in providing a skirt foundation. Detailed 
investigations on the failure modes associated with this type of foundation 
would be required before adopting this technique which has commonly 
been used for offshore platforms. 

1.4.3 Structural aspects 

The studies on structural aspects of caisson breakwaters represent a first and 
unique contribution of its kind in the sense that no systematic investigations were 
performed before on this topic. Considerable advances have particularly been 
achieved on finite element structural modelling related to in-service failure 
modes, on the treatment of pre-service failure modes, degradation as initiated by 
chloride ingress and cracking. Moreover, criteria and requirements for a future 
unified code for structural design have been developed on the basis of a compre-
hensive analysis of the existing codes. Nevertheless, further research is still 
needed on the following items:  
(i) The suggested framework and approach for a unified code of practice 

should be verified by practitioners and committees which are in charge of 
code writing. 

(ii) A further extension of the structural analysis for pre-service conditions is 
needed to include further failure modes which have not been addressed in 
PROVERBS. Moreover, the use of models for fluid-structure-interaction to 
describe the structural behaviour of floating and towed caissons would also 
result in considerable improvements. 

(iii) Although PROVERBS has systematically improved the physical under-
standing of the most relevant processes which govern the structural re-
sponse of concrete caisson breakwaters, more verification with prototype 
data are still needed to better ensure that all relevant failure mechanisms 
have been addressed. 

(iv) Most of the approaches used to predict wave impact loading, like in 
PROVERBS, are based on the assumption that the impact load history is 
independent of the motions of the hit structure members. The results of 
large-scale model tests have shown that more research remains to be per-
formed on the interaction of waves and structure members. For this purpose 
much effort is needed to couple the computational fluid dynamic models 
and the finite element structural models. 
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(v) Since adaptive meshing techniques linked to structural optimisation algo-
rithms are emerging in finite element technology, careful use of these new 
advanced FE models by experienced structural engineers would be very 
useful to improve the quantification of the uncertainties associated with 
structural models. 

(vi) Because of the limited area subject to wave loads in real sea state along the 
breakwater longer caissons (over 100 m) might represent a proper alterna-
tive to substantially reduce the required caisson width. However, much 
work is needed to ensure that global bending and torsional stiffness are suf-
ficient to cope with the expected loads during towing and for in-service 
conditions (differential settlements). A further alternative to increase load 
sharing is the use of in-situ gravel filled pockets between two adjacent cais-
sons. This needs to be investigated because it also permits to avoid exces-
sive requirements related to caisson alignments.  

(vii) Since most of the structural failures during in-service conditions are pro-
gressive, the development of well-deviced programmes for permanent 
monitoring instrumentation based on the results of PROVERBS would be 
very useful in the sense that it will help not only to define a repair and 
maintenance strategy but also to develop optimal structures. 

(viii) Chloride ingress represents the most relevant process for durability of the 
reinforced concrete caissons in sea water. To use the prediction models 
suggested in PROVERBS the knowledge of the diffusion coefficient is re-
quired. However, no methods are yet available to estimate the diffusion co-
efficient based on material specifications. Moreover, a new generation of 
models need to be developed for the prediction of the stepwise degradation 
initiated by chloride ingress and accelerated by cracking until the ultimate 
collapse of the reinforcement and concrete members. 

1.4.4 Probabilistic aspects 

A complete framework for the probabilistic analysis and design (level II and III) 
of vertical breakwaters and similar monolithic structures subject to wave action 
has been developed and implemented on a set of five representative structures. 
This also includes the related probabilistic tools, prediction models and associated 
methods to quantify the uncertainties involved in the models and input parame-
ters. An optimisation procedure has also been developed to determine the target 
(or acceptable) probability of failure when loss of life is excluded and guidance is 
provided when human injury and loss of life are to be taken into account. More-
over, a partial safety factor system (PSFS) has been developed and calibrated on 
the basis of the full probabilistic approach. Nevertheless, there are still a number 
of topics candidate for further research:  
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(i) Extension of the probabilistic approach to include local morphologic 
changes (Fig. 1-51) when design formulae for scour will be available (pro-
spective results from MAS3-CT97-0097). 
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Figure 1-51. Effect of local morphological changes on breakwater stability. 

 
(ii) Although Human and Organisation Errors (HOE) generally represent a ma-

jor part of the uncertainties involved in the design process they have been 
omitted in PROVERBS, because they are too problem specific and because 
they can be accounted for afterwards in the probabilistic analysis. It would 
be useful to implement the suggested technique for this purpose and dem-
onstrate how it works on a specific case study. The main HOE sources to be 
considered are given in Figure 1-52.  
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Figure 1-52. Sources of human and organisation errors. 



88   Probabilistic Design Tools for Vertical Breakwaters 

88 

 
(iii) The prediction and probabilistic analysis of degradation and stepwise fail-

ures is of utmost importance to set up optimal programmes and strategies 
for monitoring, repair and maintenance as part of the design process. Fur-
ther probabilistic tools based on Bayesian decision methods need to be de-
veloped in order to specify the required monitoring instrumentation and 
procedure and to obtain the probability of the initiation of repair/main-
tenance as a function of service time. 

(iv) The reliability tools can be extended and further refined to address in more 
detail not only the design phase, but also other life cycles of the breakwater, 
including the construction phase, the operation phase and the maintenance 
phase and where necessary also the emergency phase. These extensions and 
improvements are particularly required as a departure basis for a further 
more important ultimate step: the probabilistic risk analysis and risk man-
agement framework (Fig. 1-53). 
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Figure 1-53. Probabilistic risk analysis and risk management framework (PRM) 
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CHAPTER 2 

Hydraulic aspects 

2.1 INTRODUCTION 

2.1.1 Objectives of Task 1 

Many port or coastal structures, including breakwaters, are formed with vertical, 
near-vertical or steeply sloping faces. The prediction of wave forces on such 
structures is complicated, and predictions of forces and pressures often have very 
high uncertainties. The simple prediction methods for pulsating wave loads by 
Goda, Ito and Hiroi generally predict average pressures up to about pav = 2gHs 
where Hs is the incident wave height. Studies under PROVERBS have however 
measured short duration pressures up to or greater than p = 40gHs, much higher 
than would be predicted by simple design methods. 

Problems due to wave impacts may appear comparatively small. Vertical break-
waters are massive structures, are unlikely to respond to very short duration impacts, 
and the incidence of failure is relatively low. Quays or sea walls are usually backed 
by fill, and do not fail in the direction of the principal wave loading. Unfortunately, 
recent failures of vertical breakwaters in UK, Japan and Italy have demonstrated that 
design methods are insufficient, and studies in UK and Germany have demonstrated 
that wave impacts may have considerable influence on loadings.  

The present stock of vertical breakwaters, many in Europe constructed after 
about 1830, are subject to continuing deterioration, so their safety reduces with 
time. In some areas, both sea levels and storminess have increased over the last 
10-20 years, and show every sign of continuing to reduce safety margins.  

Within PROVERBS, the primary objective of Task 1 is to supply essential data 
and prediction methods to Tasks 2-4 on hydro-dynamic loadings on vertical and 
composite structures. The second objective is to develop new prediction tools and 
data to be used more widely by consulting engineers, contractors, and owners in the 
analysis of performance and safety of such structures. Task 1 was divided into 
3 sub-Task areas: Field Measurements, Hydraulic model studies; and Numerical 
Modelling (see Chapter 1). 
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2.1.1.1 Technical progress 

Wave pressures have been measured on breakwaters at Gijon in Northern Spain, 
Las Palmas in the Canaries, Dieppe on the Channel coast of France, and Porto 
Torres in Sardinia. The measurements in the field reflect the complexities of real 
seas; provide supplementary information to the laboratory tests, and are intended 
to provide data for improved scale correction methods. Field measurement are 
very expensive and need many years of effort, so PROVERBS has linked with 
measurement campaigns supported by national funding. 

Hydraulic model tests have been used widely to measure wave forces, and/or 
wave pressures on sections of simple vertical or composite breakwaters. Most tests 
have been conducted in narrow 2-dimensional wave flumes with normal wave at-
tack, but some studies have also used large 3-dimensional wave basins with short-
crested and/or oblique wave attack. Much of the effort in the first year of the project 
was devoted to substantially extending the analysis of data from laboratory studies 
completed under national funding.  

This initial analysis confirmed that most wave forces under "pulsating wave" 
conditions on many structures were much as expected in simple prediction meth-
ods. But that analysis work also demonstrated that "wave impacts" against struc-
tures are also very important in the design of some structures. Previously felt to be 
only of very short duration, or very rare in occurrence, wave impacts have been 
shown to have caused failure in a number of breakwaters. The major results of the 
first part of the project have therefore been:  
 new methods to predict conditions that give rise to wave impacts, see exam-

ple parameter map in Figure 2-7; 
 methods to predict the magnitude and duration of impacting wave forces. 
Other results are standardised response parameter coverage and measurements; 

new data for the performance of perforated caissons; identification of effects of 
steep bed slopes; and new data on wave induced pressures in rubble foundations.  

2.1.2 Outline of overall design procedure 

The main problem to be addressed is to dimension a vertical breakwater, its struc-
tural elements, and its foundation to resist wave action and its effects, and to de-
liver required hydraulic performance. The main structure design problem is to di-
mension the caisson large enough to resist sliding or “overturning” forces, yet 
small enough to ensure optimum cost for performance. Historically this was 
achieved by deriving / using an equivalent sliding load, then configuring the cais-
son wide enough to generate sufficient resistance to sliding. Early studies in 
PROVERBS however demonstrated that impacts loads may cause damage or fail-
ure, so the effects of these loads must also be considered.  
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A number of different prediction methods for wave forces on vertical / compos-
ite walls have been developed under Task 1 of PROVERBS. For some responses 
or parameters, it is not yet possible to demonstrate that one particular method is 
more complete or more reliable than another. For such responses, it is therefore 
incumbent upon the user to apply the best alternative methods, and then use engi-
neering judgement and experience to decide which gives the most realistic result 
for the particular application considered. The approach taken here is therefore to 
identify each main method, and to define the parameters to be derived. In each in-
stance, the parameters that will be derived are shown against the right-hand mar-
gin of this note, see example below.  

2.1.2.1 Step 1: Main geometric and wave parameters 

Identify: 
 Water depth and bed slope in front of the structure (hs and ) 
 Width, height and slope of front of berm in front of wall (Bb, hb and m) 
 Crest freeboard above water level, height of caisson face (Rc and hf) 
 Equivalent berm width (Beq = Bb + (hb / 2 tan)) 
 Depth of water over the berm for design water level (d)  
 Obliquity of structure to (design) wave direction () 
It should be noted that some of these parameters may take different values for 

different water levels, for each of which the structure may need to be analysed.  
Identify design wave condition(s) given by Hsi and Tp taking account of wave 

shoaling and refraction, and of depth-limited breaking. Derive peak period wave 
length Lpi in the water depth of the structure, hs. Use Goda's simple breaking crite-
ria to calculate Hmax = 1.8Hs or Hmax.b, where the breaking wave depth hbreak is 
taken 5Hs seaward of the structure. 

[hs, m, Beq, d, , Hsi, Tm, Tp, Lpi, Hmax or Hmax.b ] 

2.1.2.2 Step 2: First estimate of wave force / mean pressure 

Use Hiroi's formula to estimate an equivalent uniform wave pressure pav on the 
front face over a wall height hf up to 1.25Hs above still water level, and hence the 
total horizontal force FHiroi: 

pav = 1.5wgHs  (2-1) 
FHiroi = 1.5hf w g Hs (2-2) 

 
Use FHiroi to give first estimate of breakwater width Bw to resist sliding assum-

ing no dynamic up-lift pressures, but including buoyancy, and friction  = 0.5. 
[pav, FHiroi, Bw ] 
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2.1.2.3 Step 3: Improve calculation of horizontal and up-lift forces 

Use Goda's method (see section 2.4.1) to predict horizontal and up-lift forces at 
1/250 level, FhGoda and FuGoda, and related pressure distribution. Wave pressures on 
the front face are distributed trapezoidally, reducing from p1 at SWL. to p2 at the 
caisson base. Above SWL. p = 0 at the notional run-up point at height *. Uplift 
pressures are distributed triangularly from the seaward edge to zero at the rear 
heel. 

 

 

Figure 2-1. Goda's wave pressures. 

 
The total horizontal force Fh (per m length of breakwater) is calculated by inte-

grating pressures p1, p2 and p3 over the front face. The total up-lift force Fu (per m 
length of breakwater) is given by Fu = 0.5 pu Bw. All of these values are calculated 
at 1/250 level when using Goda's method.  

Using the 1/250 value, and assuming a Rayleigh distribution, forces at various 
other exceedance levels may be estimated from the following ratios of Fi%/F1/250: 

Exceedance level Fi%/F1/250 
50% 0.33 
90% 0.59 
98% 0.77 
99% 0.84 
99.5% 0.90 
99.8% 0.97 
99.9% 1.03 [p1, p2, p3, pu, FhGoda, FuGoda, Fi% ] 



Hydraulic Aspects   5 

5 

2.1.2.4 Step 4: Revise estimates of caisson size 

Use both horizontal and up-lift forces FhGoda, FuGoda, to revise estimate of caisson 
width, assuming friction  = 0.6 or other given value. [Bw, revised] 

Use simple overtopping methods (see sections 2.3.1 to 2.3.2) to check crest 
elevation against required wave transmission or overtopping limits, and confirm 
or revise crest freeboard, Rc. [Rc, revised ] 

2.1.2.5 Step 5: Identify loading case using parameter map 

Calculate key decision parameters: 
relative berm height (hb* = hb/hs) 
relative wave height (Hs* = Hsi/hs)  
relative berm width, (B* = Beq/Lp.)  

Use these in parameter map (Section 2.2.2, Figure 2-7, Volume IIa, section 2.2) 
to determine loading case type.  

[Pulsating, Transition, Impact or Broken ] 

2.1.2.6 Step 6: Initial calculation of impact force 

If parameter map indicates “Slightly breaking waves” or “Impact loads”, then use 
Allsop & Vicinanza's method to calculate an impact force, Fh.A&V, again at 1/250 
level: 

 
Fh.A&V = 15 w g d2 (Hsi/d)3.134  (2-3) 

 
Use this simple estimate of impact force as a reference value (not for design) if 

Fh.A&V/FhGoda > 1.2  
[Impact force, Fh.A&V ] 

2.1.2.7 Step 7: Estimate Pi%  

Use the new method described in section 2.2.3 to determine Pi. Calculate a maxi-
mum breaking wave height, H99.6%bC, and significant (breaking) wave height HsibC, 
and derive estimate of Pi%.  

Note that HsibC is a fictional rather than measured parameter, and may differ 
significantly from breaking significant wave heights determined by other meth-
ods, see particularly Volume IIa, section 2.1, Weggel (1972), Owen (1980), Du-
rand & Allsop (1997).  

Use Pi% to decide loading case 
Pi% < 2%  Little breaking, wave loads are primarily pulsating 
2 < Pi% < 10  Breaking waves give impacts  
Pi% > 10%  Heavy breaking may give impacts or broken loads  

[Pi%, confirmation of Pulsating / Impacts / Broken ] 
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2.1.2.8 Step 8: Estimate impact force using Oumeraci & Kortenhaus' method 

If Pi% > 1%, use PROVERBS impact method (Volume IIa, section 5.1) to calcu-
late FhO&K. 

[FhO&K ] 
Compare FhO&K against FhA&V. If the difference is large, check that case is in 

range of the test data. If this is the case use FhO&K otherwise take most conserva-
tive approach to estimate FhImpact. 

[FhImpact ] 

2.1.2.9 Step 9: Estimate impact rise time 

Use PROVERBS impact method (Volume IIa, section 5.1) to estimate limiting 
impact rise times, tr. 

[tr ] 

2.1.2.10 Step 10: Estimate up-lift forces under impacts 

If step 7 gives impacts, use PROVERBS impact method (Volume IIa, section 5.1) 
to calculate uplift force, FuK&O.  

[FuK&O ] 

2.1.2.11 Step 11: Scale corrections 

If condition in step 6 and/or 7 is pulsating, scale FhGoda and FuGoda by Froude, ie 
scale correction factor of unity is applicable.  

If forces are impacts in steps 6 and 7, then use PROVERBS scaling method 
(Volume IIa, section 5.4) to:  

a) estimate aeration from level of Pi%;  
b) estimate attenuation of FhImpact from level of aeration;  
c) apply scale correction to FhImpact based on aeration-induced attenuation. 
d) scale rise time and impact duration, tr & td by duration correction. 

[Scale corrections to FhImpact, tr and td for impact conditions ] 

2.1.2.12 Step 12: Pressure distributions 

If condition in step 6 and/or 7 is pulsating, plot pressures calculated in step 3. 
If forces are impact in steps 6 and 7, then use PROVERBS method as indicated 

in Volume IIa, section 5.1.  
[Pressure distributions under impact conditions ] 
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2.2 WAVES AT THE STRUCTURE 

2.2.1 Wave conditions at the structure  

For the design of breakwaters, the main interest is related to sea state conditions 
giving large hydro-dynamic effects on the structures in terms of wave loads and 
wave overtopping. These conditions are most often caused by severe storms, al-
though it should be noted that swell from distant storms may cause worse re-
sponses for some processes. 

Waves are generated by wind fields over the sea offshore from the coast of in-
terest. In most cases the ratio of water depth to wave length in the generating area 
allows the approximation of deep water waves, i.e. the sea bed has no or marginal 
influence on the waves. The waves can then be defined solely by their surface 
elevations and the speed and direction of propagation of these elevations. In engi-
neering practice, it is more convenient to use wave heights, defined trough to 
crest. The history of surface elevations may then be divided using zero-down 
crossing to define individual waves given by height H and period T. 

 

 

Figure 2-2. Zero down crossing analysis of surface elevation record. 

 
Analyses of measurements as well as theory show that wave heights in deep 

water follow closely a Rayleigh distribution. There is however no generally appli-
cable statistical distribution for wave periods. Nor is there a general correlation 
between wave period and wave height as wave steepness (s = H/L) again depends 
on both the stage of wave generation during the storm history, and the location of 
interest relative to the wave field.  

Since deep water wave heights may be given by a single distribution, only one 
statistical value is enough to define the wave heights, usually the significant wave 
height. Any loading which may be related directly to wave height may be conven-
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iently described to the same exceedance probabilities, but for some responses it 
may be more useful to use lower exceedance probabilities, such as: 
Hs or H1/3   significant wave height given by the average of the largest 

1/3 of wave heights 
H1/250 mean of the 4‰ largest wave heights 
H2% or H98%  height exceeded by 2% of the waves, or not exceeded by 

98% 
H1% or H99%  height exceeded by 1% of the waves, or not exceeded by 

99% 
H1‰ or H99.9% height exceeded by 1‰ of the waves, or not exceeded by 

99.9% 
 
A single surface elevation record does not provide information on direction of 

wave propagation. This has to be estimated from knowledge about the wind direc-
tion if not measured by other techniques. 

By Fourier analysis of the surface elevation record a spectral presentation of 
the waves can be given. 

 

 

Figure 2-3. Spectral representation of surface elevation (one- dimensional). 

 
From the spectral moments any statistical value of the wave height and esti-

mates of wave periods can be derived. Denoting the moments of the spectrum by 
mn , where sub-index n refers to the order (for n = 0 m0 represents the area of the 
spectrum), we obtain for example for the significant wave height 

 
Hm0 = 4.0  m0 (2-4) 
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and for the mean wave period, Tm: 
 

Tm = m0 / m1      or       2 (m0 / m2 )  (2-5) 
 
where m1 and m2 are the spectral moments (first and second order) of the en-

ergy spectrum defined as follows: 
 

 dffSm 1  (2-6) 

 

 dffSm
2

1   (2-7) 

 
The shapes of deep water wave spectra have been standardised into main types. 

For growing seas, i.e. wave heights are limited by the fetch, the JONSWAP spec-
trum is generally applied. For fully arisen seas, i.e. where a balance between en-
ergy input from the wind and energy dissipation has been reached, the Pierson-
Moscowitz spectrum is generally applied. 

The ratio between the spectral peak period, Tp , and the spectral mean pe-
riod, Tm, depends on the shape of the spectrum. For wider spectra such as the Pi-
erson-Moskowitz, it may be initially assumed that: 

 
Tm / Tp  0.7 (2-8) 

 
And for narrow spectra such as JONSWAP, it may be initially assumed that: 
 

Tm / Tp  0.8-0.87 (2-9) 
 
A spectrum as exemplified in Figure 2-3 assumes that the waves are long-

crested, i.e. 2-dimensional with energy only propagating in one direction. In prac-
tice however, most wind generated waves are three-dimensional, so called short-
crested, with horizontal spread of energy around the mean wind direction. A 
spreading function D(f,) is then introduced. D(f,) is assumed dependent on both 
the direction of energy transport given by the angle , and on the frequency. The 
latter dependency is often disregarded. For the short-crested waves the spectrum 
is given by : 

 
S (f, ) = S (f) . D(f, )  (2-10) 

 
where S (f) is the one-dimensional spectrum. The spreading function D(f, ) 

can be defined in different ways. A commonly used definition is: 
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where various s values correspond to various degrees of energy spread as given 

in Table 2-1. 
 

Table 2–1. Relationship between spreading parameter s and standard deviation of . 

Standard deviation of  15 30 45 
S parameter 28 7 3 

 
A typical 3-dimensional wave spectrum is depicted in Figure 2-4. 
 

 

Figure 2-4. Example of 3-dimensional wave spectrum. 

 
For design purpose the long-term statistics of either the max. Hs-values in each 

storm or the individual wave heights are used. In order to establish long-term ex-
treme statistics for storms characterised by maximum values of Hs , it is necessary 
to estimate the largest Hs –values over a span of years. This can be done in vari-
ous ways depending on the available information. If long-term wave recordings 
are available, e.g. by accelerometer buoys, then uncertainty on single Hs –values 
will be small. If however only long-term wind statistics given as accumulated oc-
currence of wind speeds for interval directions are available, then estimates of Hs-
values must be based on fetch diagrams or on parametric formulations of the wave 
spectra in which wind speed and fetch length are included. Interpretation of dura-
tions of various wind speeds within single storms will be necessary, and estimates 
of Hs -values will be rather less certain. 
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If historical weather maps for meteorological conditions covering a longer span 
of years are available, then numerical models for wave prediction can be applied. 
Using modern advanced numerical models and reliable weather maps the uncer-
tainty on values of Hs will be reduced. 

The uncertainty on Hs can be implemented as a normal distributed multiplica-
tive stochastic variable FHs with mean value of unity. Typical values of the coeffi-
cient of variation VFs for FHs are given in Table 2-2, dependent on the method of 
estimation. 

 
Table 2-2. Uncertainty on Hs - estimates (after Burcharth 1991). 

Method of estimating Hs Coefficient of variation, VFs 

Accelerometer buoy, pressure or similar 
measurements 

Advanced numerical modelling based on 
weather maps 

Simplified prediction methods based on 
fetch diagrams 

5% 
 

5-10% 
 

10-25% 

 
Theoretical extreme distributions such as Gumbel and Weibull distributions 

may be fitted to the data, however derived. An example which illustrates the defi-
nition of the T-year return period value of the significant wave height Hs

T, (i.e. 
Hs

100 is the storm Hs –value which will in average be exceeded only once in 100 
years) is shown in Figure 2-5. 

 

 

Figure 2-5. Example of long-term statistics of storms given by the maximum Hs –values of the indi-
vidual storms. Basic data is estimates of the largest storm Hs –values in a 20 year period.  
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The statistical uncertainty due to the limited number of Hs –values and due to 

the scatter around the fitted theoretical distribution has to be taken into account 
when calculating the Hs –value corresponding to a certain exceedance probability 
within a certain period, e.g. the structure lifetime.  

The statistical uncertainty due to limited number, N, of Hs –values can be taken 
into account by considering the parameters in the theoretical distributions as un-
certain (stochastic) parameters. For example for the Weibull distribution given by:  
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where u is modelled as a normal distributed variable with coefficient of varia-

tion given by: 
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An example of long-term statistics for individual wave heights is illustrated in 

Figure 2-6. 
 

 

Figure 2-6. Example of long-term statistics of individual wave heights. 
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2.2.1.1 Near-shore wave transformation 

The methods of calculation of wave impacts on the structures discussed in this re-
port are based on the incident waves at the location of the structure, i.e. wave 
conditions as they will appear if the structure were not there. 

As the wave propagates from offshore into more shallow water, different wave 
transformations will take place. When the wave length to water depth ratio be-
comes so large that the sea bed influences the waves (usually when h/L < 0.5), 
then the waves start to shoal, reducing the wave length, but increasing the wave 
height. For waves that are oblique to the contours, they start to refract the direc-
tion of wave propagation to reduce obliquity between the wave fronts and the bot-
tom contours.  

Shoaling occurs when waves travel into water of decreasing depth and slow 
down. If wave energy is not dissipated, then the wave energy flux remains con-
stant, so the energy density of the waves, and hence the wave height, must in-
crease. The shoaling coefficient Ks may be predicted:  

 
Ks = 1 / { [ 1 + (2 k h/sinh(2 k h)] tanh(k h)) } (2-14) 

 
where the wave number is k = 2/L. 
Where waves approach the coast at oblique incidence, refraction may also be 

expected, where waves change their wave direction as they travel into shallower 
depths, and wave crests tend to align more closely with the sea bed contours. On a 
parallel contour coast with waves approaching at obliquity o, refraction will alter 
the wave direction to h in local water depth, h.  

 
sin h = sin o tanh (k h) (2-15) 

 
As well as altering the wave direction, refraction will change the energy den-

sity (and hence the wave height) of the incoming waves, generally a decrease in 
wave height, given by the refraction coefficient Kr:  

 
Kr =  {cos o / cos h } (2-16) 

 
In most practical cases, these two effects should be considered together, so the 

design wave height relative to the offshore wave height is given by: 
 

Hn / Ho = Kr Ks  (2-17) 
 
Graphical methods are available for the estimation of refraction and diffraction 

for regular waves, but for realistic sea bed topographies and wave conditions, the 
processes of shoaling and refraction become more complicated, and must be mod-
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elled by numerical models able to accommodate realistic bed forms and wave 
conditions. Such models should also include the process of wave diffraction 
around obstacles, particularly islands, headlands, or breakwaters.  

Where water depths become shallower, continuing shoaling of the waves, per-
haps assisted by refraction, will lead some waves to approach limiting steepness. 
Thereafter, any further increase will lead to wave breaking, and the attendant en-
ergy losses.  

2.2.1.2 Depth –limited breaking 

Wave breaking remains one of the phenomena which is difficult to describe 
fully in any mathematical way, in part because many of the process are not yet 
completely understood. The primary cause for breaking is that the wave steepness 
has reached the fundamental limit given for individual waves: 

 
(H / L)max = 0.142  (2-18) 

 
Wave breaking involves significant loss of energy and is not reversible. In shal-

low depths hs, wave heights may be strongly influenced by the degree of wave 
breaking, depending on the relative depth, hs/gTm

2, and the seabed slope, m. For 
very shallow bed slopes, usually taken as flatter than 1:100 or 1:50, it is often as-
sumed that a simple limit to the individual (maximum) wave height Hmaxb relative 
to local water depth hs may be given by:  

 
Hmaxb / hs = 0.78              for m < 1/50 (2-19) 

 
The simple empirical method by Owen (1980) supported by field data and ad 

hoc laboratory tests has suggested a limit for random waves on flat or shallow bed 
slopes:  

Hsb / hs = 0.55                 for m < 1/50 (2-20) 
 
The methods most frequently used in practical design calculations for coastal 

structures are those by Weggel (1972), Goda (1975) and Owen (1980). Weggel 
used regular waves to derive simple empirical expressions that are widely used to 
predict maximum wave heights in depth hs over a seabed of slope m:  

 
Hmax / hs = b / (1 + a hs /(gT2)  (2-21) 

 
Where  

a = 43.75 (1-exp (-19m))  (2-22) 
 
and  
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b = 1.56 /(1 + exp (-19.5m)) (2-23) 
 
Goda’s method for irregular wave breaking used Shuto's method instead of 

simple linear wave methods to give the shoaling coefficient Ks. For wave break-
ing where h/Lpo  0.2:  

H1/250 = 1.8 Ks Hso  (2-24) 
 
For h/Lpo < 0.2: 
 

H1/250 = min { (0* Hso + 1* h), max* Hso, 1.8 Ks Hso } (2-25) 
 
where: 

0* = 0.052 (Hso/Lpo)
-0.38 exp (20m1.5) (2-26) 

 
1* = 0.63 exp (3.8m) (2-27) 

and 
max* = max { 1.65, 0.53(Hso/Lpo)

-0.29 exp (2.4m) } (2-28) 
 
For cases where H1/3 rather than Hmax is needed, Goda suggested a similar 

method for H1/3.  
For h/Lpo  0.2:  

H1/3 = Ks Hso  (2-29) 
 
For h/Lpo < 0.2: 

H1/3 = min { (0Hso + 1h), maxHso, KsHso } (2-30) 
 
where: 

0 = 0.028 (Hso/Lpo)
-0.38 exp (20m1.5) (2-31) 

 
1 = 0.52 exp (4.2m)  (2-32) 

and 
max = max { 0.92, 0.32(Hso/Lpo)

-0.29 exp (2.4m) } (2-33) 
 
Noting that for steep bed slopes, waves may shoal substantially before breaking 

starts, Owen (1980) developed a simple method to provide first-estimates of the 
upper limit to the (significant) wave height Hsb in any water depth hs for each of 
five bed slopes. The original method was graphical, but polynomial equations 
were later fitted to the curves to give:  
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Bed slope breaking limit, Hsb/hs  
1/100 Hsb/hs = 0.58 - 2 (hs/ gTm

2) (2-34) 
1/50 Hsb/hs = 0.66 - 10.58 (hs/ gTm

2). + 229.2 (hs/ gTm
2)2  (2-35) 

1/30 Hsb/hs = 0.75 - 20.08 (hs/ gTm
2) + 479.2 (hs/ gTm

2)2  (2-36) 
1/20 Hsb/hs = 0.95 - 38.42 (hs/ gTm

2) + 895.8 (hs/ gTm
2)2  (2-37) 

1/10 Hsb/hs = 1.54 - 97.83 (hs/ gTm
2) + 2542 (hs/ gTm

2)2  (2-38) 
 
Owen’s method estimates the equivalent post-breaking wave height Hsb. This is 

not necessarily the wave height which would be obtained by direct measurement, 
but is designed to give the correct overtopping discharge as confirmed from 
physical model tests where significant wave breaking took place. 

Breaker index results from flume model tests with straight beds of slope 1:10, 
1:20 and 1:30 including comparison with various breaker index formulae are 
given in Durand & Allsop (1997). 

2.2.2 Use of parameter map  

A parameter response map for prediction of the type of wave loading on vertical 
and vertically composite breakwaters based on structure geometry and wave con-
ditions has been developed, Figure 2-7. This has been validated against a number 
of model data sets from HR, LWI, UE and UoN. 
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Figure 2-7. Parameter map. 
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The main parameters used in the parameter map for determination of the wave 
loading on the structure are the relative berm height, hb/hs, the relative wave 
height, Hsi/d, and the relative berm width, Beq/Lpi. The wave parameters Hsi and 
Lpi are determined in the water depth hs, and Lpi is determined by linear wave the-
ory. Geometric parameters Hb, Hs and d are defined in Figure 2-8. The equivalent 
berm width, defined halfway up the berm, Beq = Bb + hb/2tan. These parameters 
are based on the standard PROVERBS notation (Annex 1). 

Firstly the relative berm height, hb/hs determines the type of structure-whether a 
simple vertical wall, a composite structure with a low mound, a composite struc-
ture with a high mound or a rubble mound with a crown wall. 
 

 

Figure 2-8. Definition of geometric parameters. 

 
The relative wave height, Hsi/d, then determines whether wave impacts will oc-

cur, based on the depth of water at the toe of the caisson, which in the case of a 
composite structure will be the water depth on the berm. 

For high mound breakwaters (0.6<hb/hs<0.9) exposed to large waves 
(0.65<Hsi/d<1.3) a further sub-division is made, based on the relative width of the 
berm, Beq/Lpi,, where Beq is the equivalent berm width, defined halfway up the 
berm, Beq = Bb + hb/2tan. 

The parameter map indicates that wave impacts will occur for three categories 
of conditions: 
 vertical walls with large waves ( Hsi/d>0.35) 
 low mound breakwaters with large waves (0.65<Hsi/d<1.3) 
 high mound breakwaters with moderate berms (0.14<Beq/Lpi <0.4) and 

large waves (0.65<Hsi/d<1.3). 
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It is important to emphasise that if the structure is in relatively shallow water 
on a bed slope (m) shallower than 1:50, it is quite possible that many of the larger 
waves can break before the structure. The sea in front of the structure will be 
highly aerated and wave forces will be reduced. In this case the parameter map 
needs a procedure to identify broken or non-broken conditions at the structure. 

Using the shoaling and a modified Miche (1944) breaking criterion it is possi-
ble to predict a breaking depth (hbr): 

 

  








 


p

br
psobrssb

L

h
LHhkH

2
tanh093.0  (2-39) 

 
If the ratio between the breaking wave depth (hbr) and the water depth at the 

structure (hs) is greater than a “decision coefficient” br, it is possible that the 
structure is in the surf zone, that is many waves have broken before reaching the 
structure: 
 hbr / hs > br broken waves at the structure 
 hbr / hs < br back to the parameter map for the hydrodynamic condition at 

the structure 
The ideal value for the decision coefficient is br = 1.0, but analysis of breaking 

methods suggested that a safety factor should be applied. Initial analysis suggests 
that br = 1.2 may give reasonably safe results. 

2.2.3 Estimation of proportion of impacts 

A simple procedure has been developed within PROVERBS to give first esti-
mates of the likely percentage of wave impacts on a vertical or composite wall 
(Volume IIa, section 2.3). In this procedure, wave breaking is assumed to occur 
when, at the location of the structure, the incident wave height with exceedance 
probability of 0.4%, (H99.6) is higher than a breaker height Hbc calculated below: 

 
a) Identify geometric and wave parameters: 
 Water depth in front of the structure for design case(s) hs 
 Width, height and slope of front face of berm in front of wall Bb, hb and  
 Depth of water over the berm for design case(s) d 
 Effective or equivalent berm width  Beq = Bb + (hb / 2 tan) 
 

b) Identify design wave condition(s) given by Hsi and Tp taking account of effects 
on the local wave heights caused by refraction, and shoaling. Derive the peak pe-
riod wave length Lpi in the local water depth hs, solving: 
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Lpi = (gTp
2/2) tanh (2 hs/Lpi) (2-40) 

 
c) Calculate the wave height at breaking Hbc: 

 
Hbc = (0.1025 + 0.0217 C*) Lpi tanh (2 kb hs/Lpi) (2-41) 

 
Where 

C* = (1 - Cr) / (1 + Cr) (2-42) 
 

The empirical factor kb = 0.0076 (Beq/d)2-0.1402 (Beq/d) + 1 is illustrated in 
Figure 2–9 against the relative berm width Beq/d. 
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Figure 2-9. Influence of Beq/d on the mound parameter kb 

 
d) Values of Cr may be estimated for the particular structure combination: 

For simple vertical walls and small mounds, high crest Cr = 0.95 
For low-crest walls, (0.5 < Rc/Hsi < 1.0)  Cr = 0.8 + 0.1 Rc/Hsi 
For composite walls, large mounds, and heavy breaking Cr = 0.5 to 0.7 
 
It will be noted that there are still many uncertainties in the prediction of onset 

of breaking in front of vertical / composite breakwaters. It will generally be con-
servative to assume Cr = 1, in which case Equation (2-41) will reduce to: 
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Hbc = 0.1025 Lpi tanh (2 kb hs/Lpi) (2-43) 

 

 

Figure 2–10. Breaking curve (Eq.2-43) and measured values of H99.6/Lpi. 

 
As shown in Figure 2-10, Equation 2-43 succeeds in distinguishing impact 

conditions from pulsating conditions, although this method does over-estimate the 
proportion of impacts. 

 
d) Compare the incident wave height, Hsi, with the breaking height, Hbc, calcu-
lated in (Eq. 2-43): 

 
 Hsi / Hbc  0.6 No evident breaking occurs and wave load is pulsat-

ing 
 0.6 < Hsi / Hbc < 1.2 Wave breaking occurs and waves may give impacts 
 Hsi / Hbc  1.2 Heavy breaking or waves may give broken loads 
 

e) Estimate the proportion or % of breaking waves Pb using Hbc and the incident 
wave height Hsi : 

 
Pb = exp [ -2 (Hbc / Hsi )

2 ] x 100  (2-44) 
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The predicted value of Pb (Figure 2-11) should be considered as an upper limit 

for the percentage of impact loadings because it expresses the fraction of both im-
pact and broken waves. 

 

 

Figure 2-11. Occurrence frequency of breaking waves. 

 
Equations from 2-40 to 2-44 are valid for the following conditions: 
 0.08  hs/Lpi  0.2; 
 0  Beq/d < 10; 
 Hsi/d  1.3. 
 
When the structure is within the surf zone some waves arrive already broken at 

the structure. For this case the portion of broken waves should be subtracted from 
Pb given by equation 2-44. 

The experimental data seems to confirm that the maximum wave height which 
describe the transition from impact to broken mode may be estimated assuming 
Beq/d=0 and Cr = 0 in equation (2-43) which will reduce to: 

 
Hbs = 0.1242 Lpi tanh (2 hs/Lpi) (2-45) 

 
Therefore the proportion or % of waves that may actually break directly onto 

the structure causing impacts, Pi can be calculated as follows: 
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Pi = exp [ -2 (Hbc / Hsi )

2 ] - exp [ -2 (Hbs / Hsi )
2 ] x 100  (2-46) 

 

2.3 HYDRAULIC RESPONSES 

2.3.1 Wave transmission over caissons  

The main function of any breakwater is to prevent excessive wave attack in a cer-
tain area. Assuming the structure itself survives, it is still possible that it fails to 
fulfil its function due to wave energy passing over the breakwater. Wave trans-
mission is most commonly expressed by the transmission coefficient Ct = Hst / Hsi 
, where the transmitted wave is expressed as a significant wave height, Hst, as is 
the incident wave height, Hsi. 

An expression for wave transmission adapted from a previous model by Goda 
(1969) was developed for vertical and sloping faced breakwaters, introducing 
three new parameters in the model. The new transmission model is written as: 
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The parameters  and  are derived in the same way as for the original Goda 

model. Values of the parameters are shown in Table 2-3 for several caisson types 
illustrated in Figure 2-12.  
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Figure 2-12. Types of caissons. 
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Table 2-3: Summary of dimensionless parameters for several types of breakwaters (for further types 
of caisson structures see Volume IIa, section 3.1) 

Type of breakwater x x x Region of validity,Rc/Hs 

Conventional -0.9 -0.34 0 0.30 – 1.66 

Front parapet 0.2 0.13 0 0.61 - 1.19 

Perforated, type II -0.3 -0.22 0 0.95 – 1.55 

Sloping top, type 1 3.1 1.05 0 0.66 - 1.80 

Sloping top, type 2 3.4 1.33 0 0.64 - 1.86 

Horiz. comp., Tanimoto -0.4 -0.03 -0.3 0.00 - 0.82 

 
Comparison of the new model with several measurements in Figure 2-13 shows 

that the model is in good agreement with the data. 
 

 

Figure 2-13: Comparison of transmission model with data. 

2.3.2 Wave overtopping discharges 

Wave overtopping discharges have been investigated within the previous 
MAST II / MCS project. Several reports were published by the project partners, 
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and some were also used in PROVERBS. It is recommended here to use the pre-
diction method(s) by Franco & Franco (1999) for mean and peak overtopping dis-
charges for structures in deep water, and by Besley et al (1998) for those influ-
enced by wave breaking. More details can be found in Volume IIa, Section 3.2. 

2.3.3 Wave reflections 

2.3.3.1 Vertical breakwaters and seawalls 

Prediction of wave reflections from simple and composite walls, as well as effects 
of low-crest levels or oblique / short-crested wave attack have been investigated 
under the previous MAST II/MCS-project and results have been published in re-
ports and papers. Within PROVERBS these results (Canel, 1995, Allsop & 
McBride, 1996) have been summarised and further discussed in Volume IIa, sec-
tion 3.3.  

2.3.3.2 Perforated structures 

The reflection performance of perforated structures have been studied within 
PROVERBS by means of experimental and mathematical approaches: the former 
were conducted by LWI with single and multi-screen tests in the GWK and ENEL 
with random wave tests on the Porto Torres caisson model, the latter by PM try-
ing validation of a mathematical model proposed by Fugazza & Natale (1992).  

Although the mathematical approach compared against some GWK data 
showed a promising prediction capability, it cannot be proposed as the validation 
was done for experimental conditions with regular waves and for a single cham-
ber only. 

The experiments conducted at GWK with single screen showed that the reflec-
tion performance of such structures is a function of a Reflection Parameter RP de-
fined according to the following formula (Bergmann & Oumeraci, 1998): 

 
RP = (Hi/d)0.65/n0.95 (2-48) 

 
where Hi is the incident wave height, d the water depth and n the screen poros-

ity. The tests on single chamber systems (OCS) and multi-chamber systems 
(MCS) have also shown that the well known dependence of the reflection parame-
ter by the relative chamber width (B/L) has the typical parabolic shape which is 
much flatter for multi-chamber systems compared to the OCS (Fig. 2-14). How-
ever, these tests have been conducted with regular waves and wave spectra on a 
vertical structure without a berm which impels a generalisation of the findings for 
breakwaters on a rubble foundation. 
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Figure 2-14. Comparison of single- and multi-chamber systems for a simple vertical structure 
(GWK, 1997) (Bergmann & Oumeraci, 1999). 

 
For all the random wave tests performed on the Porto Torres caisson 1:20 

model, the reflection coefficients were calculated with the three probes method. 
The reflection performance shows the well known (Allsop et al., 1994) parabolic 
shape of the relationship between Cr and B/L, with a minimum around B/L=0.2. 

Joining the data from partial standing waves for Dieppe caisson model tests and 
random wave tests from 3D model tests performed by PM at Delft Hydraulics an 
interpolating equation is proposed to calculate the reflection performance as a 
function of B/L (Fig. 2-15) which at present research stage is the most reliable (or 
less unreliable) available: 

 

98.0)(3.7)(6.18 2 
L

B
L

BCr  (2-49) 
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Figure 2-15. Reflection performance as a function of the relative chamber width. 

2.4 PULSATING WAVE LOADS 

2.4.1 Horizontal and vertical forces / pressures 

The basis of the Goda model is an assumed pressure distribution over the height 
and width of the caisson. The Goda formulae are written as: 

 

(2-50) 
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(2-54) 
 

where H is the incident wave height in front of the structure;  is the angle of 
incidence of wave attack relative to normal to the structure; 1, *, 3, 4 are mul-
tiplication factors dependent on the wave conditions and the water depth; and 1, 
2, 3  are multiplication factors dependent on the geometry of the structure. 
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The -factors are given by: 
 
 

(2-55) 
 
 
 

(2-56) 
 
 
 

(2-57) 
 
 

(2-58) 
 
 

Where hs is the water depth in front of the structure; L is the wave length; d is 
the depth in front of the caisson; dc is the height over which the caisson protrudes 
in the rubble foundation; and Rc

* is the min of the freeboard Rc and the water ele-
vation *. 

When the wave pressures are know, the wave forces are given by: 
 

(2-59) 
 

(2-60) 
 
In which Bc denotes the width of the caisson bottom. 
The lever arms of the wave forces with respect to the centre of the caisson bot-

tom are given by: 
 

 
(2-61) 

 
(2-62) 

 
Using the expressions for the wave forces and the lever arms, the total moment 

due to the wave forces can be calculated by: 
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The calculated forces and moments serve as input in several limit state equa-
tions describing the stability of the breakwater. The extension of the Goda model 
for waves breaking at the structure as described by Takahashi (1996) is not im-
plemented here as PROVERBS developed its own model for impact waves at the 
structure (see Section 2.5.1). Forces on perforated caissons have been investigated 
under PROVERBS and results are discussed in section 2.8.1 or in more detail in 
Volume IIa, section 8.1. 

2.4.2 Seaward or negative forces  

Most design methods for caisson and other vertical breakwaters concentrate on 
forces that act landward, usually termed positive or positive forces. It has however 
been shown that some breakwaters have failed by sliding or rotation seaward, in-
dicating that net seaward or negative forces may indeed be greater than positive 
forces.  

Previous prediction methods have been ascribed to Sainflou and to Goda. Both 
are based on (relatively) deep water, and non-breaking or pulsating waves. 

2.4.2.1 Sainflou’s prediction method 

Sainflou introduced prediction method derived from trochoidal theory. "Simpli-
fied Sainflou" formulae provide a pressure distribution at wave crest and trough 
are:  

p1' = g (H - h0) (2-64) 
p2' = gH / cosh(2h/L) (2-65) 
h0  = (H²/L) coth(2h/L) (2-66) 

 
The parameter h0 takes into consideration the asymmetry of waves in front of a 

structure. The wave height used in Sainflou’s formulae is assumed to be Hmax. The 
main parameter definitions are given in Figure 2-16.  
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Figure 2-16. Net negative pressure distribution according to Sainflou (on the left: p2' > p1' ; on the 
right: p2' < p1'). 

 
From these formulae may be calculated the net negative horizontal force using 

Sainflou’s method, FhS. 
 

FhS = (Hmax-h0) p1'/2 + (p1' + p2') (h-Hmax + h0)/2 (2-67) 
 
Goda’s simple method has a number of problems, not least the concept of 

waves of zero steepness. It does however indicate that, for relative depths 
h/L<0.25, net negative forces may be higher than positive forces for most wave 
steepnesses. This implies that negative forces may govern primary design re-
sponses for these cases. This has been tested by examining data from tests within 
PROVERBS. Values of Fhmin(1/250)/Fhmax(1/250) are plotted against Hsi/hs in Fig-
ure 2-17, and show that there is some risk that negative forces exceed positive 
forces for small relative wave heights, Hsi/hs<0.3. For deeper water conditions, 
Hsi/hs < 0.2, most test data give measured suction forces that are greater than the 
conventional landward forces (Fhmin(1/250)/Fhmax(1/250) >1). 
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Figure 2-17. Relation between Fhmin and Fhmax at 1/250 level. 

 

2.4.2.2 Probabilistic approach 

Probabilistic calculations of Fhmin1/250 use mean and standard deviations calculated 
from the HR94 and HR97 data. For these tests, the mean value of the ratio of 
measured to Sainflou predictions was 1.126 and the standard deviation ฀= 
0.1508, giving a coefficient of variation of 13%. The resulting formula for nega-
tive forces on simple vertical walls with a 1:50 approach slope, and for for 
Hsi/hs < 0.6. is: 

 
Fhmin = 1.126 FhS ± 13% (2-68) 
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Figure 2-18. Improved Sainflou prediction line (probabilistic) for smo = 0.04. 

 

2.4.2.3 Deterministic approach 

Deterministic calculations of Fhmin1/250 use the following for negative forces on 
simple vertical walls with 1:50 approach, and for Hsi/hs < 0.6, illustrated in Fig-
ure 2-19. 
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Figure 2-19. Improved Sainflou prediction lines (deterministic). 

 
Fhmin = 1.27·FhS (2-69) 

 
In all calculations of net negative force described here, it is assumed that the 

same static water level acts on both sides of the breakwater, and that there are no 
additional wave-induced forces acting on the harbour side of the structure. Wave 
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action within the harbour, or overtopping impacts behind the breakwater, may act 
on the caisson to give forces additional to those discussed here. 

2.4.3 Effects of 3-d wave attack 

Principal investigations on effects of 3-d wave attack have been performed under 
the MAST II/MCS-project. Results of these tests have been published in internal 
reports and in journals and conference papers. Within PROVERBS new tests have 
been performed at AU and HR which are reported and summarised in Volume IIa, 
section 4.3. It is recommended to either use these methods or use the results from 
the MCS-project as e.g. reported in ´Franco et al., 1996. 

2.4.4 Uncertainties and scale corrections 

2.4.4.1 Uncertainties 

Inherent uncertainty is natural, fundamental and irreducible. For instance the out-
come of the flipping of a coin is fundamentally uncertain. The outcome will be a 
head or a tail but no one can predict it. Many natural phenomena like wind veloc-
ity, river discharge, wave height, grain size, etc. exhibit an inherent uncertainty 
too. In most practical cases data is far too limited to give reliable estimates for the 
distribution and the autocorrelation function of these natural phenomena. The sta-
tistical uncertainty, i.e. the uncertainty of the parameter estimates due to the lim-
ited number of observations, has to be assessed. The inherent uncertainty has to 
be increased with the statistical uncertainty. Related to the statistical uncertainty is 
the problem of the limited accuracy of physical-mathematical models. In many 
cases the mathematical model of a physical process has to be calibrated by means 
of small scale experiments or prototype observations. Due to the limited number 
of experiments or observations and to imperfections of the model, differences will 
exist between the predicted and the observed outcomes. These differences give 
rise to the model uncertainty. Model uncertainty is related to the statistical uncer-
tainty in the sense that more data tend to reduce the parameter uncertainty. In case 
of an imperfect model some uncertainty will persist unless the model itself is im-
proved. In this section the uncertainty analysis of the wave height of non-breaking 
waves and its forces and moments on vertical structures is described. 

Battjes (1974), investigated the probability distributions of the significant wave 
heights on a long term time scale (e.g. one year). He noticed that symmetric dis-
tributions, such as the normal distribution, were not suitable to describe the long 
term distribution for the wave heights. Skewed distributions, such as the Gumbel 
and Weibull distribution, fitted much better. Longuet-Higgins (1952), investi-
gated the probability distributions of the wave heights on a short term time scale 
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(e.g. three hours). With theoretical arguments, he could derive that the short term 
distributions is given by a Rayleigh distribution, given a few easily-satisfied 
boundary conditions (such as stationarity conditions). The Rayleigh distribution is 
a one-parameter distribution. The free parameter is given by the significant wave 
height:  

 
F(H|Hs) = 1 - exp(-2 (H/Hs)2) (2-70) 

 
The distribution function of the maximum wave height from a data set of N in-

dividual wave heights (from one sea state) is given by: 
 

F(Hmax) = F(Hmax | Hs) FL(Hs) d Hs  (2-71) 
 
in which: 

F(Hmax|Hs) = F(H|Hs)N = (1 - exp(-2 (H/Hs)2)N (2-72) 
 
From F(HMAX) the 1/100 years wave heights can be derived. In the next table 

the multiplication factor is given for the 1/100 years wave heights.  
 

Table 2-4. Multiplication factors (Short-term Rayleigh, Long-term Gumbel). 

1/100 YEARS Hs [m] Hmax [m] FACTOR 

N=250 6.50 11.90 1.83 

N=1000 6.50 12.98 1.99 

N=3000 6.50 13.80 2.12 

 
The model uncertainties of the Goda model are presented in the following ta-

ble: 
 

Table 2-5. Goda model uncertainties. 

 Model Uncertainty 

Horizontal Force 20% 

Horizontal Moment 37% 

Vertical Force 20% 

Vertical Moment 34% 

2.4.4.2 Scaling 

Froude scaling relates the relative influence of inertial and gravity forces as fol-
lows (subscript 'm' used for model and subscript 'p' used for prototype): 

gl

u
  =  

gl

u

mm

m

pp

p


 (2-73) 
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where u is the celerity, l is the length or height and g is the acceleration due to 

gravity. The latter is equal in both model and prototype so that the following scal-
ing relations in comparison to Cauchy’s law can be derived:  

 
Table 2-6.Principal scaling parameters for Froude’s and Cauchy’s scaling laws. 

PARAMETER FROUDE CAUCHY 

Length NL NL 
Area NA = NL

2 NA = NL
2 

Volume NV = NL
3 NV = NL

3 
Time 

t LN = N  
N

N

N
=N L

K
t 

 

Velocity 
u LN = N  

u
K

N =
N

N
 

Acceleration aN = 1  

NN

N
=N

L

K
a 

 

Mass Nm = N NL
3 Nm = N NL

3 
Pressure NN=N Lp   p KN = N  

Force NN=N
3
LF   NN=N

2
LKF   

Force per m NN=N
2
LF/m   NN=N LKF/m   

In Table 2-6 NL is the length scale of the model (length in prototype divided by 
length in model). It is recommended to use Froude’s law for scaling results from 
hydraulic model tests as long as non breaking (quasi-static) waves occur at the 
structure. 

2.4.5 Use of numerical models 

As discussed in section 2.4.1 the well-known Goda-method can predict horizontal 
forces on vertical structures and uplift forces underneath the caisson. Although 
this method is a valuable design-method, no detailed information on the flow pat-
tern can be obtained, nor can the influence of certain parameters such as the rock 
size of the rubble mound foundation be quantified. Numerical models that can 
simulate the flow pattern in front of the structure and the porous media flow in-
side the rubble mound foundation might in principle be valuable and complemen-
tary design tools to overcome such problems. 

Since the flow pattern in front of vertical structures can be very complex due to 
breaking waves, wave impacts, wave interaction with complex shapes of the 
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structure and wave interaction with the flow inside the rubble mound foundation, 
the development of  a numerical model covering all relevant aspects in detail is 
extremely complex. Several types of numerical models can however contribute to 
modelling and understanding of  relevant processes. In addition to empirical and 
mathematical methods, depth-averaged non-linear and weakly non-linear shallow-
water wave equations are widely used in coastal- and breakwater engineering 
practise. Other types of numerical models solve the more fundamental Navier-
Stokes equations or make use of the potential flow theory. In PROVERBS these 
two types of models are applied for simulating relevant processes for vertical 
breakwaters. Of this two-track approach, one is based on the Navier-Stokes equa-
tions solved by the so-called Volume-of-Fluid method (VOF). This wave-model 
Skylla, includes breaking waves, porous media flow and allows for very complex 
shapes of the structure but cannot deal with wave impacts. Reference is made to 
Volume IIa, Chapter 4, section 4.5, where examples are shown of wave interac-
tion with two of the selected vertical breakwaters. For the second type of models 
pressure-impulse modelling is used for impact waves. This includes techniques to 
predict pressure-impulse along a berm and pioneering work for studying impul-
sive seaward forces due to overtopping events. The methods to predict wave im-
pact loads are discussed in section 2.5.5. In this section some of the results for 
pulsating loads are discussed.  

Figure 2-20 shows results of a computation with a so-called flip-through case 
on a vertical breakwater. VOF modelling can not only produce detailed profiles of 
the wave evolution, but also force-time graphs. (see Volume IIa, Chapter 4, sec-
tion 4.5). Figure 2-21 shows an example of the computational results, for Genoa 
Breakwater (one of the PROVERBS selected cases) for the total horizontal force 
at the front side of the structure. 

In addition to generic tools such as numerical models other methods exist to 
predict wave forces. An innovative type of modelling is neural network modelling 
which makes direct use of results from physical model tests. Neural network 
modelling is a technique capable of generalising information if a large data-set is 
available. Since the partners from PROVERBS made their test-results available a 
large data-set resulted which formed the basis for neural network modelling. Not 
only was a neural network developed but also a method to obtain reliability inter-
vals of the predictions of the neural network. This is of special interest for prob-
abilistic design methods which require not only a prediction but also a quantifica-
tion of the reliability (Van Gent & Van den Boogaard, 1998). 
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Figure 2-20. SKYLLA: Simulation of wave motion in front of a vertical structure on top of a perme-
able foundation. 
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Figure 2-21. Numerical model results in comparison with the Goda-method and neural network re-
sults. 

2.4.6 Pressures on berms 

Wave induced pressures on the rubble berm in front of a breakwater wall are 
needed as input for numerical models simulating pore pressures under the break-
water in the rubble foundation. A method to predict these pressures has been de-
veloped for pulsating wave conditions using data from three different models with 
permeable berms (large-scale model tests in the GWK Hannover, mid-scale model 
tests at Franzius-Institut (WKS) Hannover and at HR Wallingford). 

Inspection of the data with appropriate visualisation software showed that pressure 
distributions on the berm are almost triangular. Peak pressures decreases with in-
creasing distance from the wall and pressure distributions over the time do not 
change significantly.  

The problem has therefore been reduced to predicting the pressure at the wall at 
the height of the berm, pA, and the extent of the pressure distribution lpb from the 
wall in the seaward direction where the pressure is positive (Fig. 2-22). Since 
pressures are wave induced it can be assumed that the distance lpb where the pres-
sure becomes zero, corresponds to the distance where the water level elevation is 
zero. A visual analysis of many tests confirms a good agreement between these 
two distances. 

Goda’s method may be used to calculate wave forces for non breaking waves, 
so parameters calculated by this method (subscript ‘G’) are also used to calculate 
pA (Eq. 2-74). In order to calculate the pressure pA,G at the height of the berm it is 
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necessary to interpolate between the pressure at the still water level (p1,G) and the 
pressure at the base of the structure (p3,G) as follows: 

 

 

Figure 2-22. Definition of parameters. 

 
pA,G = p3,G + [dc/(dc+d)] (p1,G-p3,G) (2-74) 

 
An empirical correction formula is proposed based on the measurements: 

p

gd

p

gd

A cal A m, ,

.

.
 

 








0 7

0 861

 (2-75) 

 
Figure 2-23 shows that the corrected pressure pA,cal fits the measured values 

much better than the pressure pA,G. 
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Figure 2-23. Calculated values pA,cal (Eq. 2-75) versus pA,GODA. 

 
The length of the positive pressure distribution can be expressed by: 
 

Lpb = 0.26 Lpi
0.87  (2-76) 

 
For calculation of Lpi see Equation (2-40). Equation (2-76) is not dimensionally 

correct but empirically gives the best correlation coefficients. 

2.5 WAVE IMPACT LOADS 

2.5.1 Horizontal and vertical forces / pressures 

Wave impacts are among the most severe and dangerous loads on vertical breakwa-
ters. Whilst many design procedures for these structures are well established, recent 
research in PROVERBS and elsewhere has shown that some methods are limited in 
their application and may over- or underpredict loadings under important condi-
tions. This will then lead to over-designed and very expensive structures or, even 
more dangerous, to under-design and consequently to danger to personnel and prop-
erties. 

There are few design formulae for wave impact loads. Within PROVERBS a new 
procedure is proposed based on statistical distribution of forces and theoretical con-
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siderations derived from solitary wave theory (Oumeraci & Kortenhaus, 1997). This 
procedure is summarised in the following sections. 

2.5.1.1 Horizontal force and rise time 

The relative maximum wave force F*
h,max on the front face of a breakwater can be 

calculated using a Generalized Extreme Value (GEV) distribution as follows: 
 

        +         F̂    Pln    -   - 1      =  F
*

max  h,
*

max  h,  



 (2-77) 

 
where P(F*

h,max) is the probability of non exceedance of impact forces which 
generally may be taken as 90%; , ß, and  are the statistical parameters for the 
GEV distribution which can be taken from model tests or are estimated as 
 = 3.97, ß = 7.86, and  = -0.32. These values are based on large-scale model 
tests which were believed to be closest to prototype conditions but the amount of 
data was considerably small. Therefore, later in the project Task 1 has delivered 
more detailed analyses of the model tests performed and gave the following val-
ues (Tab. 2-7). 

 
Table 2-7: Values of , , and  for GEV distribution of relative horizontal force. 

Bed slope no. waves    

1:7 116 2.896 6.976 -0.526 

1:10 159 10.209 12.761 -0.063 

1:20 538 3.745 7.604 -0.295 

1:50 3321 1.910 3.268 -0.232 

 
The number of waves for the 1:7 and 1:10 bed slope is not really sufficient so 

that results have to be compared to the initially calculated impact force (Eq. 2-3) 
and the Goda force Fh,Goda (Eq. 2-59). For probabilistic calculations under proto-
type conditions the aforementioned parameters were taken. 

The maximum horizontal force can then be calculated by  

H  g      F  =  F 2
b

*
max  h,max  h,   (2-78) 

 
where Hb is the wave height at breaking (Eq. 2-41) and  is the density of the 

water. The measured rise time of the impact force tr,Fh can then be calculated 
from: 

F

g  /  d
  *  8.94  *k    =  t *

max  h,

eff
rFh  (2-79) 
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where k is the mass proportion involved in the impact process which may be es-

timated to 25% (upper bound value) for deterministic calculations. For probabilistic 
calculations k*8.94 on the right side of Equation 2-79 may be summarised as k' and 
the measured rise time trFh on the left side is substituted by the 'triangular' rise time tr 
assuming a constant relationship between both of them: 

 

F

g  /  d
  *  k  =  t *

max  h,

eff
r   (2-80) 

 
The factor k' can then be described by a Log-Normal distribution with a mean 

value of 0.086 and a standard deviation of 0.084. More details on these relations 
can be found in Volume IIa, section 5.1. 

The effective water depth in front of the structure deff in Equation 2-80 can be as-
sumed to be identical to the water depth in which the wave breaks and may be cal-
culated as follows: 

 
   d - h    *  m  *  B + d  =  d srelreleff  (2-81) 

 
where Brel is the part of the berm width which influences the effective water 

depth (Brel equals 1 for no berm): 





 

  
)  1 > L  /  B  (  widthsbermlarger for         

L

B
  *  0.5 - 1

)  1  L  /  B  (  widthsbermsmaller for         1

    =  B
b

b

b

rel  (2-82) 

 
and mrel is the part of the berm slope influencing the effective water depth (mrel 

equals zero for simple vertical walls): 
 










  

)  1  m  ( slopesflatter for         
m

1

)  1 < m  ( slopessteeper for         1

    =  mrel  (2-83) 

 
The total duration can then be calculated from an statistically derived relation-

ship as follows: 
 

)  t  (ln    /  c  -  =  t rd  (2-84) 

 
where c is an empirically derived parameter (dimension: [-s*ln(s)]) normally 

distributed with a mean value of 2.17 and a standard deviation of 1.08. 
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The effective impact force being submitted to the foundation is dependent on the 
dynamic response characteristics of the structure and its foundation. A dynamic re-
sponse factor has to be added to the forces if quasi-static calculations want to be per-
formed. A detailed description of this approach is given in Chapter 3, Section 3.4.4. 

2.5.1.2 Vertical pressure distribution 

Based on the analysis of almost 1000 breakers of different types hitting a vertical 
wall, the simplified distribution of impact pressure just at the time where the 
maximum impact force occurs, can tentatively be determined according to Fig-
ure 2-24. Three or four parameters need to be calculated in order to describe the 
pressure distribution: (a) the elevation of the pressure distribution * above design 
water level; (b) the bottom pressure p3; (c) the maximum impact pressure p1 
which is considered to occur at the design water level; and (d) the pressure at the 
crest of the structure if overtopping occurs. 

 

 

Figure 2-24: Simplified vertical pressure distribution at the caisson front wall. 

 
Elevation of Pressure Distribution * 

The elevation of pressure distribution * may be calculated from the following 
tentative formula (see Fig. 2-24): 

 

H 0.8 = b
*  (2-85) 
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Bottom Pressure p3 

The bottom pressure p3 may be derived as a function of the maximum pressure at 
the height of the still water level as follows (see Fig. 2-24): 

 
p3 = 0.45 p1 (2-86) 

 
Maximum Pressure p1 

The maximum impact pressure p1 can be calculated directly from the equivalent 
force history, see example in Figure 2-24, since Fh(t) represents the area of the 
pressure figure at any time of the history (assuming an infinitely high wall): 

 

     p - (t) p d + d  
2

1
 + p d + d+H 0.8 * (t) p 

2

1
 = (t)F 31c3cb1h  (2-87) 

 
Substituting Equation 2-86 in Equation 2-87 yields after some rearrangement: 
 

   d + d    *  0.7 + H  *  0.4

)  t  (  F
  =  )  t  (  p

cb

h
1  (2-88) 

 
Pressure at The Crest of The Structure p4 

If the waves in front of the structure are high enough, overtopping is expected to 
occur. This will reduce the total impact force as parts of the energy of the wave 
will get lost. This effect can be taken into account by cutting off the pressure dis-
tribution at the top of the structure (Fig. 2-24) so that the pressure at the crest of 
the structure can be described as follows: 
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 (2-89) 

 
The horizontal impact force1) is then reduced to: 
 

  p  *    R -     *  
2

1
 - F  =  F 4c*maxh,ovmax,h,   (2-90) 

                                                      
1) Consequently, the statistical distribution parameters given in section 2.5.1.1 are no longer valid for 

this reduced force as the statistical distribution was determined for relatively high caisson structures 
and almost no overtopping. 
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A more complicated pressure distribution is proposed by Hull et al., 1998 and 

is described in Volume IIa, section 5.1. 
 

Lever arm of Horizontal Force 

Finally, the lever arm for the horizontal impact force can be calculated from the 
pressure distribution at the wall as follows: 

 

)  t  (  F  6

d p + d p 2 +  p 2 +  d  p 3 +  d p 3 +  p
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h

2
3

2
1

2
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2
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Fh

 
 (2-91) 

 
In Equation 2-91 ov is defined in relation to the height of the wave crest to the 

wall (see Fig. 2-24): 
 

   R ;    min   =  c*ov   (2-92) 

 
and d' is defined as: 
 

d + d  =  d c  (2-93) 

 

2.5.1.3 Uplift force 

The uplift force underneath the vertical breakwater can be calculated in the same 
way than the impact force only considering some small parameter differences as 
follows: 
 calculate the relative uplift force by using Equation 2-77 but different sta-

tistical parameters  = 2.17;  = 4.384;  = -0.11 (derived for a bed slope of 
1:50 from large-scale tests); 

 calculate the rise time of uplift forces using Equation 2-80 and a mean k'-
factor of 0.16 (standard deviation of 0.17); 

 calculate the total duration using the same formula than for impact forces 
(Eq. 2-84) but assuming a mean of 1.88 and a standard distribution of 0.99. 

2.5.1.4 Uplift pressure distribution 

Uplift pressures underneath vertical breakwaters should generally be calculated 
using the approach described in Chapter 3, section 3.5.3 where the instantaneous 
pore pressure development underneath the breakwater is described. 

A very simple approach was derived empirically and is based on hydraulic 
model test data using 'upper bound' envelopes which may lead to conservative es-
timates. Therefore, all results should be compared to the pressures derived by 
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Goda (see section 2.4.1) and are expected to be larger than those. The form of the 
distribution is assumed to remain constant over time where a triangular distribu-
tion is assumed with the maximum pressure at the time of the maximum uplift 
force. The pressure underneath the shoreward edge of the breakwater can be cal-
culated as follows: 

 









  0.1 - 

h

H
    *  H  g    =  p

s

b
bru   (2-94) 

 
Knowing the pressure at the shoreward side of the structure the pressure under-

neath the seaward edge pu can be calculated as follows: 
 

p - 
B

F  2
  =  p ru

c

maxu,
u  (2-95) 

 
where Bc is the structure width, Fumax is the maximum uplift force and pru is the 

pressure at the shoreward side of the structure. 
Finally, the lever arm for the uplift force can be calculated from the pressure dis-

tribution underneath the structure for each time step as follows: 
 

 
F  6

  p  2 + p    *  B
  =  )  t  (  l

maxu,

uru
2
c

Fu  (2-96) 

 

2.5.1.5 Effect of aeration 

The aeration in impact waves can be calculated to: 
 

N  *  5.3 + 2.0  =  P ia  (2-97) 

 
where Ni is the number of breaking waves per minute and Pa is the percentage 

of aeration in the breaking wave given in percent. The number of breaking waves 
per minute, however, is not known in advance but may be estimated for model 
tests using the percentage of breaking waves in a test Pi (Eq. 2-46): 

 

t

N
  *  P  =  N

tot

W
ii  (2-98) 

 
where NW is the number of waves in a test, and ttot is the total length of the test 

given in minutes. Under prototype conditions NW may be replaced by the number 
of the waves in a storm whereas ttot is the duration of the design storm. 
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From the aeration percentage obtained by Equation 2-97 a force reduction factor 
kfa according to Hewson et al. (1998) can be calculated as follows: 

 

        P - 97.5      P + 2.5    

726.7
  =  k

aa
2370.  fa  (2-99) 

 
The total force impulse seemed to remain independent from the aeration level 

of the breaking wave. Assuming this impulse to be more or less equal to the tri-
angular impulse longer rise times due to aeration can be calculated as the inverse 
of the force reduction factor: 

 

k

1
  =  k

fa
ta  (2-100) 

 

2.5.2 Seaward impact forces 

Forces generated by wave action on the seaward side of a caisson breakwater are 
usually critical for its stability (including the quasi-static suction forces described 
in section 2.4.2). Many breakwaters may experience significant static and dy-
namic loading on both seaward and rear faces, and indeed there are a number of 
examples of breakwater failure which have involved a seaward motion confirming 
that consideration may need to be given to forces that can be generated on the 
harbour side.  

The most likely mechanism for the generation of large dynamic loads from the 
harbour side is the plunge into the harbour of an overtopping wave-a mechanism 
suggested by van der Meer (private communication).  

This type of loading may be of particular relevance where economic pressures 
for reduction in caisson size have led to use of low crest elevations and/or sloping 
roofs which reduce landward forces. Such modifications may allow greater over-
topping, but it has not been previously appreciated that this in turn may result in 
significant seaward impulsive loading. These impulsive forces, the reduced cais-
son mass and the quasi-static suction forces (section 2.4.2) increase the risk of 
seaward failure.  

To assess whether a reduction in caisson mass is safe against seaward failure, 
the designer may use the method given in section 2.4.2 to predict the pulsating 
seaward forces, but hitherto there has been no such guidance for the prediction of 
impulsive loads. Initial stages of development of such guidance has resulted from 
physical mode tests at Edinburgh supported by numerical modelling at Bristol. 
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2.5.2.1 Physical Model Tests 

The mechanism described above is illustrated for a sloping top caisson by the se-
quence in Figure 2-25. During the event shown, the maximum net seaward force 
recorded was 40% greater than the largest quasi-static landward force recorded 
during wave runup before overtopping. Further, the largest seaward overturning 
moment about the seaward toe of the structure, which occurs at the time of entry 
of the plunging wave into the harbour, is larger than any landward overturning 
moment experienced during the event. 

 

 

 

Figure 2-25: Frames from a video sequence showing the plunging overtopping wave. 

 

2.5.2.2 Numerical Model Tests 

The effect of the impact of the overtopping wave into the harbour was modelled 
using pressure-impulse theory (see also section 2.5.5). The model first estimates 
the pressure impulse due to the plunging water, and then applies this to the sur-
face of the harbour-side water, considered initially undisturbed. This results in a 
prediction of the distribution of pressure impulse over the rear face of the break-
water, and also along the bed on the harbour side behind the structure.  
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The solution was found to be sensitive to the presence of a pocket of entrapped 
air under the plunging wave. However, once the effect of the air is accounted for, 
agreement with measurements from the physical model study is good, eg Fig-
ure 2-26, in which the crosses are the measured points and the solid line is the dis-
tribution predicted by pressure-impulse theory. The dotted line shows the predic-
tion before correction for the effect of air. The success of the model depends upon 
the severity of the impact, which must be sufficiently violent for pressure impulse 
theory to be valid-a condition met by the extreme events studied. 

 

 

Figure 2-26. Predicted and measured pressure impulse on the rear face of the breakwater. 

 

2.5.2.3 Initial guidance 

Conclusions drawn are limited by the scope of this first study into this failure 
mechanism. Further investigations will refine design guidance drawn from this 
work.. This study has however demonstrated that seaward failure as a result of  
impulsive loading on the rear face may be an important contribution to failure 
where large plunging overtopping events are likely. Some information on over-
topping of these structures is given by Franco (1994). 

Structures of reduced design mass, eg Hanstholm–type structures have been 
identified as being particularly at risk as they have less mass to resist seaward 
forces generated due to the trough at the front face, and because they admit 
greater overtopping.  
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In addition attention should be drawn to the possible risk experienced by the 
shear keys of such structures, whose role may be relatively more important in 
these smaller structures. These keys may also be subjected to accelerated erosion 
in the cases of curved front structures - a phenomenon observed at Brighton ma-
rina breakwater, UK. Consequently their design should account for these coupled 
risks. 

Pressure-impulse theory models the mechanism causing the impulsive force on 
the rear face due to the entry of a plunging overtopping wave, and good agree-
ment between the model and experiment is found. However, this model was only 
compared with data from three violent impacts from this particular experimental 
set-up. Further comparisons are needed before extensions to prototype scale are 
possible. At present, physical modelling, perhaps supported by pressure-impulse 
methods, remain the main method to check the magnitude of these loads. 

2.5.3 Effects of 3-d wave attack 

Studies in the UK Coastal Research Facility at Wallingford (UKCRF) identified 
conditions which lead to impulsive loads and evaluated their occurrence.  

Impacts under long-crested normal waves were compared with results from 2-d 
tests and showed little variation. The onset of impacts was reached at about Hsi/hs 

= 0.35 for long-crested waves at =0°. For short-crested waves at =0°, Pi again 
showed no changes in comparison with long-crested waves. Again, impacts begin 
at conditions close to Hsi/hs = 0.35, although there were some indications that im-
pacts do not increase as rapidly with increasing Hsi /hs in short-crested waves as 
for long-crested waves. 

For oblique long-crested waves,  = 15°, 30° and 45°, there were much fewer 
impacts than for normal long-crested waves. For larger waves, Hsi/hs > 0.35, im-
pacts were less frequent with oblique waves than for normal attack, =0°. 

Composite walls, low and high mounds 
Addition of a small rock berm or slope in front of a simple wall has been 

shown to increase substantially the number and severity of impacts. The start of 
impact events on walls on low mounds, 0.3<hb/hs<0.6, occurs at or above Hsi/hs = 
0.35, with Pi increasing rapidly at higher values of Hsi/hs. Analysis of wave forces 
for long-crested waves at =0° suggest that impacts for low mounds might start to 
occur at Hsi/hs  0.30. Tests on high mound composite walls in the CRF at =0° 
substantially confirmed that impacts increase further with high mounds, 
0.6<hb/hs < 0.9. Impacts start at smaller values of Hsi/hs, as low as 0.25.  

2.5.3.1 Horizontal forces 

Wave forces for long-crested normal waves agree well with results from 3-d tests 
by Franco et al (1996) where there are no impacts, only pulsating loads. Compari-
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sons with Goda predictions show relatively good agreement over the pulsating 
zone.  

An upper limit to wave impact forces under normal or long-crested oblique 
waves is given by the simple prediction by Allsop & Vicinanza (1996). For short-
crested waves, forces show no significant change in local force for the range of 
conditions tested, dispersion index (n = 2 or 6), compared with loads generated by 
long-crested waves of the same height. 

The influences of oblique long-crested waves on forces on any narrow strip of 
the caisson are more significant. Over the pulsating zone, Hsi/hs  0.35, forces are 
very similar to those for normal approach, even though the component of force 
perpendicular to the caisson might have been expected to reduce. In the impact 
region however, wave loadings diminish considerably under oblique attack.  

2.5.3.2 Variability of forces along the breakwater 

These comparisons show consistent increases in Fh1/250, with reduced averaging. 
Allsop & Vicinanza's simple formula (Eq. 2-3) gives a reasonable representation 
of forces averaged over typical caisson widths of 10-20m, but under-estimates the 
"local" force over a single narrow strip, even for normal and long-crested wave at-
tack. 

Values of Fh(peak) / Fh(av) reached 1.2-1.3 for normal long-crested attack. Under 
long-crested oblique attack, most results were much lower, not exceeding Fh(peak) / 
Fh(av) = 1.15, but with a single test giving 1.4. Under short-crested waves the ratio 
Fh(peak) / Fh(av) never exceeded 1.15, suggesting that peak forces are unlikely to ex-
ceed those analysed in this research by any substantial margin, except under con-
ditions of normal attack.  

2.5.3.3 Effect of caisson length 

Battjes (1982) argued that oblique or short-crested wave attack on caisson of 
length Lc will give further reductions in effective force relative to normal and/or 
long-crested attack, and relative to loads on a narrow strip (modelled here as a 
single column of transducers.  

Results from the UKCRF tests were combined with results from Franco et al 
(1996), which show little decay over caisson lengths Lc/Lop up to 0.4. Measure-
ments from the UKCRF however show up to 10% decay, ie CFh down to 0.9 for 
non-impact conditions for relative caisson lengths up to Lc/Lop=0.15. Wave im-
pact conditions (Hsi/hs>0.35), however, gave substantially greater reductions in 
the effective force, even over short caisson lengths, 0.005 < Lc/Lop < 0.2. A simple 
regression line gives the reduction factor CFh in terms of relative caisson length 
with a coefficient B = 1.35 for long-crested waves and  = 0°: 

 
CFh = 1 –B (Lc/Lop)  (2-101) 
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Under slightly oblique attack,  = 15°, forces for non-impacting conditions 

show more significant reductions than for  = 0°, but there is only slightly greater 
change for impact conditions. The same simple form of regression line gives CFh 
in terms of Lc/Lop: for  = 15°, yielding B = 1.70. 

At greater obliquities, the force reduction is more marked for pulsating condi-
tions. Measurements at = 30° show slightly greater reduction for impacts. 

Effects of short-crested waves show no significant effect of spreading between 
n=2 and n=6. The regression for  = 0° gives B = 1.56, steeper than for long-
crested waves at  =  0°, but less severe than for long-crested waves and  = 15°. 

These results suggest that Battjes’ model may be used to give conservative pre-
dictions in the pulsating zone, but that force reductions under impacts are much 
more significant than predicted by linear methods. Calculations of the mean decay 
function on Fh for impacting conditions can be summarised by the simple equa-
tion relating decay to relative caisson width, Lc/Lop given in equation (2-101) 
where coefficient B is defined for each test case below. 

 
Table 2-8. Impact force reduction coefficients. 

Wave Condition Coefficient B Coeff. Var. [%] Correlation r2 

Long-crested,  = 0° 1.35 6.6 0.82 
Long-crested,  = 15° 1.69 9.2 0.77 
Long-crested,  = 30° 1.69 10.4 0.79 
Short-crested, n= 2 1.55 10.6 0.76 
Short-crested, n= 6 1.58 9.3 0.77 
Short-crested, n= 2, 6 1.56 6.8 0.77 

 
Under oblique or short-crested waves, the variation of peak forces relative to 

those averaged over a short length equivalent to a single caisson of about 20m are 
relatively small, not exceeding a ratio of 1.2. The variation of peak force on a sin-
gle narrow strip under normal wave attack is more substantial, with peak forces 
up to 1.3 times greater than the average. 

Battjes' method for estimating the decay of average force with longer caissons 
gives very small reductions for most practical caisson lengths. The tests with pul-
sating conditions show that Battjes' predictions are generally conservative. How-
ever, for impact conditions, average forces reduce significantly with caisson 
length, giving reductions of 25% or so over relative caisson lengths of only 0.2. A 
simple reduction factor for Fh under impacting conditions as a function of Lc/Lop 
has been developed. Values of a coefficient B have been presented here in Ta-
ble 2-8 for long-crested waves at different obliquities, and for short-crested 
waves. 
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These and other studies also suggest the following initial conclusions on spatial 
correlation of impact forces under oblique / short-crested waves: 
 for heavy impacts (FImpact/FGoda >> 2.5), and small obliquity or spreading 

assume a typical coherence length  L/16; 
 for light impacts (FImpact/FGoda < 2), normal wave attack (  = 0) and little 

spreading assume a typical coherence length  L/4; 

2.5.4 Uncertainties and scale corrections 

2.5.4.1 Uncertainties 

The concept of uncertainty analysis has already been explained in section 4.4 of 
Volume IIa. In this chapter an uncertainty analysis will be presented on impact 
waves. All results summarised herein are based on the PROVERBS data obtained 
from hydraulic model tests from various scales. Horizontal impact and uplift 
forces were modelled by a Generalised Extreme Value (GEV) distribution (see 
section 2.5.1 for details). The statistical uncertainties of the GEV distribution 
were determined and upper bounds were calculated. Rise time and total impact 
durations were also modelled. For each data set the 95% upper bound values and 
the 10-2 quantiles were calculated (Volume IIa, section 5.4).  

For rise times and durations the best fit was found for a new relation as given 
by Equation 2-84. The new parameter c for this formula was found to be log-
normally distributed. Upper bounds and 10-2 quantiles are also given in Vol-
ume IIa, section 5.4.  

2.5.4.2 Scale corrections 

First and simple scale corrections of impact wave have been suggested by Allsop 
et al. (1996) using results from field and model tests on hollow cube concrete ar-
mour units. The proposed correction factors are summarised in Table 2-9: 

 
Table 2-9.Simple scale correction factors for impact loads after Allsop et al. (1996). 

Non-exceedance level Impact pressure correc-

tion factor 

Rise time / duration 

correction factor 

92% 0.44 9.0 
95% 0.45 6.8 
98% 0.43 5.0 
99% 0.41 4.2 

 
This approach is rather simple and possibly only valid for similar test condi-

tions as for the HR tests. Therefore, a different approach has been used by Ou-
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meraci & Hewson (1997) based on detailed laboratory testing and a better under-
standing of the physics of impact loading (Fig. 2-27).  

 

Time t

F
h Compression of Air

Pocket

Impact of Breaker

Tongue

Oscillations of Air
Pocket

Escape of Air
Maximal Run-up

≈ FROUDE

≈ FROUDE
≈ MACH-CAUCHY

& FROUDE

≈ MACH-CAUCHY

≈ MACH-CAUCHY

& FROUDE

F = N · F
h, nature h, modelL

t = N · t
nature modelL

αF

αt

• FROUDE: α = 3 and α = 0.5

• MACH-CAUCHY: α = 2 and α = 1.0

• ALTERNATIVE Scaling depending on
air entrainment:

α = 2 ÷ 3

α = 0.5 ÷ 1.0t

t

tF

F

F

 

Figure 2-27. Physical processes involved in the wave load history and associated scaling problems. 

 
In fact, the results have shown that, whether FROUDE or MACH-CAUCHY 

similarity laws or a combination of both has to be applied for the interpretation of 
the test results, will strongly depend on the level of aeration and the amount of en-
trapped air which both determine the compressibility of the impacting fluid mixture. 
Therefore, an improved scaling procedure based on the separation of the different 
components of the impact load history has been suggested (Fig. 2-28). For further de-
tails see Kortenhaus & Oumeraci (1999). 
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Figure 2-28. Suggested procedure for scaling the various components of the wave load history. 

 
A further more pragmatic approach based on correction factors for the impact 

load (reduction load factor) and the related rise time (inverse value of reduction 
load factor) has also been developed (see section 2.5.1.5) which are based on an 
empirical relationship between the level of aeration (in %) and the number of 
breaking waves within a given time. 

2.5.5 Use of numerical models  

As discussed in section 2.4.5, the complexity of breaking waves, together with 
complex shapes of many structures with flow in rubble mound berms and founda-
tions means that within PROVERBS two approaches for numerical modelling are 
used. One is to idealise the motion and geometry so that a simple model may be 
used, pressure-impulse modelling. The other is the more detailed Volume Of 
Fluid model (VOF), Skylla, as discussed in section 2.4.5. For the pulsating wave 
loads the first track of VOF modelling is used and is discussed in section 2.4.5.  

Pressure-impulse modelling, has been used to study the pressure impulse of a 
violent wave impacting on a vertical wall. Pressure impulse theory has the advan-
tage of producing simple Fourier series expressions for complicated phenomena. 
However the assumptions used to produce the formulae mean that the applicabil-
ity is limited to the most violent impacts and to idealised structures. Comparisons 



56   Probabilistic Design Tools for Vertical Breakwaters 

56 

with experimental results have shown that this approach is successful. In Vol-
ume IIa, sections 4.6, 5.2 and 5.5 this form of mathematical modelling is used for 
pressure impulse prediction on both the vertical structure and along the berm tak-
ing into account a trapped air bubble.  

In addition, Peregrine & Wood (1997) shows that changes in the porosity of the 
berm have only a small effect on the pressure-impulse along the berm, hence the 
impact model with the air bubble, which has an impermeable berm, can be used 
for predictions even when a permeable berm is present. However, these models 
use wave properties at the wall, the effect of the berm on wave propagation to the 
wall is not accounted for. The extension of this pressure-impulse model to predict 
pressures along a berm is discussed in Volume IIa, Chapter 5, section 5.6. Back-
ground information on pressure-impulse techniques which were extended here, is 
given in Cooker & Peregrine (1990, 1992), and further applications are given in 
Wood (1997). 

One example of a phenomenon addressed and investigated within PROVERBS, 
underexposed until studied in this project, was the seaward forces. These seaward 
forces may occur due to wave impacts due to an overtopping event; impacts at the 
rear of the structure where the overtopping water hits the water at the rear with an 
entrapped air-pocket, may cause considerable seaward forces. This is discussed in 
section 2.5.2, where Figure 2-26 shows an example of these computations with a 
comparison with measurements. It was found that the presence of a trapped air 
pocket at the back of the caisson leads to a substantial increase in the impulse on 
the back of the caisson. These results demonstrate the use and significance of nu-
merical models in tracing the relevant phenomena in observed events. 

In addition to numerical models neural networks can also predict wave forces 
(PROVERBS paper by Van Gent & Van den Boogaard, 1998). Experimental data 
from the partners in PROVERBS were made available and used to develop the 
neural network. Figure 2-29 shows all data for horizontal forces made available, 
including situations with pulsating loads and wave impact loads. The method by 
Goda (1985) underpredicts measured forces (see the left part of Figure 2-29) 
while the neural network gives a better prediction although the scatter is still 
wide. This is not due to the performance of the neural network but caused by the 
scatter in the experimental data; however it demonstrates the necessity of a 
method to quantify the reliability of the predictions. This method has been devel-
oped and used in Task 4 for probabilistic designs of vertical breakwaters. 
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Figure 2-29. Comparison between neural network results and measurements (right) and a compari-
son between the Goda-method and measurements (left). 

2.5.6 Pressures on berms  

A visual analysis of three data sets has shown that the pressure distribution on a 
berm under impact wave loading is of a triangular or concave shape. For low ratios 
Fh,max / Fh,q the pressure distribution at the moment of the maximum horizontal force 
is more or less triangular as it was for non impact conditions (see section 2.4.6). For 
large ratios, however, the shape is more concave. Unfortunately, it has not been pos-
sible to find a boundary value for the ratio Fh,max / Fh,q to distinguish between trian-
gular and concave pressure distributions. 

Definitions of parameters related to the pressure distribution on the berm are 
given in Figure 2-30. The LWI prediction method developed for pressures along a 
berm under non-impact conditions (section 2.4.6) was applied to impact conditions, 
and was shown, as was expected, to be unsuitable. The measured values for impact 
waves showed an increase in scatter and magnitude when compared with non- im-
pact waves. 
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Figure 2-30. Definition of parameters. 

 
Hence, the distribution of pressure along the berm was considered to be a func-

tion of distance along the berm. To reduce the scatter of the data, initially dimen-
sionless p1/50/(gHsi) was plotted against x/Lpi and regression curves were fitted to 
the data for the three separate data sets.  

The measured values, pm, were then scaled by the measured value at the wall, 
pA,m, and plotted against x/Lhs for all the three sets of data together. 

Due to the wide spread of the data the method of least squares was used to find a 
line approximating the trend in the data given in Equation (2-102) and shown in 
Figure 2-31.  
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Figure 2-31. Relative pressure versus relative distance from wall. 

 
Equation 2-102 is recommended for probabilistic modelling: 
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However, the magnitude of pm / pA,m is sometimes as much as a factor of three 

different from the prediction curve, so, in addition, a line for an upper bound for 
the data is also given (Eq. 2-103). The following equation is recommended for de-
terministic approaches: 
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In both cases pA,m has to be estimated by available methods for impact loads 

(see section 2.5.1). 
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2.5.6.1 Pressure-impulse modelling 

Pressure-impulse modelling was applied to the WKS data for 12 suitably chosen 
impacts. The pressure-impulse technique (with the inclusion of an air pocket, 
bounce back model) was extended by giving guidelines to the selection of the input 
parameters when velocity data and side-view video are not available. The compari-
sons between the pressure impulse bounce back model and the data were quite good. 

It was found that sufficient conditions for using pressure-impulse theory were as 
follows: 

a) Reflective pressures must be removed in the integration of pressures; 
b) Fh,max / Fh,q > 2.5 and Fh,max /(gHb² > 2.5); 
c) For tests late in a run of waves, the model can only be used as an ap-

proximate upper bound; 
d) Vt/ < 1. (V = velocity scale, t=period of integration, =height of water 

at the wall after initial impact) 
In addition some ideas are explored with regards to converting pressure impulse 

to pressure at the time of maximum force, and one case was examined. This ap-
proach enabled a reasonably good prediction of the impact pressure, pi, using the 
following relationship:  

 

p
P

t ti

a b




2
 (2-104) 

 

where P is the pressure impulse, pi is the maximum pressure on the berm above 
the background reflective pressure (the bounce back model assumes the reflective 
pressures are negligible), and ta and tb are the upper and lower boundary of the 
impulsive pressure area, respectively. It is thought that this method could be ex-
tended to predict pressure at the time of maximum force, pmax, by pmax = pi + pref, 

where pref is predicted by methods described in Volume IIa, section 5.6 and pi by 
pressure impulse theory. In Figure 2-32 a comparison of pi for the bounce back 
model, the statistical equation and the measured values is shown. Both prediction 
methods over-estimate pi, but the similarity between the two methods is remark-
able. 
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Figure 2-32. Comparison of pi for the bounce back model, statistical equation and measured values. 

2.6 BROKEN WAVE LOADS 

2.6.1 Strongly depth-limited waves  

The height of broken waves is depth limited which means that the relationship be-
tween Hsi/d and Fh described in Equation (2-3) does not hold for the impacts of 
such events. Consequently a different method of calculating Fh is required. A field 
study of impacts loads caused by broken waves has indicated that the following 
equation is appropriate: 

 
pi  max =  Tp Cb

2 (2-105) 
 
Where  is an aeration term that is discussed below,  is the water density, Tp is 

the wave spectral peak period, and Cb is the velocity of the breaker at the wall. 
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Figure 2-33. Pressure distribution induced by broken waves. 

 
The simplest formula for the breaker celerity is obtained from shallow water 

wave theory ;  
 

gdCb   (2-106) 

 
A more refined method can be found in SPM(1984). Two sources of values for 

 in Equation 2-105 exist, the first is recommended. 
 
For small scale waves,   = 10 s-1 
For prototype waves over an irregular foreshore,  s
For prototype waves over a smoother foreshore,   s-1
 
The second set of values are reproduced in Table 2-10. 
 

swl 

0.4d 

Pi max PHydro 

d 
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Table 2-10. Values for the roughness term  
 Fore-

shore 

slope 

1/5 – 1/10 1/30 – 1/50 1/100 

Foreshore conditions     
Very smooth  1.5 0.9 0.7 
Rough, rocky  0.5 0.3 0.24 
Very rough, emergent rocks  0.13 0.18 0.14 

 

2.6.2 Wave loads on crown walls 

The variability of broken wave-induced forces on crown walls is rather less than 
of impact events on vertical breakwaters. Broken waves on crown walls show 
relative consistent responses, so a deterministic approach to the wave-to-force 
transfer function can be taken. 

For design purposes, the sea state will be defined by the significant wave height 
at the toe of the breakwater, Hs, peak period, Tp and storm duration. For design 
methods using a single wave height, a calculation wave height, Hc, must be de-
termined, recommended as Hc = H99.8% for preliminary design. (If H99.8% can not 
be determined from the wave distribution in the design sea state, Hc 1.8 Hs can 
be accepted.) It must always be checked that Hc is compatible with the local water 
depth.  

Next, it must be verified that waves can not plunge directly onto the wall gen-
erating impact pressures. Only surging, collapsing or broken waves are consid-
ered in this method. The criteria for deciding whether the method can be applied 
is the occurrence of shock impact events. Once selected the wave height (Hc) and 
wave period (Tp) are known, the impact event due to this wave does not occur, in 
the following cases: 

1) If the design wave breaks before reaching the breakwater toe.  
2) If Ir > 3, where Ir = tan  / sc

1/2 , and sc = Hc /Lpo, and Lpo is the peak wave 
length in deep water and  is the breakwater slope angle. For this case, the 
wave breaks on the breakwater slope as a collapsing or surging breaker. 

3) For other cases the method described in Volume IIa, section 6.2 (Fig. 2-34) 
identifies the regions of shock impact and non-impact events as a function 
of relative berm width (Bb/Hc) and relative berm crest height (Ac/Hc), 
where Bb is the berm length and Ac is the berm crest height, above design 
sea level. 

 



64   Probabilistic Design Tools for Vertical Breakwaters 

64 

-1.0 -0.5 0.0 0.5 1.0
Ac/Hc

0.0

1.0

2.0

3.0

4.0

Non impact
i

Impact region

B
b
/H

c

 

Figure 2-34. Definition of shock impact and non-impact regions (empirical). 

 
It has been noted that a single wave may generate two peaks of force on the 

vertical structure. For wave impact events, the initial peak (impact force) is al-
ways larger than the second peak (pulsating force). For crown walls and other 
walls subjected to broken waves, whether the impact force is larger than the pul-
sating force depends on the wave and armour characteristics. Thus, the engineer 
must consider both load situations in the analysis, and select as design load the 
one which produces the lowest safety factor. 

Simplified pressure distributions corresponding to the two load situations due 
to the calculation wave (defined by wave height Hc, peak wave period, Tp, and 
water depth h) are shown in Figure 2-35. A detailed description of the method and 
its basis can be found in Vol. IIa, section 6.2.  
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Figure 2-35. Pressure distributions, impact and pulsating. 

 

2.6.2.1 Impact pressures 

The pressure distribution in this loading case is determined by Pso and Cw2. Over 
the unprotected region of the crown wall (above Ac) the pressure is: 

 
Pi(z) = Pso = Cw1 w g So      with   Ac + So > z > Ac (2-107) 

 
Cw1 = 2.9 [(Ru/Hc) cos ]2 (2-108) 

 
So = Hc (1 - Ac/Ru) (2-109) 

 
Where z is the vertical co-ordinate, referred to a design SWL, positive up-

wards; Ru is the run-up height of the calculation wave (Hc, Tp) on a straight-
infinite slope; Ac is the level of the armour berm above design SWL; w  is the 
water density; and g is the gravitational acceleration. 

To calculate Ru, Losada & Giménez-Curto (1981), based on experimental work 
under monochromatic waves and normal incidence, proposed the following expres-
sion for Ru on an infinite slope: 

 
Ru/Hc = Au [ 1-exp (- Bu Ir ) ] (2-110) 

 
where, Au and Bu (Fig. 2-36) are experimental coefficients, which depend on the 

type of armour unit and the Iribarren Number. 



66   Probabilistic Design Tools for Vertical Breakwaters 

66 

 

 

Figure 2-36. Run-up parameters Au and Bu (after Losada, 1992). 

 
Over the region of the crown wall protected by the armour berm, the pressure 

distribution is: 
 

Pi(z) = Cw2 Pso = Cw1 Cw2 w g So     with  wf < z < Ac (2-111) 
 
where wf is the foundation level of the crown wall (above SWL) and Cw2 is an 

empirical non-dimensional parameter calculated for 0.03 < Hc/Lp < 0.075, given 
by: 

 
Cw2 = 0.8 exp ( -10.9 Bb/Lp ) (2-112) 

 
where Bb is the armour berm width at Ac level and Lp is the local peak wave 

length. 
 

2.6.2.2 Pulsating pressures. 

The pressure distribution in this case is determined by: 
 

Pp(z) = Cw3 w g (So + Ac-z) (2-113) 
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Where Cw3 is a non-dimensional parameter evaluated empirically from mono-
chromatic wave tests as: 

 
Cw3 = a exp (Co) (2-114) 

 

Co = c (Hc/Lp-b)2    with  ( 0.03 < Hc/Lp < 0.075) (2-115) 
 

Table 2-11. Fitting coefficients for Eqs  2-114 and 2-115. 

Bb/Dn50 a b c 

1 0.446 0.068 259.0 

2 0.362 0.069 357.1 

3 0.296 0.073 383.1 

 
where Dn50 is the equivalent size of the armour units forming the berm. 

2.6.2.3 Uplift pressures. 

The following values are adopted: 
 Seaward edge:  

- impact pressure = Cw2 Pso 
- pulsating pressure = Pp(z = wf) = Pre 

 Heel: 
- Negligible impact pressure, Pra= 0 
- pulsating pressure = Pra, from Figure 2-37. 
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Figure 2-37. Relative pressures underneath a breakwater crown wall. 

 
where Bc is the width of the crown wall foundation. For design purposes the 

porosity selected must represent the porosity of the material on which the crown 
wall is founded. A linear law between the seaward edge and the heel is proposed 
(see Vol. IIa, section 6.2). 

2.6.3 Wave loads on caisson on high mounds 

 

A new high mound composite breakwater (HMCB, Fig. 2-38) has been developed 
by the Port and Harbour Research Institute in Japan and studied by LWI. This in-
novative breakwater consists of a high mound rubble foundation (hb/hs = 0.75 
to 1.05) and an energy dissipating superstructure. The interaction between the 
high mound and breaking waves has been examined where the experiments fo-
cused on: 

a) wave breaking and hydraulic performance in front of the structure; 
b) dynamic and quasi-static wave loads on the superstructure due to breaking 

waves; and 
c) the structural response of the superstructure. 
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Figure 2-38. Definition sketch for characteristic lengths of the structure. 

 
An important characteristic of the HMCB can be seen in Figure 2-39 where wave 

load (here given by pressures on the solid front wall) increases with increasing wave 
height up to a certain limit (H < Hb-b). Beyond this limit, further increasing wave 
heights cause almost constant wave loads (H > Hb-b). The largest wave loads have 
been observed at the transition from breaking to broken wave loads. 

 

 

Figure 2-39. Wave pressure at the solid front wall for different load types. 

 
Due to this rather different response, the parameter map described in sec-

tion 2.2.2 is of limited use for this type of breakwater. A better distinction of loading 
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cases for a HCMB is achieved by defining critical wave heights Hn-b (transition from 
non breaking to breaking wave loads) and Hb-b (transition from breaking to broken 
wave loads) as given in Table 2-12. If the berm is above still water level the critical 
wave heights are zero. 

 
Table 2-12. Calculation of Hn-b and Hb-b. 

Type of wave Hn-b/d [-] Hb-b/d [-] 

Short waves: 0.9  2 hs/L < 1.2 1.2 2.0 
Intermed. Waves: 0.6  2 hs/L < 0.9 1.0 1.8 
Long waves: 0.3  2 hs/L < 0.6 1.7 2.5 

 
The load analysis is based on characteristic pressures which are used to predict 

the resulting wave forces on the superstructure and consider the influences of wave 
period, shallow water on berm, wave overtopping and permeability of the structure. 
The calculation procedure for the wave pressures and forces at the front wall for non 
breaking, breaking and broken waves is as follows for regular waves and a solid 
type wall. The wave height H can be assumed to be the mean wave height Hm in this 
case. For random waves H can be replaced by H1/3 or H1/10, respectively and the 
wave period equals the peak period Tp. The latter case will then result in characteris-
tic pressures p1/3 or p1/10 depending on which wave height was used as input. 

2.6.3.1 Critical wave heights 

Hn-b and Hb-b can be calculated from Table 2-12 where hs is the water depth at the 
toe of the structure and L is the local wave length (Lpi) calculated from Tp and hs 
as given in Equation 2-40. 

2.6.3.2 Critical wave pressures 

Calculate the corresponding critical pressures p1,n-b and p1,b-b by: 
 

H  g        =  p bn-11bn-  1,    (2-116) 

 

   H - H    g       + p  =  p bn-bb-1312bn-  1,bb-  1,   (2-117) 

 
where p1 is the wave induced pressure at the height of the still water level in 

front of the structure and the three pressure coefficients 11, 12, and 13 are given 
as follows: 

 

  







  

  L  /  h  4  sinh 

L  /  h  4
   + 0.6  =  

s

s

2  

11 


  (2-118) 
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






0.9 < L  /  h  2  0.3for       16

1.2 < L  /  h  2  0.9for       36
   =  

s

s

12 


  (2-119) 

 

   H  /  R  ;  1  min   =  c13  (2-120) 

 

2.6.3.3 Pressures and resultant force for non breaking waves 

The pressures and the resulting force for non breaking waves can be calculated as 
follows (ranges of validity are 0.25 < d/H  1.25): 

 

H  g      =  p 111   (2-121) 

 

0  z  h-for          
h

z
 + 1    p  =  p 313 





 
 (2-122) 

 

  H  g      L  /    2      9  =  p 2
2  

4   (2-123) 

 
where 2 = 1.5H-Rc

* (but not smaller than zero); Rc
* equals the minimum of 

the freeboard and the water elevation  above SWL (Rc
* = min (Rc; )); 3 is 

equal to 0.65 for d  0 and equal to 0.8 for d > 0; h' is the distance between still 
water level and bottom of the superstructure; z is a variable in between 0 and h'; 
p3 is the resulting pressure at the height of the base of the caisson; and p4 is the 
pressure at the top front face of the structure. The resultant force can then be cal-
culated using the trapezoidal method: 

 

) p + p ( R  
2

1
 + ) p + p ( h  

2

1
 = F 41

*
c31f   (2-124) 

 

2.6.3.4 Pressures and resultant force for breaking waves 

For breaking waves the following formulae are valid within the range of 
0.25 < d/H < 1.25: 

 

   H - H    g       + p  =  p bn-1312bn-1   (2-125) 
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The pressures 2 and 3 can be calculated as given for non breaking waves. 
The resultant force takes into account the time lag between the maximum pressure 
at SWL and the top of the front wall: 

 

p 
4

d
 + ) p + p ( h  

2

1
 = F 131f   (2-126) 

 

2.6.3.5 Pressures and resultant force for broken waves 

For broken waves the pressure at SWL can be estimated as follows: 
 

   H - H    g     + p    p bb-14bb-1   (2-127) 

 
where 14 is 1.0 for the berm below SWL (0 < d/H < 1.25) and 3.0 for the berm 

being above SWL (-0.25  d/H  0). For slit-type structures (pillars in front of a 
vertical wall) the corresponding formulae are given in Muttray & Oumeraci 
(1999).  

2.6.3.6 Uplift forces 

As a first approach, uplift pressures and forces may be estimated by assuming a 
triangular pressure distribution underneath the structure where the pressure at the 
seaward side of the structure pu equals p3 (Eq. 2-122) and the pressure underneath 
the shoreward side may be assumed to equal zero.  

However, when structure is overtopped or rocking occurs the pressure underneath 
the heel of the structure will increase up to the same pressure at the seaward side 
(rectangular distribution). This case has yet not been investigated in sufficient detail 
to give appropriate design formulae but some further aspects are given in Vol-
ume IIa, section 6.3. 

2.7 FIELD MEASUREMENTS AND DATABASE 

During PROVERBS field measurements were carried out at five different field 
sites by five separate institutions. The breakwaters at each site were distinctly dif-
ferent in terms of construction, wave climate and tidal range, providing a wide 
cross section of field results. 

This section describes, briefly, each site and the data collected up until Sep-
tember 1998. The physical layout and the instrumentation of each site are de-
scribed in more detail elsewhere. 
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2.7.1 Dieppe 

The structure here is of Jarlan type caissons, which are perforated on both sides, 
standing on a rubble mound in 6m of water at MLW. The tide range is 12 m and 
the crest height is 2.4 m above MHW. The design wave height and period are 
Hs = 12 m and Ts = 12 s but so far the maximum measured data is Hs = 2.1 m and 
Ts = 6.5s. The loading expected is primarily pulsating with some transitional load-
ing but the perforations will add complications. 

2.7.2 Porto Torres 

Here there is a direct comparison between plain and perforated caissons at proto-
type scale. The crest level is 8.0 m above MHW and the depth of water to the sea 
bed is 20 m. The prototype data was collected at a rate of 20Hz and the wave data 
obtained so far has maximum values of Hs = 3.9 m and Ts = 9.2 s. Because of the 
water depth and wave height expected only pulsating loads are likely. Model tests 
have been conducted at 1/20 scale. Both model and prototype measurements in-
clude uplift pressures. 

2.7.3 Las Palmas 

The structure is of caisson construction, 30 m high on top of a rubble mound, in 
48 m of water. The tide range is 2.8 m. Accelerometer and pressure transducers 
are used to monitor the performance of the caissons. The data are logged at a rate 
of 25Hz. Model tests have been completed  

2.7.4 Gijon 

This is primarily an armoured breakwater, in 23 m of water, with a crest level 
17 m above MHW and a tide range of 4 m. The concrete superstructure was in-
strumented with pressure transducers which were logged at a rate of 20 Hz and 
readings were completed in April 1998. 

Two sets of model tests have been carried out one at 1/90 scale with regular 
and random waves. The second series used a 1/18 scale model (funded outside of 
PROVERBS) with regular, random and measured storm waves. 

Wave data was obtained from a transducer array on the sea bed in front of the 
breakwater. The design wave height is Hs = 10 m and the maximum measured so 
far is 7 m. 

Because of the nature of the structure the loading is unlikely to produce im-
pacts but will generate pulsating loads or broken waves 
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2.7.5 Alderney 

This is an old masonry structure built on a rubble mound in approximately 20m of 
water at MLW. The front face is stepped and slopes at about 300. The crest level 
is 6 m above MHW. The depth at the toe at MLW is 0.9 m and the tide range is 
5.3 m. The loading, therefore, varies from broken through pulsating to impacts 
depending on the wave height and tide level at the time of recording. Prototype 
measurements of pressure and aeration were logged at 0.5kHz. Wave data was ob-
tained from six pressure transducers located on the sea bed which gives wave 
height, period and direction. Maximum wave height and period recorded at full 
scale are H = 2.9 m and T = 11.1 s, respectively. 

Model test have been completed and were carried out at 1/25 scale with a log-
ging rate of 2kHz with regular and random waves in both fresh and sea water. 

2.7.6 Field measurement database 

Because the great expenditure of effort and the time consumed in obtaining field 
data, unlike laboratory records, the data obtained has been carefully recorded and 
archived but it is unlikely that there will be enough impact events in a field record 
to enable a statistical analysis to be carried out. 

The PROVERBS ‘Field Work Database’ has been progressively developed and 
adapted from the start of project to summarise the analysed data collected at each 
field site into the requisite parameters.  

2.7.6.1 Definition of database parameters 

Definitions of events and other parameters for field work were discussed in some 
detail during PROVERBS where it was decided that the same definitions and 
methods were to be used by all the field and laboratory workers for ease of com-
paring results. The wave and pressure trace parameters are defined in Annex 1 of 
this Volume. 

Many of the field sites have varying record lengths and different methods of 
obtaining data. The present database format used here has been devised to take 
these factors into account and is in Excel format for ease of communication. 

A typical database is shown here and the various sections are explained below. 
NOTE. Analysis of the pressure data follows the methods, where possible, laid 

down by McConnell & Kortenhaus (1997). 
Record Information: This is the basic information required to trace the record at 

the Partner Establishment. Only one set of these records are required per set of 
impacts or wave loading data. Where wave loading data sets are recorded at two 
locations at the same site e.g. Porto Torres, two sets of data entries are produced 
and distinguished per recording period as plain or perforated. 
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Wave Data: Essential details about the significant wave height, water depth at 
the toe (defined so that it is positive) when the toe is immersed at the time of the 
record and moment parameters needed to define the wave spectra for comparison 
with the model waves used in the laboratory. 

Pressure Data: This is taken from the first pressure transducer (PT) above the 
still water level (SWL) at the time of recording. Only the first ten significant re-
cords are recorded and are listed in order of rank.The following columns to the 
right maintain this order 

Entries have been left blank where data is not available. Where impact pres-
sures do not occur this column is left blank and data is sorted according to maxi-
mum quasi-hydrostatic pressure (Pmwl,q) and corresponding columns left blank 
 Force data: This is evaluated for each of the events picked out by the sig-

nificant pressures. (It does not follow that the force data will be in order of 
rank). Units for Force are kN/m run and for Impulse are Ns/m. 

 Uplift Data: Similar to the Force data. Not all field workers are recording 
uplift pressures. 

 Geometric Data: Site plans, cross-sections, etc are included in the relevant 
section.  

2.8 ALTERNATIVE LOW REFLECTION STRUCTURES 

2.8.1 Perforated vertical walls 

2.8.1.1 Introduction 

Despite their increased complexity and cost of construction as compared to plain 
caissons, perforated caissons are becoming more and more popular not only for 
anti-reflective quaywalls inside sheltered harbours, but also for external caisson 
breakwaters, in order to partly overcome the typical drawbacks of vertical struc-
tures: large reflections, forces, overtopping and toe scour. Perforated vertical 
breakwaters are intended to absorb part of the wave energy through various 
mechanisms, such as turbulence, resonance and viscous. The larger the water 
level difference at the two porous wall sides the larger the energy dissipation, 
which is therefore strongly dependent on the wave length L (variable efficiency 
with sea-states). 

There are different structural solutions to provide this dissipation within a rela-
tively narrow horizontal space and the most used ones are the caissons with ab-
sorbing chambers and the single/multiple perforated screens with variable poros-
ity and screen spacing. Typically the walls have vertical or horizontal slits or a set 
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of rows of circular or rectangular holes. The internal walls can also be perforated. 
The absorbing chambers are usually topped by a ceiling slab (preferably with 
venting holes for air escape) but they can also be open (as for multiple screens). 
The wall porosity, defined as the ratio of the area of the front wall openings to the 
total wall area, is typically within the range 15-40% and the chamber width B is 
typically within the range of 1/10 to 1/4 of the local wavelength L. The screens 
are especially used in sheltered harbour waters to reduce wave transmission with-
out excessive space occupancy and limitation of seawater exchange, while perfo-
rated caissons are used in deepwater exposed sites.  

The perforated wall for coastal engineering applications was introduced by Jar-
lan in the early 1960s with the first application at Comeau Bay (Canada). Various 
examples of perforated caisson breakwaters exist in Italy (Franco, 1994), France 
and Japan (Takahashi, 1996). Much theoretical and laboratory research has been 
carried out in the last 30 years in order to study the hydraulic performance of 
these structures and extensive bibliography is available. However, no general 
practical design criteria are yet consolidated, due to the variability and complexity 
of the geometries and related hydraulic processes. 

Thus further experimental model tests have been performed within PROV-
ERBS by ENEL-Milan, Caen University and Leichtweiß Institute, Braunschweig, 
and field measurements at Porto Torres (Italy) and Dieppe (France). Several ap-
proaches are proposed to derive comprehensive formulae capable of allowing a 
computation of the pressures and forces acting on the structures under pulsating 
waves as well as to improve the physical understanding of the hydraulic perform-
ance of various structure configurations.  

2.8.1.2 Prototype measurements 

Field data from two perforated caissons have been considered: the Porto Torres 
(Sardinia, Italy) multi-chamber caisson and the one chamber Dieppe (Seine-
Maritime, France) caisson.  

The Porto Torres perforated caissons (three chambers with rectangular holes, 
with decreasing volume from seaside to harbour side) is shown in Figure 2-40. 
For nearly two years after Porto Torres harbour completion, in 1992, the perform-
ance of the new breakwater was monitored using 53 sensors: a perforated caisson 
and plain wall one, spaced 62 m, oriented in the same direction and with the same 
depth of 20 m, were monitored.  
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Figure 2-40. The perforated Porto Torres caisson with pressure transducers position. 

 
In the two year operation, 10 sea states were recorded (Hs<= 3.5 m; 6<Tp< 

9.2 s). Runup levels, front face and uplift pressure measurements were analysed in 
both statistical and spectral ways in order to define the most significant parame-
ters. Interesting results were obtained comparing time histories of water levels of 
plain and perforated caissons, showing a 30% reduction of run-up height.   

Horizontal and uplift forces were calculated for the plain caisson, at each in-
stant of the data set (2 Hz sample frequency), integrating pressures with the trape-
zoidal rule (interpolating linearly data between two measurement points). It was 
found that Goda’s models overestimates both horizontal and uplift loads and the 
latter shows an almost flat trend compared with the triangular shape suggested by 
theory and by model tests. No interesting data could be extracted by the pressure 
recorded at the perforated caisson for the actual measured values showed very 
poor correlation with water level. This fact could be due both to treatment of the 
raw data which are no more available and by the fact that the wave pattern in the 
vicinity of the perforated caisson shows is extremely complicated, particularly for 
relatively low storm waves – as those considered. As a matter of fact the combina-
tion of reflection and transmission at the perforated walls in both horizontal direc-
tion is most likely to reduce the effective wave height along the caisson.  

The 225 m long West breakwater made of double Jarlan caissons (Fig. 2-41) 
was inaugurated in 1992 at Dieppe harbour. The rectangular caissons are 25 m 
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long, 17 m high and composed by 2 dissipation chambers separated by a wall. 
The perforated walls (28% porosity) have 0.90 m diameter circular holes, are 0.90 
m thick and reinforced by internal transversal walls with 2 x 2.5 m rectangular 
holes. The sea side chamber width is B = 13.5 m with open ceiling. Each chamber 
is filled with concrete for a height of 2.8 m and so a typical 25 m caisson (but for 
the breakwater head) has a total mass around 8900 tons. The foundations were 
made of quarry stones while the friction surface was formed with selected pebbles 
(20-63 mm). A geotextile was placed between the existing soil (mud, sand and 
gravel) and the quarry layer. The caisson toe is protected by 1-3 ton blocks. Tide 
range is 10.80 m with depth in front of the breakwater varying from 6 to 17 m. 
The design wave parameters are Ts=12 s and Hs=8.20 m. 

 

 

Figure 2-41. Cross section of Dieppe caisson and pressure cells location. 

 
One caisson is instrumented with 7 pressure cells put at the bottom and 

8 similar cells on the vertical faces of the sea-side chamber (Fig. 2-41). Cells n°6 
and 7 are located at the same elevation of n°2 on the outer wall. Sampling fre-
quency is 3 Hz for 10 minutes duration. 

The data analysed are essentially coming from the storm of 13th February 1997. 
The significant wave height calculated from pressure cells (no wave recorder 
available at the time) would be equal to 3.71 m and wavelength around 112 m 
(B/L = 0.12), the water level was 8.50 m..  
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Figure 2-42 shows time series of the forces Fext, Fint, Fr as well as the total force 
Ftot. Fr values are greater than Fext values. This is due, in this case of storm waves, 
to the fact that pressure values are stronger on rear wall than on perforated one: 
pr = 21.66 kPa while pext = 20.92 kPa. 
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Figure 2-42. Example of recorded time series of forces acting on Dieppe caisson. 

 
Uplift pressures for the same storm, variations of signals from the 3 cells b1, b2, 

b3 were quasi simultaneous. The conventional triangular distribution is not re-
spected as also shown by measurements at Porto Torres breakwater. 

2.8.1.3 Model tests  

Large and small scale model tests were conducted by LWI, ENEL and UC.  
 
The LWI tests were conducted in the Large Wave Flume (GWK) of the 

Coastal Research Centre, a joint institution of the University of Hannover and the 
Technical University of Braunschweig. The large-scale tests in the GWK were 
carried out firstly with single perforated screens (consisting of up to 29 horizontal 
elements made of 180x180mm square steel pipes) of 5 different porosities (poros-
ities of 0% (impermeable), 11%, 20%, 26.5% and 40.5%).  

The second part of the test programme was performed with chamber systems 
consisting of up to three perforated screens, combined with an impermeable rear 
wall (Ct = 0). Two One Chamber Systems (OCS) with identical porosity 
(n = 20%) of the seaward perforated wall but having a different chamber width B 
(B = 4.8 m and B = 7.8 m) and two Multi Chamber Systems were tested. The wa-
ter depth was kept constant for all single permeable screens (d=4m) but was var-
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ied in three steps (d = 3.25, 4.00, 4.75 m) for the impermeable wall and the cham-
ber systems. The incident waves, wave transmission and wave reflection were 
analysed by wave gauges which were grouped in three sets (one in the far field, 
one in front and one behind the structure) with 4 wave gauges each. Additional 
wave gauges were installed to measure the water surface elevation and the water 
level gradient directly at the permeable screen. 

The resulting wave loads were measured with pressure transducers which were 
installed at 10 positions at the front and back side of the structure. Data were re-
corded at 200 Hz.  

The tests were carried out with regular waves (H = 0.5-1.5 m and T = 4.5-12 s), 
random waves (Hs = 0.5-1.25 m, Tp = 4.5-12 s), solitary waves (H = 0.5-1.0 m) 
and transient wave packets. Due to the structure height of approximately 6 m, 
overtopping is negligible. 

 
The Porto Torres perforated caisson model was reproduced in 1:20 scale. 

The tests performed at the end of 1997 in the ENEL random wave flume were in-
tended to measure simultaneously global horizontal forces and pressures. The 
model caisson was therefore equipped with dynamometer as well as pressure 
transducers. In order to give the necessary statistical reliability to this investiga-
tion, only tests performed with long random wave sequences were used.  

For consistency with the Goda formula (Goda, 1985) the offshore H1/250 
(H1/250,o) value for the required “highest wave in the design sea state” (Hmax) has 
been used. T1/250,o is the wave period associated to H1/250,o (the average of periods 
of the highest 1/250 of zero-downcrossing wave heights) and L1/250,o is the wave 
length at the h water depth for this period. The H m0,inc and Tp values are the spec-
trum incident wave height and peak period. The test range conditions for the 
above parameters (in prototype terms) have been: 
 H1/250 =3.718.08 m 
 T1/250 =6.2211.258.08 s 
 L1/250 =59143 m 
 B/L=0.0710.172 
The total width of the three perforated chambers of Porto Torres structure is 

B = 10.15 m, but the perforated chamber height in PT structure is considerably 
reduced with respect to the caisson height. This feature was not considered as-
suming that the counteracting effect of the multi-chamber and of the reduced 
depth is matching. All tests were performed with a water depth corresponding to 
21.0 m. 

 
The Dieppe Caisson 1:25 Model Tests were performed in the 1 m wide, 0.8 m 

deep, 25 m long GMFGC/UC wave flume with the model caisson put on a flat 
bottom or put on a porous berm.  
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Conditions of tests were the following: 
 Regular wave generation  
 Chamber width: B = 0.54 m 
 Water depth: hs = 0.50 m for case a, and hs = 0.40m for case b 
 Perforation shapes: circular holes 40mm giving total porosity n = 0.28 
 Pressure devices: 11 pressure cells on the 3 faces for case a and 9 cells for 

case b. 
 Signal sampling rate: 10 Hz per sensor. 
The non-dimensional wave parameter ranges during the tests were the follow-

ing: 
 for the case of caisson without berm:  

- 0.066  B/L  0.30 

- 0.004  H/L  0.057 

 for the case of caisson with a berm:  

- 0.096  B/L  0.30 
- 0.008  H/L  0.054 

Experimental devices include two resistive sensors for measurement of run-up 
on the two walls of the caisson as well as 4 others put on the middle of the flume, 
each 1.50 m apart, for determination of reflection coefficient and incident wave 
height.  

As water depth above the berm was d = 0.265 m, water depth in front of toe 
hs = 0.40 m and berm width Bb=0.33 m (hence: (hs-d)/hs = 0.33 and Bb/L  0.2) it 
can be assumed that no impact conditions apply and impact pressure coefficient 
can be set I = 0 after Takahashi & Shimosako (1994). This value is confirmed by 
the PROVERBS approach (Volume IIa, section 2.2) showing that when 
0.04  Hi/hs 0.25 breaking waves occur without impacts and by actual observa-
tions of the 2D-model.  

2.8.1.4 Methods to predict forces for perforated caissons 

Overall forces on perforated caissons are reduced in comparison with plain wall 
caissons of the same dimensions for two main reasons: 
 reduction of total wave heigth in front of the caisson due to a lower reflec-

tion coefficient due to dissipation of the energy ; 
 phase lag between the maximum force timing of the incoming wave as the 

total force acting on the caisson is the resultant of the force on permeable 
wall(s) and impermeable rear wall.  

These phenomena depend upon the wave characteristics and the geometry of 
the perforated caisson including chamber shape and dimensions, wall porosity, 
presence of vents (in case of closed ceiling which makes the determination of the 
wave forces upon the perforated breakwaters very complex. 
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According to what stated above two approaches are most commonly used to 
calculate forces: 
 Canel approach (Canel, 1995) which proposes a reduction of the design 

wave height to be introduced in the well known Goda formula based upon 
the reflection coefficient; although very simple this approach is of little use 
for the designer as it simply reverses the problem to that of finding out 
which the structure reflection coefficient is; 

 Takahashi modification of the Goda formula (Takahashi & Shimosako, 
1994), which is based upon the calculation of the total force from the pres-
sure distribution on the walls. To define the maximum forces, he defines 
the critical conditions for design out of three wave phases: the crest arrival 
at the perforated wall (crest I) or at the rear wall (crest IIa and crest IIb). 
Besides the fact that the method is relatively complex, the tests have shown 
that it either over or underestimate the total force according to the crest 
choice. This is due to the fact that the Takahashi formula does not take suf-
ficiently into account the dephasing evolution between the actions on each 
wall.  

To improve existing methods each partner proposed its own approach firstly in-
tended to fit their data. All the proposed formula were then tested against all the 
data available to verify their prediction effectiveness.  

 
Empirical formula developed from screen tests (GWK) 
The sum of wave loads measured simultaneously on every successive perforated 
wall gives the total force on the structure. Measurements indicated that the overall 
load is reduced for wave crest and wave trough situations (pulsating loads) com-
pared to the measured forces on the impermeable vertical wall (F0). This force re-
duction is mainly due to the phase lag and in some cases due to opposite loading 
directions especially for large B/L ratios ("residence time"). The reduction factors 
(Ftot/F0) are significant, particularly for the Multi Chamber Systems: 
 One Chamber System:    Ftot,OCS/F0 = 0.6-0.8 
 Multi Chamber System:    Ftot,MCS/F0 = 0.5 
The overall load can be calculated as: 
 

tot
1.1

tot i
2F = 12 tanh  (0.009 FF ) g H   [kN/ m]      (2-128) 

 
where FFtot is a total load parameter defined as: 
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/
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which fits well the experimental data (Fig. 2-43) for non breaking waves. 
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Figure 2-43. Overall loads on One- and Multi Chamber Systems (GWK, 1997) (Bergmann & Ou-
meraci, 1998). 

 
The LWI approach was checked against other data sources where it proved 

to be very accurate for prediction of forces for the Dieppe caisson but rather 
poor (up to 50% underprediction) for Porto Torres model data from 2D and 
3D tests (ENEL and PM/DH respectively). This could be due both to the fact 
that UC and LWI/GWK data are regular wave tests against random wave tests 
or because the former data refers to open ceiling and the latter to closed ceil-
ing structures. 

 
Empirical formula developed from Porto Torres model tests 
ENEL approach has been addressed to find a modification of the design wave 
height involving only the dimensionless parameter B/L. The total horizontal force 
Fh by Goda model was calculated and compared with the corresponding measured 
values for each available perforated structure data set. As the data came from dif-
ferent experimental conditions, the application of Goda formula required the fol-
lowing assumptions about the wave parameters to be used: 
 Porto Torres 2D random model tests (dynamometer data): the offshore val-

ues H1/250,os and the associated period T1/250,os were used; these wave pa-
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rameters come from the statistical zero-crossing analysis of the signal re-
corded by a single probe placed offshore in the lateral of the three channels 
which the wave flume is divided in (de Gerloni et al., 1997); the wave 
length L1/250,os was calculated at 21 m water depth for T = T1/250,os; 

 Dieppe Caisson 2D model tests performed with regular waves (integrated 
pressure data): the incident wave Hsi (measured at about 2 to 5 wave 
lengths from the caisson) was used as the Goda Hmax value together with 
the corresponding period T; the wave length L related to the latter was cal-
culated at 10 and 12.5 m water depth; 

 PM/DH (Franco C., 1996) 3D random tests (dynamometer data): the sig-
nificant wave height Hs,os (measured by a directional probe according to 
maximum entropy standard DH method) times 1.8 was taken as the Goda 
Hmax together with the corresponding significant period Ts; the wave length 
L related to the latter was calculated at 18.9 m water depth. 

A reduction coefficient applied to H1/250,os, to Hsi and to Hs,os for the three data 
sets respectively was calculated for each experimental datum in order to make the 
measured and calculated force coincident. A relationship between this reduction 
coefficient Kr and B/L was found:  

 

 
L

BaKr 1  (2-130) 

 
with a = -1.43, a standard deviation a = 0.08 and a regression coefficient of 

R2 = 0.52. 
The proposed reduction coefficient and the Canel reduction coefficient were 

plotted in Figure 2-44 against B/L. The Canel reduction coefficient has been cal-
culated from the reflection value measured in the tests.  
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Figure 2-44. Comparison between proposed and Canel reduction coefficient against B/L. 

 
Modification of Goda/Takahashi formula developed from Dieppe model tests 
A specific calculation method was developed at GMFGC/UC taking into account 
the phase delay between the apparition of the wave positive peak on the faces of 
the perforated wall as well as on the rear wall,. This new method, still based on 
Goda (1985) formula and applicable to pulsating wave conditions, calls for modi-
fication factors involved in the calculation of forces on each wall and introduces a 
new  factor tied to the phase delay. This improvement allows to avoid the choice 
among the 3 wave phases presented by Takahashi.  

This new calculation method (Tabet-Aoul & Belorgey, 1998), applicable for 
B/L<0.35, can be processed as follows (see Fig. 2-45 for reference): 
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Figure 2-45. Peak pressure diagrams and resultant forces on the caisson. 

 
Calculation of wave run-up on the vertical walls 
The parameter hc*, including overtopping effect, is calculated using the Goda 
formula as follows: 

 
hc* = min {*, hc} (2-131) 

 
Wave run-up is modified taking into account structure specificity, but for the 

incidence wave angle  which remains that by Goda as 2D model test results do 
not allow for a possible improvement of this parameter effect. 

 
* = 0.75 (1+cos) i1 HD  (2-132) 

 
where i1 = p1 = 0.42 for the perforated wall and i1 = r1 = (0.7 - B/L)2 for the 

rear wall 
 

Calculation of pressure parameters 
1 = 0.6 + 0.5[(2kh / sinh(2kh)]2 (2-133) 
2 = min {(1-d/hb)(HD/d)2/3, 2d/HD} (2-134) 
3 = 1 - (h’/h)[1-1/cosh(kh)]  (2-135) 
4 = 1 - hc* / * (2-136) 
hc* = min{*, hc} (2-137) 
*  = max{I , 2} (2-138) 

 

P
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Calculation of pressure diagrams 
 For perforated wall  

pp1 = 0.5 (1+cos) (0.421+(B/2L) (1+*) cos2) 0 HD (2-139) 
pp3 = 3 pp1 (2-140) 
pp4 = 4 pp (2-141) 

 For rear wall 
pr1 = 0.5 (1+cos) ((0.7-B/L)21+(0.43-B/L) (1+*) cos2) 0 HD (2-142) 
pr3 = 3 pr1 (2-143) 
pr4 = 4 pr1  (2-144) 

 
where 0 is the specific weight of water defined as  g. 
 

Calculation of forces 
 Force on perforated wall 

Fp = [(pp1 + pp3)d/2 + (pp1 + pp4) hc*/2] ’ (2-145) 
where ’ = 1 - n   (n : Porosity of the perforated wall) 
 

 Force on rear wall 
Fr = (pr1 + pr3)d/2 + (pr1 + pr4) hc*/2 (2-146) 

 
 Total resultant force 

Ftot =  (Fp + Fr) (2-147) 
 = 1-0.36(B/L)+7.4(B/L)^2-62.1(B/L)^3+116.3(B/L)^4  (2-148) 

 
Wave characteristics and geometrical parameters of the physical models have 

been introduced in the new prediction method in order to compare results with 
those of the model tests (60 cases without berm and 32 with berm) as shown in 
Figure 2-46, where: 
 Fmeas is resultant horizontal peak force derived from pressure recordings 
 Fcalc is horizontal peak force calculated using the proposed method  
 Fo is reference force defined as 0 Hi d 
Calculation have been made using pressure recording data from the 2D model 

tests with caisson with and without berm (put on the flat bottom). 
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Fig. 2-46. Comparison of horizontal forces calculated by the proposed method and those from 
Dieppe 2D model tests. 

 
The ratio Fcalc/Fmeas for the 92 couples of data gives an average value of 1.07 

with a standard deviation of 0.086.  
This method has been considered the more detailed approach as it is intended 

for describing the pressure distribution on every wall face from which the overall 
force can be derived as well as the apportion of the load on every wall considered. 
Having been also proved accurate at a first check, this method has been selected 
and has been validated for a larger data as shown set as described hereafter in 
Figure 2-47 where results are presented in non dimensional ratio, Ftot/oHid, in 
order to get homogeneous values for different sources of data.  
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Figure 2-47. Comparison for validation of calculated forces and measured forces given by external 
sources. 

 
The data set available and the relevant GMFGC/UC method performance is 

shown in Table 2-13. 
 

Table 2-13. Comparison of measured and calculated horizontal forces for perforated structures. 

Data Source Data number Fmeas/Fcalc Standard 

dev. 

Dieppe model data 92 0.93 0.086 
Dieppe field data 2 1.0 n.a. 
SOGREAH 3D Dieppe model 6 0.95 0.219 
LWI large wave flume GWK tests 30 0.91 0.087 
ENEL Porto Torres 2D model data 11 0.84 0.148 
Other data of Porto Torres PM/DH 3 0.76 n.a. 
“OTHER” DATA 53 0.90 0.134 

 
The averaging of the ratio Fmeas/Fcalc shows that the proposed total horizontal 

force determination method gives mean values about 7% overestimating for data 
derived from own model tests and 10% greater than those obtained by measure-
ment derived from the different sources, despite difficulties of homogenisation of 
these results due to different type of structures and sort of model test experimental 
conditions. 
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Standard deviation are given respectively 0.086 and 0.134. Therefore, results 
derived from the proposed method can be considered as sufficiently reliable and 
conservative.  

2.8.2 Other types of caissons  

Innovative structures are increasingly used to reduce loading on and hydraulic re-
sponses from vertical breakwaters leading to a reduction of the dimension and 
costs of the structure. The so-called 'Japanese-type' or armoured caisson breakwa-
ters can be regarded as one of the well known types of structures to reduce the 
wave loading. This type of breakwaters consists of a protective layer in front of 
the vertical breakwater which is made of armour blocks. Especially in Japan, this 
type of breakwater is rather common so that they are very often named as 'Japa-
nese type breakwater'. A typical cross section of this type of breakwaters is given 
in Figure 2-48.  
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Figure 2-48. Typical section of horizontally composite breakwater (Japanese type). 

2.8.2.1 Physics of damping 

Based on the Bernoulli equation in combination with the continuity equation the 
decrease of pressure in the damping layer in the x-direction can be calculated by 
the following exponential expression: 

 

e  p  =  )  x  (  p   x
L

  2
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0
d 


 (2-149) 
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where p0 is the pressure at position x = 0 (seaward the damping layer), depend-

ing on the considered level in kPa, Cd is the damping coefficient, depending on 
the considered level, x is the horizontal distance from the surface of the damping 
layer to the considered point inside the layer in m, and L' is the wave length inside 
the damping layer calculated by 
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 (2-150) 

 
in which Da denotes the added mass coefficient related to the damping layer 

and T is the wave period of the waves which may be taken as the peak period Tp. 

2.8.2.2 Analysis in time domain 

Large-scale model tests were performed in the Large Wave Flume (GWK) in 
Hannover, Germany. It was found from these tests that not only the dynamic hori-
zontal forces but also the dynamic uplift forces are damped significantly. Fur-
thermore, it was noted that the damping increased with increasing dynamic load-
ing.  

Following the definition by Takahashi (1996) the damping ratio can be defined 
as: 

 

F

F - F
  =    

h

D  ,h h

h  D,    (2-151) 

 
for horizontal forces and in the same way for uplift forces: 
 

F

F - F
  =    

u

D  ,u u

u    , D    (2-152) 

 
where Fh,D and Fu,D are the damped horizontal and uplift forces, respectively; 

and D is the damping ratio.  
For slightly breaking or quasi-standing waves at the structure without damp-

ing layer the damping ratio is generally not higher than 50% for horizontal forces 
and 40% for uplift forces. It was found that the influence of the relative wave 
height is not very significant for the damping of the wave loads. Therefore, Equa-
tion 2-149 was adopted using the following simplifications: 
 p0 or Fh,0 is the pressure / force outside the damping layer; this will be set 

equal to the pressure / force at the wall in the undamped case; 
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 for calculation of the damping ratio in case of forces the effective length of 
the damping layer in height of the still water level b0 will be used; 

 the wave length in the damping layer L' can be substituted by the wave length 
at the toe of the structure Lhs. 

Equation 2-149 can then be rewritten using the definition of the damping ratio for 
horizontal forces (Eq. 2-151): 

 





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


  

L

b
    C     2-    exp - 1  =  

hs

0
h d,hd,

  (2-153) 

 
and for uplift forces accordingly: 
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0
u d,ud,

  (2-154) 

 
where b0 is the effective length of the damping layer and can be calculated as 

follows: 
 

R + h

B - B  h + B  =  b
cs

crownbottom
scrown0  (2-155) 

 
Bbottom and Bcrown are defined by Figure 2-48 and Cd is the damping ratio of the 

layer which is dependent on the type of material used to built the protection layer 
and the type of breaker at the structure. This ratio can now be used to adopt the 
curve to the cases observed in the GWK. 

For deterministic approaches the following damping coefficients should be 
used to estimate the minimum damping ratio for horizontal and uplift forces: 

 

0.4  =  C  =  C u  d,h  d,  (2-156) 

 
It should be noted that there is a remarkable difference between results of the 

GWK and the results described by Tanimoto, the latter having a much shorter ef-
fective length of the damping layer thus resulting in smaller reductions of the 
forces. Generally, the measurements by Tanimoto seem to fit quite well with the 
new approach. 

For impact waves without damping, the reduction is significantly higher and 
close to 80% to 90% for horizontal forces and 60% for uplift forces. For all waves 
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which were investigated in this study no impact waves have been observed when 
a damping layer was installed in the tests. 

It might be surprising to note that the force impulses over rise time (F(t) dt) will 
not decrease in the case with the damping layer but will increase or remain the same 
in nearly all cases where impacts have been observed. This is due to the fact that rise 
times in the damped case (no impacts) are very much longer than in the undamped 
cases where impacts occur thus giving a high force impulse. Hence, impulses for 
damped wave forces must be calculated using the damped force and then mul-
tiplying the 'rise time' for non breaking waves.  

The reduction of wave forces for both horizontal and uplift forces was derived in 
the same way than for quasi-static waves leading to much higher damping coeffi-
cients as follows: 

 

loadsuplift for       1.0  =  C

loadsimpact for       1.5  =  C

u  d,

h  d,
 (2-157) 

 
The number of waves for this analysis was relatively small so that only some 

estimates of the force reduction could be obtained. It should be stressed that under 
all conditions where impact waves were observed non impact waves do also oc-
cur.  

2.8.2.3 Statistical analysis 

Statistical distributions of forces were derived for the damped and undamped 
cases. A damping ratio can be derived directly comparing these distributions 
(Volume IIa, section 8.2). However, it has been discussed in previous reports that 
there should be a sufficient number of events for each distribution and that impact 
and non impact waves should always be treated separately to deal with homoge-
neous data sets. Therefore, this approach will have to be applied to more exten-
sive data sets. 

Principally, the method based on the statistical distributions should be preferred 
as it can be applied to any distribution function for any test, i.e. it might be ap-
plied to other tests with different geometries as well. The latter is not possible 
when comparing the forces directly but needs to be investigated in detail for each 
test case. Further systematic investigations are needed to come to a final conclu-
sion in this point.  
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CHAPTER 3 

Geotechnical aspects 

3.1 INTRODUCTION 

This chapter deals with the foundation of a vertical breakwater. All foundation 
design aspects will be discussed. Sufficient quantitative information will be pre-
sented to enable feasibility studies based on the content of this report. Quantita-
tive information for preliminary and detailed design can be found in Volume IIb 
of this series of reports.  

The input concerning hydraulic loads can be found in Chapter 2 “Hydraulic 

loads”. Examples of application of the design methods discussed in this chapter 
are found in section 5.5 “Application to representative structures” of Volume I.  

A vertical breakwater usually consist of a wall and a foundation. The wall may 
be a caisson (with superstructure) or a block-structure. Which of both, is not rele-
vant for the foundation: in all cases the wall may be considered for the foundation 
as a stiff monolithic structure.  

The foundation usually consists of two parts: a rubble foundation and the sub-
soil. Sometimes the “rubble” is no more than gravel. Sometimes the “rubble foun-
dation” is no more than a thin bedding layer between wall and subsoil. Still it will 
be referred to as “rubble foundation”, as long as it is constructed of mainly granu-
lar material with a typical grain size of at least 10 mm. Armour layers on top of 
the foundation and filter layers underneath (also geotextiles), are all considered to 
be part of the rubble foundation and, consequently part of the foundation. 

In many cases the subsoil is made up of the original seabed. In some cases part 
of the seabed is removed. Incidentally part of the original soft seabed material is 
removed and replaced by (coarse) sand or fine gravel. In that case this sand or 
gravel is considered to be part of the “subsoil”. 

This chapter mainly deals with the geotechnical aspects. Consequently, just 
very limited attention will be paid to the following design aspects: 



2   Probabilistic Design Tools for Vertical Breakwaters 

2 

- Stability of individual armour blocks loaded by the waves, which is dis-
cussed in Chapter 2; 

- Quality of rubble, which is extensively discussed in CIRIA-83/CUR-154 
(1991); and 

- Filter stability. 
About the filter stability just the following remarks: in view of the strong cur-

rents in the rubble foundation it is advised to construct geometrically stable fil-
ters: filter interfaces should meet the ratio Df15/Db85  5 (where “f” refers to the fil-
ter layer and “b” refers to the base layer which is protected against scour by the 
filter layer) and all materials should meet the requirement D60/D10  10 in order to 
meet internal stability.  

The sections 3.2 to 3.8 of this chapter deal with the analysis of a given design. 
The last two sections discuss the most relevant failure modes as a function of 
boundary conditions and design and the possibilities for design improvement.  

3.2 GUIDELINES FOR MODELLING 

3.2.1.1 Geotechnical failure modes 

The 4 main geotechnical failure modes are sketched in Figure 3-1: 
I. Sliding along the base 
II. Bearing capacity failure in rubble 
III. Bearing capacity failure in subsoil 
IV. Settlement by consolidation, creep or loss of fine grains 
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Figure 3-1. Main geotechnical failure modes of vertical breakwaters. 



4   Probabilistic Design Tools for Vertical Breakwaters 

4 

Whatever phenomena occur in the foundation, resonance, fatigue, soil degrada-
tion or excess pore pressures, foundation failure can always be considered to take 
place according to one of these modes. Also several non-geotechnical failure phe-
nomena, like wave induced instability of the berm, only bring about loss of the 
breakwater function after one of these 4 geotechnical failure modes. 

The second mode, bearing capacity failure in the rubble foundation, may take 
place in several forms. With a shallow rupture surface underneath the harbour 
side edge of the wall, the wall will strongly rotate, which submode of mode II 
may be called “rotation failure”. This submode looks similar to the often de-
scribed mode of "overturning", e.g. Sekiguchi & Ohmaki (1992). "Overturning", 
however, will never occur without some bearing capacity failure. The rotation 
axis will never be at the very outer edge of the caisson bottom. It is therefore rec-
ommended to consider rotation failure instead of overturning. 

Settlement may be the result of bearing capacity failure with several rupture 
surfaces through the foundation (Fig. 3-2, submode IId). However, it can also be 
the result of weight induced compaction of soil layers or loss of fine grained soil 
(failure mode IV). The last failure mode will not be discussed in this report. 
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Figure 3-2. Several sub-modes of bearing capacity failure. 



6   Probabilistic Design Tools for Vertical Breakwaters 

6 

The distance of sliding along the base (mode I) or sliding along rupture sur-
faces through the foundation (mode II or III) can be so limited that the breakwater 
does not loose its function and failure is not yet the case. Repetition of such 
events due to many high wave loads and/or several storms, may yield an inadmis-
sible sliding distance (Fig. 3-3). In several cases such "stepwise failure" might be 
the most dangerous. In other cases, however, just one exceptional load, not much 
larger than the highest previous load, may cause sliding over a large distance. 

 

 

Figure 3-3. Stepwise failure due to repetitive loading. 

 

3.2.2 Relevant phenomena 

Many phenomena may be relevant for the foundation including its interaction 
with hydraulic loads and structure behaviour. Four groups of phenomena may dis-
tinguished: 

- "DYNAMICS", i.e. the influence of the inertia of wall and added mass on 
the loads to the foundation. 

- "INSTANTANEOUS PORE PRESSURES", i.e. pore pressures varying 
with the wave load and influenced by elastic compression of the pore fluid 
(air!), by elastic compression of the skeleton and by instantaneous dilation 
in combination with limited drainage. 

- "DEGRADATION OR RESIDUAL PORE PRESSURES", i.e. the gradual 
change of the strength and stiffness of the soil due to repetitive loading or 
consolidation; the effect of repetitive loading on cohesive soil is usually 
expressed as loss of strength and stiffness ("degradation"); with non-
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cohesive soils this change is mainly expressed as "residual" pore pressure 
caused by gradual contraction and influenced by drainage. 

- "INSTABILITY", i.e. the resulting permanent deformation, which, if large 
enough, yields failure according to failure mode I or II. 

3.2.3 Framework of analysis 

The distinction between the four groups of phenomena is partly artificial. There is 
also some interaction between the different phenomena. Nevertheless, the groups 
can be discussed more or less separately and the distinction yields a practical 
framework for analysis. Figure 3-4 illustrates how a quantitative analysis may be 
done. The circles at the left summarise the input parameters. The rectangular 
boxes represent the models for each of the groups of phenomena. The other cir-
cles indicate the (intermediate) output of the models. The lines with arrows in be-
tween boxes and circles indicate the most important relationships. Those should 
be taken into account with the most simple analysis.  

 

 

Figure 3-4. Framework of analysis. 
 
In a more sophisticated analysis, also other relationships should be taken into 

account, such as the influence of the effect of dynamics on the instantaneous pore 
pressures or the effect of degradation on the elasticity and, consequently, the dy-
namics. 

The input from hydraulic loads (upper left circle) can be found in Chapter 2. 
The soil parameters (lower left circle) are discussed in section 3.3, whereas the 
subjects of the four rectangular boxes are subsequently discussed in sections 3.4 
to 3.7. The uncertainties associated with the input parameters and with the models 
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are discussed in section 3.8. The content of this section is an essential component 
of the failure mode analysis discussed in Chapter 5.  

3.3 SOIL INVESTIGATIONS AND SOIL PARAMETERS 

3.3.1 Strategy for soil investigations 

The collection of soil data for a new breakwater concerns information about the 
seabed soil where the breakwater may be built and information about quarries ca-
pable to deliver rockfill and other construction material. Last type of information 
is extensively discussed in CIRIA-83/CUR-54 (1991) and will not be discussed 
here. 

The collection of sea bed soil data is usually done in phases, which correspond 
to the decision process. It would be a waste of money to make an extensive soil 
investigation, as long as no decision is made about whether a breakwater will be 
constructed and what its exact location will be. Nevertheless enough information 
should be collected in this phase to find out whether a vertical breakwater is fea-
sible at the preferred location or the possible locations.  

After such decisions are made, a much more extensive soil investigation for the 
preliminary design is justified. Also in this phase, however, it could be wise to 
start with a relatively global investigation and decide about the exact location of 
detailed site investigations and the number of samples at which specific labora-
tory tests will be done, after the preliminary design has made clear which soil 
properties at which locations are the most critical for the design. Even in the 
phase of detailed design additional investigations may appear to be justified in or-
der to find the optimal design. 

A feasibility study usually starts with a study of available documents, such as 
reports about previous soil investigations, experience with the construction of 
works in the neighbourhood and geological history. Subsequently, it is recom-
mended to perform a seismic survey (unless the presence of any bedrock is ex-
tremely unlikely) and cone penetration tests (CPT), preferably with porepressure 
measurements (CPTU-tests). Borings with soil sampling and classification tests 
may be an alternative (or a supplement) to the CPTU tests. The investigation 
should be extensive enough to establish a picture of the soil layering, the depth of 
the bedrock and special features, like infilled channels, presence of boulders etc. 
Some information on these elements of a soil investigation will be discussed be-
low. 

CPT(U)’s, sampling with classification tests and seismic (or other geophysical) 
surveys will also be done in the subsequent soil investigation phases, then at in-
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termediate locations. But also other types of investigations may be done. This will 
be discussed in Volume IIb of this series of reports. 

3.3.2 Seismic profiling 

The seismic profiling should cover the area that will be influenced by the struc-
ture. Continuous seismic reflection profiling with boomer equipment will most 
likely be the best. 

3.3.3 Interpretation of CPTU tests 

The results of the CPTU-tests can be used to estimate the soil layering and the soil 
parameters that are needed in the feasibility study. 

Soil classification from the CPTU-tests can be done by means of the diagram in 
Figure 3-5. An example where the CPTU-tests are used to determine soil layering 
is given in Figure 3-6. 
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Figure 3-5. Soil type classification chart for CPTU (after Robertson, 1990). 
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Figure 3-6. Example of use of piezecone (CPTU) to determine soil layering. 

 
The relative density of sands may be estimated from Figure 3-7. The diagram is 

valid for pluviated, unaged, uncemented, clean (i.e. no silt content), quartz sand, 
and must be used with caution for other conditions. 
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Figure 3-7. Dr - ’m – qc  relationship for CPT tests in sand (Baldi et al., 1986). 

 
The undrained shear strength, cu, (also su) of clays can be estimated from the 

corrected total cone tip resistance, qT. Experimental data are available for the ex-
pression: 

 
cu

average = ( qt  - vo)/NKT (3-1) 
 
where 
qt = qc + (1-a)u is the corrected total cone tip resistance 
qc is the measured cone resistance 
a is the effective area ratio: a = area/total area which is used to 

compensate for the pore pressure acting downwards in the 
filter area above the cone tip. Usually a  0.6 to 0.9 

u is the measured pore pressure 
cu

c is the undrained triaxial compression shear strength 
cu

average is the average of the undrained triaxial compression, DSS, 
and triaxial extension shear strengths, i.e. cu

average = (cu
c + 

cu
DSS + cu

E)/3 
vo is the in situ vertical total stress 
’vo is the in situ vertical effective stress 
NKT is a cone factor which can be estimated from Figure 3-8. 
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Figure 3-8. Cone factor, NKE, as function of plasticity index (Aas et al., 1986). 

 
The friction angle in unaged, non-cemented sand varies from 33 (for 

qt/’v0  50) to 45 (for qt/’v0  500). 

3.3.4 Borings, soil sampling and sample testing 

3.3.4.1 Borings and soil sampling 

Several types of soil samplers exist, and one should generally use the type which 
gives the least sample disturbance. Piston samplers should be used in soft to stiff 
clays. When piston samplers cannot bew used, thin walled push samplers should 
be tried. When this is not possible, as in dense sand, hammer samplers have to be 
used. 

In some cases, like in boulder clays with stones, rock coring techniques may be 
necessary. 

The way the sampling and the in situ testing can be carried out depends on fac-
tors like water depth, wave and wind conditions, and available equipment, as dis-
cussed by e.g. (Andresen & Lunne, 1986). 

If the water depth is less than 30-40 m and the wave and wind conditions are 
not too severe, the operations can be carried out as on land by using an ordinary 
drilling rig from an anchored barge or platform. 



14   Probabilistic Design Tools for Vertical Breakwaters 

14 

In larger water depths or with severe water or wind conditions, ‘offshore’ type 
operations may be required. This may involve a special soil drilling vessel which 
is kept in place by anchoring or dynamic positioning and equipped with a heave 
compensating system. For offshore operations, in situ testing can be done either 
by penetration from the seabed or below the drill bit in a borehole using wireline 
technique. More details can be found in Lunne & Powell (1992). 

3.3.4.2 Soil classification from soil samples 

Classification tests should be performed to identify the soil. 
The classification tests should include determination of soil density and grain 

size distribution. In addition the following tests should be done on cohesive soils: 
water content; Atterberger limits (plastic limit and liquid limit); fall cone, torvane 
or pocket penetrometer shear stengths; sensivity. In addition the following tests 
should be done on non-cohesive soils: maximum, minimum and relative densities; 
angularity; mineralogy. 

3.3.4.3 Specific tests on soil samples 

More specific soil parameters are needed for models to be used in (preliminary) 
design phases than during a feasibility study only. Such parameters can be derived 
from further testing of the samples collected (and carefully preserved) during the 
feasibility study and samples collected in later soil investigations. Among those 
are triaxial tests, direct simple shear tests (DSS), oedometer tests and permeability 
tests. Another source of information is the Database, created in the framework of 
this project (Norwegian Geotechnical Institute, 1998). 

3.3.5 Character of soil parameters  

3.3.5.1 Relationship between soil investigations and soil parameters 

The soil investigations discussed above are firstly used to find a general descrip-
tion of the soil layering: geometry of the layers and soil types. In the second place 
the investigations are used to determine the soil parameters needed in the analysis 
of any breakwater design. The soil parameters needed for a feasibility study and a 
preliminary design are discussed in the subsections 3.3.6 – 3.3.8. 

3.3.5.2 Soil types 

What parameters are needed and how they can be found, largely depends on the 
soil type. The most extensively discussed soil types are sand and clay. Sand is al-
ways supposed to be rather homogeneous: at least 80% of the mass should consist 
of sand particles and the typical sand behaviour is that of sand with a uniform 
grain size distribution (D60/D10 < ca 2). Most of the characteristics of sand pa-
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rameters also apply for other non-cohesive soils: pure silt, gravel and good quality 
rubble.  

As soon as a soil contains ca 20 % or more “lutum” (clay particles), it is con-
sidered to be a clay, even if more than 50% consists of sand particles, and the soil 
parameters have the characteristics of a cohesive soil. 

No information will be presented here about the characteristics of the soil pa-
rameters of other types of soil, like clayey sand, silty sand,  cemented sand, peat, 
weathered or solid rock etc. 

3.3.5.3 Importance of density, stress level and stress history 

Many soil parameters are not only a function of the soil type, but also of the den-
sity of the soil, the stress level and the stress history. It has, for instance, no sense 
to mention the value of “the” shear modulus or “the” dilation angle of certain type 
of sand, if not the relative density and the effective stress are given. Another ex-
ample is the undrained shear strength of a (normally consolidated) clay a few me-
ters below the sea bed: its original value is just a fraction of the value the clay in 
the breakwater axis will have a year after construction.   

The density of sands and other non-cohesive soils can best be expressed by: 
Dr (relative density) = ID (density index) = (emax – e)/( emax – emin)  

(nmax - n)/(nmax – nmin) with n = e/(1+e), where e is the (actual) void ratio, n is the 
(actual) porosity and the indices “max” and “min” indicate the maximum and 
minimum values for that type of soil.  

The density of clays can be expressed by the value of the soil density or by its 
water content in relation to its plastic limit and its liquid limit.  

The stress level can be expressed by the vertical effective stress, which can of-
ten easily be found. The stress history of clays is expressed by the Over Consoli-
dation Ratio, OCR. The properties of a clay with OCR > 1 are similar to a clay at 
a higher stress level than the present one. 

3.3.6 Permeability 

The permeability of rubble (and gravel) in which turbulent flow may occur, can 
be expressed by the values of “A” and the “B”in the Forchheimer equation: 

 
i = A v + B v2  (3-2) 

 
With other soils the permeability can be expressed by the value of “k” in the 

Darcy equation: 
 

v = k·i (3-3) 
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The previous equation can also be used for rubble, in which case a linearised k-
value should be used. The “v” in both equations is the “filter velocity”, i.e. the 
discharge devided by the area of the soil. 

The values of A and B can be estimated from a representative grainsize and the 
porosity with the following equations (Van Gent, 1993): 
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where   1500,   1.4, DEQ = {6·m 50/(·)}1/3 and m50 is the median stone 

mass.  
The k–value of sand or silt can also be found from a representative grain size 

and the porosity with k = 1/A and using van Gents equation for A, if DEQ is re-
placed by D15 and   500. A more accurate method to determine the k-value is a 
permeability test.  

With clay such a test or an oedometer test are the most reliable methods. The 
permeability of clays usually varies between k = 10-10 and 10-8 m/s.  

3.3.7 Stiffness 

Stiffness parameters describe the relationship between stress and deformation. 
Determination of stiffness parameters requires the distinction between the defor-
mation found during virgin loading, which is largely plastic, and the deformation 
found during unloading or reloading which is mainly elastic. 

3.3.7.1 Virgin loading 

The stiffness of virgin loading can be expressed by the one of the following pa-
rameters for constrained deformation: “constrained modulus”, M, the “oedometric 
modulus”, Eoed, the “coefficient of volume compressibility”, mv, or the compres-
sion index, Cc, which are defined as follows: 
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where e0 is the initial void ratio, v’ is the vertical effective stress and v is the 

vertical strain. 
Typical values are: 
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 Sand: Cc = 0.003 to0.03 
 Silt:   Cc = 0.04 to0.2 
 Clay: Cc = 0.04 to0.4 
The lower values apply to soils with a high (relative) densities; the higher to 

soils with low densities. 
Apart from the plastic deformation described with one of these parameters also 

creep or “secondary” or “secular” deformation may be significant with clays. 

3.3.7.2 Unloading/reloading: elastic parameters 

In the same way the stiffness for unloading and reloading can be expressed by the 
“unloading/reloading modulus” Mr or the swell/reload index Cr. The value of Cr is 
often 15% to 30% of the value of M. The relationship with the 4 elastic parame-
ters (shear modulus, G, Poisson ratio,  (or ), compression modulus, K, and elas-
ticity modulus, E), of which always two are needed for a complete description, is 
as follows: 
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With uniform rubble, sand and other non-cohesive materials, the values of G, K 

and Mr are roughly proportional to (‘)0.5, where ‘ is the mean effective stress 
(often ‘  0.7 v‘). The shear modulus of such soil at a certain relative density 
can be given as G = G100·(‘)0.5 where G100 is the shear modulus at ‘ = 100 kPa. 
For most of these soils G100 = 5 to 200 MPa, with the lower values valid for the 
lower relative densities and  the higher for the higher densities. For the value of 
the Poisson ratio for non-cohesive soils, which behave drained, the following may 
be assumed:   0.3. 

With normally consolidated clay G is roughly proportional to ’ and G100 = 5 
to 50 Mpa. With overconsolidated clay G100 is usually higher. The shear modulus, 
however, does not increase as much with ’.  

It must be realised that the given shear moduli give the ratio between the shear 
stress and the shear strain at shear stress values well below the shear strength. As 
soon as the shear stress becomes higher than, say, half the shear strength, this ra-
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tio reduces significntly (e.g. to 50%). Then, however, also some plastic shear de-
formation occurs.  

A second effect relevant for vertical breakwaters founded on clay is the reduc-
tion of the shear modulus of clay (especially overconsolidated clay) after cyclic 
loading with shear stresses higher than 30 to 50 % of the undrained shear strength. 
Reduction up to 20% or 10% of the original value may occur, especially with 
overconsolidated clays and a large number of cycles.  

3.3.8 Strength 

3.3.8.1 Non-cohesive soils 

The drained strength of non-cohesive materials can be expressed by the friction 
angle  and the dilation angle . Both depend on relative density (higher angles 
with higher relative density), the stress level (lower angles with higher stress 
level), the strength of the mineral (higher angles with higher strength) and angu-
larity (higher angles with higher angularity). 

The friction angle of rubble can be estimated by the procedure described in 
Barton & Kjaernsli (1981) and copied in CIRIA83/CUR154 (1991). The influence 
of stress level, mineral strength and angularity are quantified. No influence of 
relative density is reported, probably because it had not been varied. The friction 
angle usually varies between 35 and 50. Not much information is available 
about the dilation angle. As a first estimate the following formula can be used: 
   - 30. 

The friction angles and dilation angles of gravels, sands and silts can best be 
measured in (consolidated, drained) triaxial tests or DSS tests as a function of the 
density. The local density can be estimated from CPTU tests, which can also be 
used directly to estimate the friction angle (section 3.3.3).  

The friction angles and dilation angles of gravels, sands and silts usually vary 
between 30 and 48 (for sands 33 and 45). Most sands have a moderate angu-
larity, whereas the mineral strength is rather high (usually mainly quartz). The 
main variation is due to the relative density, and (with Dr = 100% the friction an-
gle may be 10 higher than with Dr = 0%). The stress level is a 2nd factor of influ-
ence (with ’ = 100 kPa the friction angle may be 5 higher than with ’ = 500 
kPa). A first estimate of the dilation angle can be found with the following for-
mula:    - 30. 

A first estimate of the undrained shear strength, cu
average (or su

average) of sands 
and silts can be found with the equation: 

 
cu

average  ’tan   0.7 v’tan  (3-9) 
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The value can, however, be higher due to dilation and consequent negative pore 
pressures (Volume IIb, section 6.5).  

The undrained strength under cyclic loading may be expressed by a reduced cu 
value. See section 3.6. 

3.3.8.2 Cohesive soils 

The drained strength (interesting for weight loads after complete consolidation) 
can be expressed by cohesion, c, and friction angle, . These parameters can best 
be measured in (time consuming consolidated, drained) triaxial tests or DSS tests 
on undisturbed samples. Many marine clays, if loaded purely drained, do not have 
a real cohesion and have friction angles of 15 to 30. Usually no dilation is ob-
served. 

The undrained shear strength, cu, can best be measured in (consolidated, 
undrained) triaxial tests or DSS tests on undisturbed samples. It is advisable to 
perform several tests with different consolidation stresses: the stress present just 
below the seabed and the stresses expected long after construction of the breakwa-
ter. The undrained shear stresses found in the last tests can be applied for stability 
calculations.  

The present cu value can also be estimated from CPTU test results (section 
3.3.3). There are also correlations with the density (higher cu values with higher 
densities). A first estimate of the values underneath the breakwater can be found 
by taking the highest value of the present value and of cu

average  0.7 v’ tan  (e.g. 
 0.23 v’ with  = 18). 

The undrained strength under cyclic loading needs the input of a reduced cu 
value. The reduction is a function of the number of cycles, and the ratio between 
average and cyclic load. This will be discussed in section 3.6. 

3.4 DYNAMICS 

3.4.1 Concept of equivalent stationary load 

 

The duration of wave impacts is rather short and may bring about a significant in-
fluence of the inertia of the wall, as well as the inertia of the adjacent water and 
soil that accelerate along with the wall: the load to the foundation differs from the 
load that would occur if a stationary hydraulic load with the same peak value 
would occur. The effect can be expressed by the dynamic response factor, D, 
which is defined as follows (Oumeraci & Kortenhaus, 1994): the peak of the hy-
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draulic load to the wall, Fdyn,max, multiplied by the dynamic response factor, yields 
the equivalent stationary load, Fstat, i.e. the stationary load that yields the same 
load to the foundation. See equation (3-10). 

 

F  =F dyn,Dequstat, max  (3-10) 

 
The value of the dynamic response factor can be estimated if the foundation is 

simplified to a system of linear elastic springs. Characteristic for of the mass-
spring system is the natural period, TN. In its most simple form, the load/time 
curve is schematised to a "churchroof", of which only the triangular "tower", rep-
resenting the wave impact, is taken into account (Fig. 3-9). The tower is charac-
terised by 3 parameters: Fdyn,max, the total impact duration, td, and the rise time, tr. 
How this “churchroof” is derived from hydraulic model tests and/or wave data, is 
explained in Chapter 2 of this volume. The dynamic response factor of the mass-
spring system loaded with such load can be expressed in a response curve which 
is only a function of TN,, t d and tr (Fig. 3-10). How this curve is found, is briefly 
explained in subsection 3.4.2. 

 

 

Figure 3-9. Real and simplified load to the wall. 
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Figure 3-10. Response curves for triangular impact load: dynamic response factor as a function of 
TN, td  and tr (Oumeraci & Kortenhaus, 1994) 

 
The mass-spring system can be approximated as a single degree of freedom 

system, with the spring only for the horizontal movement (“sway”). The rotational 
movement (“roll)”, however, may be important as well. Therefore a two degree of 
freedom system for both, coupled movements should be preferred. The largest of 
the two natural periods, TN1, of the coupled system, should be used for the re-
sponse curve. How this parameter can be found is explained in the subsec-
tions 3.4.3 and 3.4.4.  

Damping can be introduced by extending the model with a dashpot (Oumeraci 
& Kortenhaus, 1994). The most common equations for damping are based on the 
theory of a structure on top of an elactic half-space and only take into account the 
"radial damping", i.e the energy flux via pressure waves to half-space infinity. 
The influence of such damping on the dynamic response factor resulting from the 
single peak load, is rather limited. There are indications that damping due to 
(pore) water flow and/or plastic deformation can be much larger (Meijers, 1994). 
It is not clear, however, whether damping has any significant influence. Leaving 
out any damping is a safe approach. 

The method summarised in this section is largely based on studies summarised 
in Oumeraci & Kortenhaus (1994) and worked out in de Groot et al., 1996. The 
equations for determining the stiffness parameters, presented below, have been 
verified with hindcasts of several large scale and full scale tests performed in the 
Netherlands on behalf of the Oosterscheldeworks (Meijers, 1994). The complete 
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method for prediction of the dynamic response, is supported by the following 
studies performed in the framework of the MAST/PROVERBS project:  
 a hindcast of large scale tests performed on a vertical breakwater in the 

Large Wave Flume in Hannover (Hölscher et al., 1998 or de Groot et al., 
1999). 

 full scale experiments performed on the vertical breakwaters in Genoa and 
Brindisi (Volume IIb, Chapter 3].  

A more refined analysis requires the application of a numerical mass-spring 
model with the actual load time-curve, instead of the schematised one (Fig. 3-9), 
as input. How such an analysis can be made is explained in de Groot et al. (1996) 
and Oumeraci & Kortenhaus (1994).  

A second refinement, however, would be the introduction of the influence of 
the array of caissons. The full scale experiments performed in Genoa Voltri and 
Brindisi have shown that a 2DOF system with 2 sway modes would be more justi-
fied than a 2DOF system with 1 sway mode and a rotational mode. The second 
sway mode concerns the sway of one caisson caused by the sway of its neigh-
bours. This system is described in Chapter 3 of Volume IIb. Graphs for the dy-
namic response factor, similar to the one of Figure 3-10, but based on this 2DOF 
system, are also presented in that chapter.  

3.4.2 Basic assumptions of mass-spring(-dashpot) model 

The idealised mass-spring-dashpot-system for calculation of oscillatory motions is 
sketched in Figure 3-11. Px, Pz, and P represent the resistance of the foundation, 
modelled as linear elastic springs and dashpots. Px is the horizontal force response 
to a horizontal displacement of the caisson bottom in the direction of the harbour. 
Pz is the vertical force response to a purely vertical downward displacement of the 
caisson. P is the moment response to a rotation of the caisson bottom. Remarks: a 
rotation around the origin (x = 0, z = 0) calls upon a P, but also a Pz; a rotation 
around M also calls upon a Px;  if ax  0, a vertical force through M will yield 
both a vertical displacement and a rotation of the caisson bottom. thus both a Pz 
and a P. 
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Figure 3-11. Idealised mass-spring-dashpot-system for calculation of oscillatory motions. 

 
The equations of motion can be written as: 
 

M · a   +   D · v  +   K · u    F(t) (3-11) 
 
Where M is the mass matrix, a the acceleration vector, D the damping matrix, v 

the velocity vector, K the stiffness matrix, u the displacement vector and F the 
hydraulic load vector as a function of time. The vectors have 3 elements, corre-
sponding to the 3 degrees of freedom: x, z and . The matrices have 3 x 3 ele-
ments.  

The equations can be solved, if values are given to each matrix element and if 
the hydraulic load F(t) with peak value Fdyn,max, is known. The outcome are the os-
cillating horizontal motion x(t), the oscillating vertical motion z(t) and the oscil-
lating rotation (t). The maximum values of x, z and  correspond to the maxi-
mum load to the foundation. The same can be done with a stationary load Fstat. If 
the same maximum values for x, z and  are found, then this stationary load may 
be considered to be the equivalent stationary load Fstat,equ and the value of the dy-
namic response factor can be found from equation (3-10). 
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Although the maximum values of the 3 components of the hydraulic load es-
sentially occur almost simultaneously, this is not always the case with the maxi-
mum values of x, z and . This yields a principal complication, as does the fact 
that 3 different dynamic response factors would be found if the maximum values 
of the 3 components of the hydraulic load are considered separately. This compli-
cation is limited firstly by the fact that the coupling between the vertical motion 
and the other two motions appears to be very weak, which allows to consider the 
vertical motion separately or just not consider it, because of the limited relevance 
for the foundation load, secondly by the fact that the influence of the rotation is 
usually small compared to the influence of the horizontal motion.  

3.4.3 Prediction of natural periods 

The two-degree of freedom system is characterised by 2 natural periods TN1 and 
TN2. The largest of the two, TN1, usually is close to the natural period of the single 
degree of freedom (SDOF-) system in horizontal direction, whereas the other is 
close to the natural period of the SDOF-system for the rotation of the structure. 
TN1 and TN2 are functions of the two components of the mass matrix, mtot and tot, 
and the two components of the stiffness matrix, kx and k. These components can 
be found in the following way. 

When the caisson which is subject to an impulsive load oscillates, a certain 
body of water and soil is forced to move with the structure. The added mass of 
water is called the hydrodynamic mass. The total mass mtot is obtained by consid-
ering the mass of the caisson, mcai, the hydrodynamic mass, mhyd, and the geody-
namic mass, mgeo (equation 3-12): 

 
mtot    mcai  +   mhyd +  mgeo (3-12) 

 
The total moment of inertia around the centre of gravity, tot, is found corre-

spondingly (equation 3-13): 
 

tot   ca+   hyd +  geo (3-13) 
 
The components can be found with the following equations (de Groot et al., 

1996): 
 

mhyd   1.4 w  d
2 Lc (3-14) 

 
mgeo   0.14 s (Bc Lc)

1.5/(2 - )  (3-15) 
 

cai   mcai  (Bc
2  + hc

2)/12 (3-16) 
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hyd   0.063 w  d

4 Lc (3-17) 
 

geo   0.039 s (Bc
3 Lc)

1.25/(1 - ) (3-18) 
 

kx   3 G (Bc Lc)
0.5 (3-19) 

 
k   0.8 G Bc

2 Lc               for  0.1 < Bc/Lc < 1 (3-20) 
 

k   0.8 G Bc
2.5 Lc

0.5          for  1 < Bc/Lc < 10 (3-21) 
 
G is the shear modulus and  is the Poisson ratio. The equations can be used 

here, although they are developed for the situation of a caisson placed directly on 
a horizontal bed of a homogenous soil with everywhere the same linear-elastic re-
sponse. With a thick rubble foundation (hr > 0.5 Bc), the average values of the 
(drained) rubble can be used. With a thin bedding layer, the values of the 
(undrained) subsoil underneath the heart of the breakwater averaged over a depth 
of ca 0.5 Bc. In all cases the unloading/reloading values should be used, not the 
values for primary loading. 

The two natural periods can be found with the following equations: 
 

21
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In a first approximation 1 << 2 may be assumed and: 
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3.4.4 Prediction of dynamic response factor 

The dynamic response factor has been calculated for several values of k  td/tr and 
presented in Figure 3-10. It is seen from this figure that: 
 for impulsive loads of shorter duration (td/TN < 0.4), the response seems to 

be almost independent of the load shape and is essentially determined by 
the area under the load curve (impulse). In this case, the structure behaves 
as though it had experienced a momentum of the same magnitude as the 
impulse of the impact load; 

 for load duration td smaller than the natural period TN (td/TN < 1) of the re-
sponding structure, the effect of the duration td is predominant, since re-
sponse increases – first rapidly, then at a lower rate as td/TN approaches 
unity; 

 for load duration td  larger than the natural period TN (td/TN  > 1), the rise 
time becomes the predominating factor. The smaller the rise time, the lar-
ger is the response. The rise time also determines the reversing point where 
te peak response is reached and then starting to decrease. For longer rise 
times (relative small values of the ratio td/tr), the reversing point occurs ear-
lier. The highest peak response is obtained when tr  0; i.e. when the peak 
value of the load is reached instantaneously. However, there should be 
some minimum treshold value of the load duration at which the severity of 
an instantaneously applied load is offset by the load duration itself. In fact, 
after having reached its peak value, the load must remain a certain while on 
the structure for its full effect to be achieved. 

3.4.5 Inertia with plastic deformation 

The concept of equivalent stationary load, worked out in the subsections 3.4.1 
to 3.4.4, is based on the assumption of (linear) elastic response of the foundation. 
No plastic deformation is assumed to occur, which is the case if the resulting 
foundation load is smaller than the foundation strength as discussed in section 3.7. 
However, small plastic deformations occurring only with extreme and very rare 
wave loads may be acceptable. Inertia may help to keep the plastic deformations 
small, if the extreme load exceeds the foundation strength during a very short 
time.  

A simple model for permanent displacement of caisson breakwaters under im-
pact loads for the failure mode of “sliding over the base” is described in Appendix 
VIII of (De Groot et al., 1996). A similar model for bearing capacity failure 
through an undrained subsoil is described in Volume IIb, Chapter 6, Annex B.  
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3.5 INSTANTANEOUS PORE PRESSURES AND UPLIFT FORCES 

3.5.1 Relevant phenomena 

The instantaneous pore pressures, i.e. the pore pressures in rubble foundation and 
in the subsoil that fluctuate during each wave cycle, are caused by the wave in-
duced fluctuations of the water pressures along seabed and seaward boundary of 
the rubble foundation and by the rocking motions of the wall. Several phenomena 
may be relevant, depending on the wave and soil characteristics, one quasi-
stationary phenomenon and 4 non-stationary phenomena: 

1. Spatial variation of the pore flow induced by spatial gradients of water 
pressures along seabed and boundary of the rubble foundation, which are 
balanced by friction (flow resistance). This is a stationary phenomenon. 

2. Inertia of pore fluid and skeleton. 
3. Elastic storage in the pores through compression and decompression of the 

pore water 
4. Elastic storage in the pores through fluctuations of the pore volume due to 

isotropic compression and decompression of the skeleton 
5. Elastic storage in the pores through fluctuations of the pore volume due to 

the elastic component of dilation or contraction by shear stress fluctuations 
(the plastic component of contraction is discussed in section 3.6). 

The first phenomenon is relevant in most cases. The second only if the charac-
teristic period for the propagation of a sound wave, Tsound, is larger than the load 
duration or has the same order of magnitude. One or more of the last 3 phenom-
ena are relevant, if the dissipation of the instantaneous excess pore pressure is 
limited during the wave load. And that is the case if the characteristic drainage pe-
riod for the phenomenon is larger than the load duration or has the same order of 
magnitude. The characteristic periods can be defined as follows: 
 phenomenon 2: Tsound = A/cp 
 phenomenon 3: TESP = A2/cvp 
 phenomenon 4: TESS = A2/cvs 
 phenomenon 5: TESD = A2/cvd 
where A [m] is the characteristic drainage distance (e.g. layer thickness or 

depth of rupture surface or 0.5 Bc) cp [m/s] is the sound propagation velocity and 
cvx [m

2/s] are the consolidation coefficients for elastic deformation, functions of 
the stiffness parameters, Kw (compression modulus of the pore water), K (com-
pression modulus of the skeleton) and G (shear modulus of the skeleton) and the 
permeability, k, and the dilation angle, :  
 cp =  the smallest value of cp1 = {(Kw/n + K + 4/3G)/(nw + [1-n]s) and 

cp2 = (Kw/w) 
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 cvp = k·Kw/(n·w)  
 cvs = k·(K + 4/3G)/w 
 cvd = k·G/(tan·w). 
The load duration for pulsating wave loads  T/; for wave impacts = td.  

3.5.2 Quasi-stationary flow in the rubble foundation 

The characteristic period for the propagation of a sound wave and the characteris-
tic drainage periods are usually very short in the rubble foundation (see sec-

tion 3.5.4). Thus, quasi-stationary flow dominates in the rubble foundation. 
The water pressures along the seaward slope of the rubble foundation fluctuate 

during any wave cycle, whereas the water pressures at the harbour side remain 
nearly constant. The corresponding fluctuating pressure gradients cause a fluctu-
ating pore flow through the rubble foundation and simultaneously fluctuating pore 
pressures in the rubble foundation. According to the quasi-stationary approach, 
pressure gradients are assumed to be completely balanced by flow resistance in 
each phase of the wave cycle and no storage of water occurs in any part of the 
rubble foundation.  

Hindcasts are made of  tests on a large scale vertical breakwater model in Han-
nover and on measurements performed underneath the breakwater in Porto Tor-
res. Based on these hindcasts and associated analysis, it is concluded that the 
(quasi-)stationary approach is justified for pulsating wave loads during wave crest 
and wave trough, unless the rubble foundation material is very fine. The approach 
can also be used in other conditions, although some corrections may be needed as 
discussed in next section.  

In the following only the most relevant phases of the wave cycle are consid-
ered: when Fh = Fh,max or Fh = Fh,q or Fh = Fh,min as defined in Figure 4 in Annex 1. 

The prediction of the pore pressures starts with the water pressures at the sea-
ward boundary of the rubble foundation, in particular the pressure at the lower 
seaward corner of the wall. Goda presents two values: p3 and pu. Here it is sug-
gested to use pu. See Figure 3-12.  

As a first approximation a triangular pressure distribution along the bottom slab 
(Fig. 3-12) may be assumed and hydrostatic distribution in vertical direction. 
Such a distribution is often found in flume tests. The following phenomena may 
cause deviations from this distribution: 
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Figure 3-12. First approximation: linear distribution of excess pore pressure. 

 
 effects of locally varying grainsizes; if the inner top corner of the rubble 

foundation consists of relatively fine material and the rest of relatively 
coarse material, pressure distributions as indicated in Figure 3-13 may oc-
cur; such distribution was also found underneath the Porto Torres breakwa-
ter; 

 

 

Figure 3-13. Excess pore pressures with unfavourable flow resistance distribution. 

 
 non-flat top of the rubble foundation leaving space locally underneath the 

caisson bottom, which may cause similar effects; 
 2-dimensional character of the flow, as illustrated by the lines of equal 

pressure head and the flow lines in Figure 3-14, resulting in flow concen-
trations around the corners and lower horizontal gradients at lower levels; 
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Figure 3-14. Flow concentration around corners, yielding locally additional flow resistance. 

 
 turbulence, which may intensify the pressure head loss around the corners; 
 additional pressure head loss around any apron slabs, if these are placed di-

rectly adjacent to the wall and do not have large holes in it. 
An example of these effects is presented in subsection 4.1.3 of Volume IIb for 

the rubble foundation of the Porto Torres breakwater, where measurements have 
been performed.  

3.5.3 Uplift force, downward force and seepage force in rubble foundation 

The following approximation for the uplift force by the pore water in the rubble 
foundation on the bottom of the structure can be used for feasibility studies for 
rather common layout of the rubble foundation if no special measures are consid-
ered: 

Fu = 0.5 Bc lc pu  (3-25) 
lFu = 0.67 Bc (3-26) 
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The seepage force by the pore water flowing through the rubble acting on the 
rubble corresponds approximately to the horizontal gradient in the rubble founda-
tion, which can be assumed according to the triangular distribution: everywhere 
underneath the wall equal to pu/Bc. The resulting horizontal seepage force can be 
found with equation (3-31) in section  3.7.1. The vertical downward force by the 
pore water in the rubble foundation on the subsoil, if considered undrained, may 
be assumed correspondingly (see section 3.7.1) . 

3.5.4 Non-stationary flow in rubble foundation 

An extensive hindcast of the tests performed on a large scale vertical breakwater 
model in Hannover has been made with the help of the numerical model “TI-
TAN”, capable to model non-stationary, two-phase flow. With the help of this 
hindcast and additional analytical models, the following was found.  

The effects of non-stationary flow are only relevant if the one or more of the 
characteristic periods defined in subsection 3.5.1 are larger than the duration of 
the wave load or have the same order of magnitude, at least assuming that only 
two phases of the wave cycle, crest and trough, are of interest. And this can only 
be the case during wave-impacts.  

The understanding of these effects is helped by distinguishing between 2 com-
ponents (Fig. 3-15): 
DIRECT: pore pressures generated through pore pressure propagation from 

water pressure variation at the sea side, for as far not influenced 

by the movement of the wall 
INDIRECT: pore pressure generation by the movements of the wall. 
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Figure 3-15. Distinction between direct and indirect component with non-stationary flow. 

 
The first approximation of the direct component is the quasi-stationary pore 

pressure distribution, as discussed above. However, inertia (phenomenon 2) and 
elastic compressibility (phenomena 3 and 4) influence the direct component dur-
ing wave impacts with short duration: the pressure wave induced at the sea side 
needs some time to pass through the rubble foundation. 

The propagation can be approximated with analytical equations for a sound 
wave through a one-phase material, if the energy loss by the flow of the pore wa-
ter through the skeleton can be neglected. Then Tsound (with A = Bc) characterises 
the process. This is the case either if pore water and skeleton move together (in 
which case cp = cp1) or if the pore water moves freely through the skeleton (in 
which case cp = cp2).  

Usually, however, the grains of the rubble foundation are not fine enough to as-
sume that pore water and skeleton move together and the grains are not coarse 
enough to assume that the pore water moves freely through the skeleton. There-
fore also elastic storage equations for two phase material can be used as an alter-
native approximation. Now the largest value of TESS, TESP or TESD (with 
A = 0.5Bc) characterises the process. This approximation is also limited, now be-
cause the inertia is neglected.  

A more refined analysis requires scale tests or a numerical model. Scale tests 
are faced with the problem of how to model on (Froude) scale the flow at high 



Geotechnical aspects   33 

33 

Reynolds numbers and how to get the correct compressibility of the pore water. 
Only carefully designed large scale tests may yield reliable estimates of the non-
stationary effects. A numerical model must be sophisticated enough to model in-
ertia, compressibility and two-phase flow. 

Analyses and tests performed up to now show that the non-stationary effects of 
the direct component may enlarge or reduce the uplift force with up to 30 % com-
pared to the value found with stationary flow. The effects are the largest if the 
impact has a very short duration, the width of the wall is large, the gas content in 
the pore water is rather large (1 % or more) and if rather fine grains are used for 
the rubble foundation. More details are found in Chapter 4 of volume IIb. 

The indirect effect is the reduction of the pore pressures when the wall is sud-
denly lifted up and water is forced to flow into the additional room or the increase 
when the wall falls back. Now TESS (with A = 0.5Bc) characterises the process. 
Analytical expressions have been derived to estimate the order of magnitude of 
the effect. The effect is the largest if the impact has a very short duration, the 
width of the wall is large, the stiffness of the skeleton is limited and if rather fine 
grains are used for the rubble foundation. Then, more than 30 % reduction of the 
uplift force can be found at the moment of maximum impact load. 

3.5.5 Instantaneous pore pressures in sandy or silty subsoil 

The flow in the subsoil usually has a quite different character from that in the 
rubble foundation: TESS, TESP and TED are much larger due to the lower permeabil-
ity, at least for the larger values of A. Now the drainage distance, A, is the con-
sidered depth below the boundary between the subsoil and the rubble foundation 
or the seabed. “A” is the maximum depth of the rupture surface below this bound-
ary (e.g. 0.1 m for very undeep rupture surfaces and 10 m for very deep rupture 
surfaces), if rupture surfaces are considered.  

Two regions can be distinguished, depending on the considered depth (value 
of A): the “drained” region where equation (3-27) holds and the “undrained” re-
gion where equation (3-28) holds. 

 
T/ (pulsating) or td (impacts) >> the largest of TESS, TESP and TED (3-27) 

 
The pore pressure fluctuations for these relatively small values of A are the 

same as those found at the lower boundary of the rubble foundation or along the 
seabed. With dense, coarse sand the maximum of A is A  O (1 m). For medium 
dense, silty sand A  O (0.1 m). For silt and clay it is even smaller. Thus, the di-
rect influence of the water pressure fluctuations above the subsoil on those in the 
subsoil is usually limited to a thin (top)layer of the subsoil. 

At greater depths the following holds: 
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T/ (pulsating) or td (impacts) <  the largest of TESS, TESP and TED (3-28) 

 
The pore pressure fluctuations and the effective stress fluctuations in this part 

of the subsoil are mainly determined by the total stress fluctuations at the bound-
ary, rather than the pore pressure fluctuations at this boundary only. In this region, 
the instantaneous flow velocities of the pore water may be neglected and even a 
sandy subsoil can best be approximated by considering the soil completely 
undrained, like clay. Although the phenomena 3, 4 and 5 (section 3.5.1)may be 
relevant, the approximation to a one-phase material is justified to find the total 
stress distribution. 

The total stress fluctuations are caused by the wave passing over the seabed 
and the wave induced moment transferred from the wall via the rubble foundation 
to the subsoil. These fluctuations can be found from stationary calculations with a 
homogeneous elastic medium with boundary conditions as indicated in 
Figure 3-16. The instationary effect of inertia during wave impacts can be incor-
porated by application of the dynamic response factor. Such calculations yield 
two relevant results: the fluctuations of the mean total stress and the fluctuations 
of the shear stress. Both fluctuations are very strong with high wave attack, espe-
cially underneath both edges of the wall.  

 

 

Figure 3-16. Vertical total stress fluctuating along subsoil boundary during wave cycle. 

 
The fluctuations of the isotropic total stress are partly distributed to the skele-

ton and partly to the pore water, depending on the ratio of the stiffnesses. If the 
pore water would not contain any gas, the pore pressure fluctuations would be 
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practically equal to the isotropic total stress fluctuations, which would be nearly 
equal to the vertical stress variations. However, some gas is probably present and 
the pore pressure fluctuations are less.  

The shear stress fluctuations can be used to find the second component, (nega-
tive) excess pore pressures due to instantaneous dilation, provided the relationship 
between excess pore pressure and shear stress change is available from tests on 
undrained samples. This relationship is a function of the density, the isotropic 
stress and the original shear stress. These stresses vary from place to place. Meth-
ods to take this variation into account are still to be developed. Just the extreme 
minimum pore pressure can be calculated, which may be reached before failure if 
the sand is dense and the gas content of the pore water is low. Unfortunately not 
much is known about the gas content in nature. The assumption of completely in-
compressible pore water would yield too optimistic results in this case.  

Centrifuge tests have shown that very high pore pressure fluctuations may oc-
cur, but also that the stability is higher than expected if only the local high pore 
pressures are taken into account. Also the highly negative pore pressures occur-
ring simultaneously at other locations probably contribute to the stability. 

A prediction of the instantaneous pore pressures in a sandy or silty subsoil is 
rather complicated and associated with several uncertainties. Introduction of these 
pore pressures, highly varying along any potential rupture surface, is very com-
plicated as well. Therefore it is recommended to express the strength of the sand 
or silt below the region with direct influence of the pore pressure above the sub-
soil in terms of undrained shear strength at least for feasibility studies and pre-
liminary design. This allows not to make any prediction of the instantaneous pore 
pressures in the sandy or silty subsoil. The undrained shear strength can be found 
from undrained tests or can be predicted from the results of drained tests (subsec-
tion 3.3.8).  

3.6 DEGRADATION AND RESIDUAL PORE PRESSURES 

3.6.1 Relevant phenomena in subsoil 

Cyclic loading of clay, silt or sand may cause a change (usually a reduction) of 
the effective shear strength and a reduction in the stiffness. This has to do with the 
development of residual pore pressures. 

When undrained sand or silt is loaded by varying shear stress, varying excess 
pore pressures are observed. Part of these  excess pore pressures, usually negative 
ones, disappear along with the shear stress. These are considered here to be the 
(second component of the) instantaneous pore pressures. They are caused by an 
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elastic volume change of the skeleton. Each shear stress variation, however, may 
also yield a non-elastic change in the structure of the skeleton, usually a volume 
decrease, which brings about a residual increase in excess pore pressure after 
unloading. This increase adds to the increase from previous shear stress varia-
tions, if these excess pore pressures have not dissipated by drainage.  

Thus, excess residual pore pressures will develop in the soil, if the duration of 
the cyclic load history is short compared to the drainage capacity of the soil. The 
instantaneous pore pressures, if positive, add to the residual ones or compensate 
residual pore pressures, if they are negative. The resulting excess pore pressures, 
if positive, cause a reduction in the effective shear stresses in the soil, and the 
consequence is a reduction in shear strength and shear modulus.  

Clays will be undrained during a storm, and possibly also over periods includ-
ing several storms. 

Sands may experience partial drainage during a storm. The amount of drainage 
depends upon the permeability of the sand and the drainage boundary conditions. 
The drainage will be significant in most cases, and needs to be accounted for in 
design. 

Experience from laboratory tests has shown that the soil structure and the resis-
tance to further pore pressure generation may be significantly altered when the 
excess pore pressure due to cyclic loading dissipates (e.g. Bjerrum, 1973, Ander-
sen et al., 1976, Smits et al., 1978). Cyclic loading with subsequent pore pressure 
dissipation has often been referred to as ‘precycling’. 

In sands, moderate precycling may lead to significant reduction in pore pres-
sure generation under further cyclic loading, even in very dense sands. Precycling 
may occur during small storms prior to the design storm, and during the first part 
of the design storm. The beneficial effect of precycling should therefore be taken 
into account in cyclic testing of sand in the laboratory by applying some precy-
cling prior to the main cyclic loading. 

In clays, experience has shown that normally consolidated and slightly over-
consolidated clays will benefit from precycling. Highly overconsolidated clays 
may, however, experience higher pore pressure generation after precycling than it 
did before. The beneficial effect for soft clays is normally not accounted for, be-
cause the excess pore pressure dissipates relatively slowly, and the design storm 
may occur relatively soon after construction. For highly overconsolidated clays, 
the negative precycling effect may be most unfavourable if the design storm oc-
curs after several years with precycling from smaller storms. During this time, 
however, the clay will also have consolidated under the weight of the breakwater, 
and the effect of consolidation will in most cases compensate the negative effect 
of precycling. 

Design diagrams for the prediction of shear strength reduction (or increase) and 
stiffness reduction in (preliminary) design are presented in Chapter 5 of Volume 
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IIb. They are based on calculations with finite element programs and measure-
ments in the centrifuge tests. 

3.6.2 Sandy subsoils 

Both the tendency for pore pressure generation and the rate of dissipation of the 
generated excess pore pressure during the storm will depend on the sand charac-
teristics (e.g. the density of the sand) and the drainage boundary conditions. The 
generation also depend on the magnitude of the design wave and the design storm 
composition. 

For a feasibility study it may be sufficient in many cases to find out whether 
the following subsoil conditions are present until a depth of Bc underneath the 
wall bottom:  
 layers of fine, loose or medium dense sand 
 layers of loose or medium dense sand interrupted by silt or clay layers. 
In these cases significant residual pore pressures may occur and a breakwater 

may only be feasible after a soil improvement. In other cases no significant pore 
pressures need to be expected. 

This can also be quantified approximately by Equation (3-29):  
 
cu

cy/cu = 1 – 0.5·exp(-cdegraT/TESS) (3-29) 
 
where T is the wave period, TESS is defined according to subsection 3.5.1 with 

A  0.5 Bc, cdegra  10 if rather loose sand is present, cdegra  100 if medium dense 
sand is present. There is no need to fear for a reduction of the undrained strength 
of the sand if only dense sand is present. 

The shear modulus reduction may have the order of a factor 2 (reduction to half 
the original value). 

3.6.3 Clayey subsoils 

The shear strength of clay normally refers to the static (monotonic) shear strength 
from undrained strain controlled tests with about 1 – 2 hours to failure. In design 
of vertical breakwaters one should therefore correct this static shear strength for 
effects of undrained cyclic loading in the design storm and the high rate of load-
ing from the maximum wave. 

The cyclic effect can be approximately corrected for by the diagram in Fig-
ure 3-17. The input to the diagram is the ratio between the average wave load and 
the failure load calculated based on monotonic shear strength. The monotonic 
failure load can be calculated as described in subsection 3.7. The expression along 
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the vertical axis, Pf,cy/Pf,s can also be substituted by cu
cy/cu, were cu

cy is the 
undrained shear strength corrected for the cyclic effects. 

 

 

Figure 3-17. Diagram to correct monotonic (static) failure load of clay for effect of cyclic loading. 

 
The correction for cyclic effect is a function of the clay type and the composi-

tion of the design storm. The diagram in Figure 3-17 is based on Drammen Clay, 
which is a plastic clay with a plasticity index of Ip = 27%, and a typical wave load 
design storm composition for a vertical breakwater as given in Volume IIb, Chap-

ter 5. 
The rate effect is partly accounted for in the cyclic correction above, as the dia-

gram in Figure 3-17 assumes a cyclic load period of 10 s. If the load period devi-
ates from 10 s, the additional rate effect can be corrected for by increasing the 
calculated cyclic failure load by 10% for each tenfold decrease in the load period. 
This correction is valid for plastic clays with an Ip of more than 20%, and for less 
plastic clays one should be careful about relying on this additional rate effect. It is 
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therefore recommended to limit the correction factor from the diagram in Fig-
ure 3-17 to 1.0 for clays with Ip less than 20%. 

The shear modulus reduction may have the order of a factor 2 (reduction to half 
the original value). 

3.7 LIMIT STATE EQUATIONS AND OTHER CALCULATIONS METHODS 
FOR STABILITY AND DEFORMATION 

3.7.1 Schematisation of loads during wave crest 

Soil consists of a skeleton and pores filled with water and air. For the prediction 
of its response to wave loads only the skeleton can be schematised or the whole 
soil, including the pore fluid. It is recommended to choose the first type of sche-
matisation for the soil that is considered to behave “drained” and the second for 
the soil that is considered to behave “undrained”. The rubble can always be con-
sidered to behave “drained”, the subsoil, in most cases, to behave “undrained” 
(see subsection 3.5.5). Thus, if the equilibrium of the wall with part of the rubble 
and subsoil is considered only the skeleton of the rubble should be schematised 
and, in most cases, the whole of the subsoil. This has the following consequences 
(Fig. 3-18): 

 

 

Figure 3-18. Schematisation of pore pressure loads. 

 
 The joint equilibrium is considered of three elements: the wall, the part of 

the rubble skeleton above/to the harbour side of the rupture surface and the 
part of the subsoil within the rupture surface. 
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 The equilibrium follows if all the volume forces acting on these three ele-
ments are taken into account and all the surface forces acting along the 
boundaries of the three elements; the surface forces acting among the ele-
ments themselves may be left out as they compensate each other. 

 The pore water in the rubble is considered as an external medium, of which 
the interaction with the rubble must be modelled as external seepage force 
all over the volume of which the equilibrium is considered. 

 Also the surface force from this pore water acting on the bottom of the wall 
(“uplift force Fu”) must be introduced as external force, as well as the sur-
face force from this pore water acting on the boundary of the considered 
part of the subsoil, a force which is usually a fraction of the uplift force, 
acting, however, in the opposite direction. 

 The pore pressures within the considered part of the subsoil are of no inter-
est: no volume forces.  

 The pore pressures along the outer boundaries of the considered part, how-
ever, must be modelled in one way or the other as external surface forces. 
If the subsoil strength is expressed as undrained shear strength, than these 
pore pressures are, together with the effective normal stresses, along the 
same boundaries implicitly modelled as total normal stresses. If the subsoil 
strength is expressed in terms of a friction angle (with cohesion), then these 
pore pressures must be modelled explicitly, just like the effective stresses 
along the same boundaries.  

It is often very practical to consider the equilibrium of the wall separately from 
the equilibrium of the soil (part of the skeleton of the rubble foundation and part 
of the subsoil). This means that the force acting from the wall to the skeleton of 
the rubble foundation – the integrated effective stresses - , must be found as resul-
tant from the other forces acting on the wall. These forces are the weight FG (re-
duced for the buoyancy), the horizontal excess water force along the front wall, Fh 
and the vertical force from the excess pore pressures in the rubble foundation, Fu. 
See Figure 3-19. 
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Figure 3-19. Schematisation of soil load. 

 
Taking into account the eccentricity of the weight, ec, (positive in sea side di-

rection!) and the lever arms lFh and lFu, the resultant force acting on the skeleton of 
the rubble foundation can be expressed with three parameters: the horizontal 
component Fh, the vertical component (FG – Fu) and the distance of this force 
component to the harbour side edge, Bz/2. The last parameter follows from the 
following equation: 
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The resulting horizontal seepage force in the rubble foundation, Fhu, can be 

found with the assumptions of triangular pressure distribution in horizontal direc-
tion and hydrostatic distribution in vertical direction (subsection 3.5.3). This 
yields: 
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where  is the angle between the bottom of the wall and the rupture surface, as 

indicated in Figure 3-19. 

3.7.2 Limit state equations for main failure (sub)modes during wave crest 

The following four (sub)modes may be considered as the four main failure modes 
(see Fig. 3-20 and compare section 3.1): 

a) sliding of the wall over the foundation (failure mode I) 
b) rotation failure (bearing capacity failure, submode IIa)  
c) sliding through rubble and along top of subsoil (bearing capacity failure, 

one of the possible submodes IIb) 
d) rupture surface through rubble only (bearing capacity failure, between 

submode IIa and IIb) 
 

 

Figure 3-20. Main failure (sub)modes for which limit state functions are available. 

 
Deeper rupture surfaces than according to c), i.e. other possible bearing capac-

ity submodes IIb, are less likely if the subsoil strength increases with depth, which 
is often the case.  



Geotechnical aspects   43 

43 

The limit state functions, ga, gb, gc and gd, presented below are such that g = 0 
describes the critical condition. The background of these functions is presented in 
Chapter 7 of Volume IIb.  

 
ga = (Fg – Fu) tan   –  Fh (3-33) 

 
gb = Bz  – czb Bc                   with czb  0.4  (3-34) 

 
gc  {(s - w)A1  + Fg  - Fu }·cos(d1 - ) – (Fh  + Fhu)·sin(d1 - ) (3-35) 

with  
 

A1  ½ (Bz + a )·hr (3-36) 
 

gd =  lBC cu  -  (Fh + Fhu) (3-37) 
 
with  

lBC = Bz + a + b – hr/tan d1   (3-38) 
 
and  

 = d1  (3-39) 
 

ge (3-40) 
 

3.7.3 Seaward failure during wave trough 

For seaward failure, the same equations and approximations can be used as with 
harbourside failure. 

3.7.4 Three dimensional rupture surfaces 

If bearing capacity failure occurs, it occurs over a limited length. This may due to 
the limitation of the length over which the extreme load occurs (see section 2.5.3) 
or due to the limitation of the region where the soil is relatively weak. This means 
that a rupture surface always has a 3-dimensional shape, with the exception of the 
“rupture surface” of sliding along the base. Nearly all analyses, however, are 
based on the assumption of 2-dimensional rupture surface. This assumption is al-
ways conservative. An idea about the conservatism can be derived from the fol-
lowing observations. 

Two factors make that a 3-dimensional shape (“shell shape”) causes an increase 
in foundation strength, compared to the 2-dimensional approach: 
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 the increase in contact area 
 dilatancy, the strengthening effect which increases with the curvature of the 

rupture surface. 
A very rough estimate of the order of magnitude of the favourable effect can be 

made, if the depth and the length of the rupture surface can be estimated. If the 
depth is 10% of the length, the 3-D contact area becomes ca. 3% larger than the 
2-D area and if the depth is 30% of the length, the 3-D contact area becomes 
ca. 20% larger than the 2-D area. It is reasonable to assume an increase in strength 
in the order of 5% and 40%, respectively. This can be expressed by the equation:  

3-D strength / 2-D strength = 1 + (2·depth/length)2 

3.7.5 More sophisticated methods 

3.7.5.1 More sophisticated limit state equations 

The above limit state equations have many limitations, among which the limited 
number of rupture surfaces considered, the prescribed shape of these surfaces and 
the fact that dilation is not explicitly taken into account. More sophisticated equa-
tions, based on the upper bound theory, are presented in Volume IIb, Chapter 6. 
More rupture surface shapes are considered and optimisation procedures are in-
cluded to find the most unfavourable rupture surface. The influence of dilation is 
explicitly taken into account. 

Nevertheless, the following limitations remain, such as: 
 pore pressures and seepage forces are strongly schematised 
 subsoil is schematised as homogeneous medium 
 variations of undrained shear strength in the subsoil due to variation in sta-

tionary stress cannot be modelled. 
Numerical models can be used as alternative. 

3.7.5.2 Sliding circle analysis according to Bishop 

One of the most common types of numerical models are those for slip circle 
analysis according to Bishop. They can be applied to vertical breakwaters, pro-
vided the caisson or the load from the caisson is schematised such that sliding cir-
cles can pass anywhere through the caisson/rubble interface. The advantages are 
 complicated layering can be schematised 
 complicated pore pressure distributions can be modelled, provided the nu-

merical scheme allows for modelling of separate pressure head functions in 
each layer, 

 commonly available, reliable scheme, with which many calculations can be 
performed in a short time. 

Disadvantages, compared to the sophisticated limit state equations: 
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 only circular rupture surfaces 
 the positive effect of dilation cannot be modelled directly. 
The reliability of the outcome of sliding circle calculations is probable not 

greater than that of the sophisticated limit state equations, especially not if the 
subsoil is rather honogeneous. Comparison of both, however, gives a feeling of 
the influence of the different assumptions. 

3.7.5.3 Finite element models 

A large spatial variation in soil properties can be modelled with finite elements. 
Some finite element codes also allow for the modelling of the pore flow or intro-
duction of the pore pressure distribution calculated with a special finite element 
code for (stationary) pore flow. 

The constitutive model of the soil can be made very sophisticated. For the sta-
bility analysis of vertical breakwaters, however, a simple constitutive approach, in 
which the plasticity is modelled by an undrained shear strength or by the combi-
nation of cohesion, friction angle and dilation angle, is usually sufficient.  

The reliability of the bearing capacity predicted by an finite element model also 
depends on the type of elements and the size of the elements. The size should at 
least be small enough to model relevant soil property variations and to model de-
formations along relative narrow shear bands (rupture surfaces with zero thick-
ness can not be modelled). 

3.7.5.4 Analysis for stability under undrained cyclic loading 

Instability is usually considered to occur if unacceptable deformation of the foun-
dation takes place during one extreme (wave) load. Unacceptable deformation, 
however, may also be the result of several subsequent loads (Fig. 3-3). This may 
occur with a vertical breakwater if the subsoil behaves undrained during a wave 
train of extreme high waves. Adequate description of the strength of the soil in 
such a situation requires more than the single cu value: the strength must be de-
scribed by the combination of 2 parameters: a and cy. It is not immediately clear 
which combination should be entered in a stability analysis, because the combina-
tion that yields the same extreme shear deformation may vary along the rupture 
surface. How this can be solved is indicated in Volume IIb, Chapter 5. 
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3.8 UNCERTAINTIES 

3.8.1 Survey of uncertainties 

The analysis of the stability of certain breakwater design first requires the selec-
tion of the models and input parameters, e.g. the models and input parameters pre-
sented above for feasibility studies. To judge the reliability of the outcome of 
such an analysis, however, a failure analysis is needed, in which the influences of 
the uncertainties associated with the use of these models and parameters, are 
quantified.  

Any failure analysis requires a clear picture of the input parameters with their 
uncertainties, the models with their uncertainties and the relationship between in-
put parameters, models and output parameters or limit state functions. Such a pic-
ture can be presented in the form of an “operational fault tree”, as presented in 
Figure 3-21. The meaning of the different boxes is as follows: 

 
 In the double circles the input parameters with a stochastic character are 

indicated. 
 In the rectangular boxes the models are indicated. The symbols are ex-

plained in 3.8.3. Each model can be represented by an equation or figure 
discussed before.  

 In the single circles the stochastic parameters are indicated which are found 
with the help of these models.  

 The final output consists of the values of the 4 failure functions, also sto-
chastic parameters, found with the limit state equations. Failure occurs if 
one or more are negative. 

The uncertainties about the soil parameters will be briefly discussed in subsec-
tion 3.8.2; those about the models in subsection 3.8.3.  

In a level II or III analysis expected values of the soil parameters must be found 
and the soil parameter uncertainties will be expressed by a coefficient of variation 
(COV). The model uncertainties will be expressed by (multiplication) model fac-
tors mx with expected values, E(mx) = 1 and with a COV. All probability distribu-
tions discussed in this section will be assumed to be log-normal. The standard de-
viation of the normal distribution of the logarithm of the quotient of the variable 
and the expected value equals the logarithm of (1 + COV). This means, for in-
stance, that for a parameter “p” with expected value Ep and COV = 0.8 (80%), 
there is 68% probability that Ep /1.8 < p < Ep 1.8. The final outcome is a probabil-
ity for each failure mode that gx < 0. 

In a level I probabilistic analysis characteristic values of the soil parameters 
need to be chosen and partial safety coefficients need to be defined for both soil 
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parameters and models. The characteristic values below will be taken equal to the 
expected values; the partial safety factors will be taken equal to ca 1.6 (1 + COV), 
corresponding to the 5% exceedance value. The final outcome are the values of 
the failure functions. No failure is expected if all are positive.  
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Figure 3-21. “Operational fault tree”  (for explanation: see text subsection 3.8.1). 
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3.8.2 Uncertainties about soil parameters 

Determination of a soil parameter usually requires 3 steps, each of which brings 
about some uncertainty: 
 Measurement, e.g. of the cone resistance qc 
 Translation of the measured parameter into the parameter relevant for the 

analysis, e.g. translation of qc into undrained shear strength cu (Equa-
tion 3-1) 

 Interpolation or extrapolation of the parameter found at the location of 
measurement to the same parameter at the relevant location (e.g. the loca-
tion along the whole breakwater with the weakest soil) 

Part of the uncertainties is an inherent (or natural) uncertainty, like the natural 
spatial variation which is the basic source of the uncertainty of the last step or the 
change in soil properties after construction of the breakwater (part of the second 
step) which can never be predicted with 100% accuracy. Another part of the un-
certainties is due to the lack of knowledge, like the uncertainty associated also 
with the last step by the limited number of measurements. The uncertainties due 
to lack of knowledge can be reduced by increasing the number of measurements, 
improving the measurement accuracy or improving the physical formulation for 
the translation in step 2 or the inter/extrapolation of step 3.  

Before determination of any soil parameter of the seabed soil, knowledge of the 
stratification and the types of soil is gained. This brings about uncertainties simi-
lar to those associated with the last step, caused by the spatial variation of the soil: 
the uncertainty about the thickness or even the presence of some layers at the 
relevant locations. Usually a conservative approach is justified in a feasibility 
study: the assumption of the weakest layer to be rather thick. This uncertainty and 
the uncertainties associated with step 3 may be very large or very small, depend-
ing on the geological characteristics of the site and depending on the area over 
which the parameter must be averaged (usually the area of one caisson, because 
rupture surfaces have the same order of magnitude). Judgement usually requires 
considerable geological and geotechnical expertise.  

Possible uncertainties associated with step 1 and step 2 is presented in Ta-
ble 3-1 for the main soil parameters needed in a feasibility study. It will be done 
for a case in which the results of several CPTU’s and borings are available and 
classification tests have been done on all relevant samples. The uncertainties can 
be reduced considerably (e.g. to half the indicated value) after performance of ac-
curate laboratory tests, like triaxial tests, on representative samples. 
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Table 3-1. Possible uncertainties of soil parameters (step 1 and step 2). 

 
Soil parameter CoV PSF Remarks 

k (sand or silt) 
k (clay) 

200% 
400% 

 5 
10 

Low value probably (always?) unfavour-
able; therefore expected value to be di-
vided by factor in level I analysis 

G 100 % 3 High G-value probably unfavourable; 
therefore expected value to be multiplied 
by factor in level I analysis  

 10% 1.15 limit:   0.5 
 10% 1.15  
 5% 1.08  
 40% 2  
cu (sand or silt, after 
construction) 
 
cu (clay after construc-
tion and consolidation) 

20% - 40% 
 
 
 
30% 

1.3 – 2 
 
 
 
1.5 

Lower values (20% and 1.3) to be used if 
prediction only based on Equation (3-9); 
higher value if more than 50% of cu is 
due to dilatancy 

CoV = Coefficient of Variation; PSF = Partial Safety Factor 

3.8.3 Model uncertainties 

The model uncertainties will be expressed by (multiplication) model factors mx. 
In the level II and III analyses, these are stochastic parameters with log-normal 
distributions, with expected values, E(mx) = 1 and with a COV. In a level I analy-
sis these factors are partial safety factors. Suggestions of COV’s are presented in 
Table 3-2. 

There are four groups of models: 
 “Dyn” concerning the dynamics. For a feasibility study these models con-

sist of the equations (3-10) to (3-21) for Dyn I, equations (3-22) and (3-23) 
for Dyn II and Figure 3-10 for Dyn III. The values of the parameters kx, k 
and D found by these functions should be multiplied by mkx, mk and mD 
respectively. The estimated uncertainties are based on several hindcasts 
with large scale tests and prototype tests (Volume IIb, Chapter 3 or de 
Groot et al., 1999). 

 “Instant” concerning instantaneous pore pressures. For a feasibility study 
this model consists of the equations (3-25), (3-26) and (3-29). The values 
of the parameters Fu,max and lFu found by these functions should be multi-
plied by mumax and mlFu respectively. Equations (3-27) and (3-28) are meant 
to find out whether the subsoil should be considered drained or undrained 
and to select the corresponding stability equation. If the outcome of these 
equations is not decisive, both type of stability equations should be applied. 
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The estimated uncertainties are based on several hindcasts with large scale 
tests and prototype tests (Volume IIb, Ch 4). 

 “Degra” concerning degradation and residual porepressures. For a feasibil-
ity study this model consists of equation (3-29) and Figure 3-17. The value 
of the second term of equation (3-29) should be multiplied by mcucysand; the 
value of cu

cy found by Figure 3-17 should be multiplied by mcucyclay. 
 “Stab” concerning stability. For a feasibility study the models for Stab I 

consist of the equations Fh   D  Fh,max, Fu   D  Fu,max (compare Eq. (3-10), 
(3-33) and (3-34). No uncertainties are associated with the Stab I equations 
for Fh, Fu and Bz. The equation for Fhu , however, is a rough approximation. 
The models for Stab II consist of the limit state equations (3-34) to (3-40) 
yielding the values of the failure functions. All limit state equations have 
the form of gx = Rx – Sx. To express the uncertainty, they should be substi-
tuted by gx = Rx – mx·Sx. The estimated uncertainties are based on compari-
sons between the results of several different models and an incidental hind-
cast of large scale tests (Volume IIb, section 7.7). 

 
Table 3-2. Suggestion for model uncertainties. 

Model 

Model 

factor CoV PSF Remarks 

Dyn I   Eq. 3-19 

            Eq. 3-20/21  

mkx 

mk 

30-50% 

130-250% 

1.5 

1.8 

Smaller values for mkx and mk 

for thick homogeneous rubble 

foundation or very thin bedding 

layer; otherwise larger values 

Dyn III   Fig. 3-10 mD 5 - 10% 1.08-1.15 Larger values for  

0.5 < tD/TN1 < 1.5 

  INSTANT            

               Eq. 3-25 

               Eq. 3-26 

 

mFumax  

mlFu 

 

20% 

10% 

 

1.3 

1.15 

 

DEGRA   Eq. 3-27 

                 Fig. 3-17 

mcucysand 

mcucyclay 

50% 

15% 

1.8 

1.2 

 

STAB I  Eq. 3-31 mFhu 30% 1.5  

STAB II  Eq. 3-34 

               Eq. 2-35 

               Eq. 2-37 

               Eq. 2-40 

mmound1  

mmound2  

msubsoil1  

msubsoil2 

20% 

20% 

20% 

20% 

1.3 

1.3 

1.3 

1.3 

 

CoV = Coefficient of Variation; PSF = Partial Safety Factor 
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3.9 INFLUENCE OF DESIGN PARAMETERS 

3.9.1 General 

Design is an iterative process of selecting a breakwater type with provisional di-
mensions, analysing this provisional design, changing the type or dimensions, 
analysing once again etc. The previous sections of this chapter mainly concentrate 
on the analysis of a once selected design. In this section the influence of design 
parameters on the breakwater stability is discussed and most relevant failure 
modes are represented as functions of the most important design parameters. This 
may help during a feasibility study to decide which failure mode should be paid 
most attention to, as soon as a first provisional design has been made, and to se-
lect the dimension to be revised to arrive at a better, though still provisional de-
sign. More attention to design improvements will be presented in section 3.10. 

In chapter 8 of Volume IIb the relevance of the two load cases, wave crest and 
wave trough, and of the relevance of the main failure modes for the stability of a 
specific breakwater type have been investigated. The type is a vertical breakwater 
on a thin rubble bedding layer on top of a subsoil of coarse sand or gravel. Many 
different designs of this breakwater type under many different wave conditions 
(however, no wave impacts) have been considered. The result consists of the rela-
tionship between the most relevant design parameters and the most relevant fail-
ure modes and is summarised in subsection 3.9.2. 

Section 3.9.3 deals with the question which of the findings of section 3.9.2 
would also be valid for other types of vertical breakwaters. 

3.9.2 Vertical breakwater on thin bedding layer and coarse grained subsoil 

with pulsating wave loads 

3.9.2.1 Input, analysis and output of performed investigation 

The purpose of the investigation was to become an overview of the most relevant 
load cases and failure modes in relation to the input parameters. In Table 3-3 find-
ings of this study are summarised in a parameter map of most relevant load-
case/failure-mode combinations in relation to the design parameters.  

The combinations have been analysed with 4 failure mode equations for wave 
crest (numbered 2-4, 2-2, 2-5 and 2-1) and 4 equations for wave trough (num-
bered 3-4, 3-2, 3-5 and 3-1): 
 2-4 and 3-4 correspond to Equation 3-33 (sliding along the base) 
 2-2 and 3-2 correspond to Equation 3-34 (bearing capacity in rubble; un-

deep rupture surface) 
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 2-5 and 3-5 correspond to Equation 3-37 (bearing capacity in subsoil; rup-
ture surface at rubble/subsoil interface) 

 2-1 and 3-1 correspond to Equation 3-40 (bearing capacity in subsoil; rup-
ture surface below rubble/subsoil interface). 

Remark: bearing capacity failure in rubble with deep rupture surface is not pos-
sible with a thin bedding layer.  

An important input parameter (design parameter) is c = area of cross section of 
breakwater/(hc·Bc). See Figure 3-22. The design parameter with most influence on 
the dominant failure mode is the relative weight eccentricity, ec/Bc (Fig. 3-19). 
Depending on the measure of the eccentricity and specific soil and load parame-
ters the relevant load-case/failure-mode combination can be identified. 

 

 

Figure 3-22. Definition of design parameter c. 

 
It must be mentioned that the map can not be complete, because it is not possi-

ble to describe all influences and dependencies on the caisson stability exhaus-
tively. All results should be used carefully, since it can not be guaranteed, that for 
other parameter combinations than those varied in the study the limits within dif-
ferent load-case/failure-mode combinations become relevant are still valid. 
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3.9.2.2 Less relevant load-case/failure-mode combinations 

Load-case/failure-mode combination 3-5, bearing capacity in subsoil with the 
rupture surface at the rubble/subsoil interface, at wave trough, appeared never to 
be the dominant combination.  

The relevance of load-case/failure-mode combination 2-5, the same mode, but 
now at wave crest, was found to depend mainly on the ratio of   S R/  or the ra-

tio tan'S/ , where 'S  is the friction angle of the subsoil and 'R is the friction 
angle of the rubble. In all calculations  = 2/3 tan'R was assumed. This combina-
tion may be relevant in the range of 25 30    S  and simultaneously 

37 5 45.     R  only, if the following inequality is valid: 

 
tan'S <   (3-41) 

 
If it is not, sliding along the base (2-4) would dominate over this failure mode. 

If Equation (3-41) is valid, however, this failure mode may be relevant for posi-
tive eccentricities within the range of 05 015. . e Bc c , but only if also the 

following, unusual conditions are met: low weight of caisson:   c c W  14.  

and  rcrestsc hhhh   (no overtopping), for details see Volume IIb, Chap-

ter 8. 
Sliding along the base at wave trough (3-4) may become the dominant combi-

nation only under the following design conditions: 
 0 0 05 e Bc c .  (thus, bearing capacity in rubble with undeep rupture 

surface is not critical) 
 and   S 35  (no bearing capacity problem) and   tan 23 = 0.43 

 and   c c W  17.  and  rcrestsc hhh9.0h   (low height of 

caisson) 
 and H hsi s/ . 0 2 , T sp  10  (higher wave load at wave trough than at 

wave crest) 
Within the parameter limits given above, other load-case/failure-mode combi-

nations may become relevant as well, but the relevance of this type of bearing ca-
pacity failure in the subsoil (rupture surface at the rubble/subsoil interface) at 
wave crest and sliding along the base at wave trough is restricted to these parame-
ter ranges only. 

3.9.2.3 Important load-case / failure-mode combinations 

Which of the remaining 5 load-case/failure-mode combinations dominates, 
mainly depends on the design values of ec/Bc, 'S and Hsi. Within certain ranges of 
these parameters unit weight and height of the caisson, cc and hc, or the angle 
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of internal friction of rubble mound, 'R, could determine the relevance of certain 
failure modes as it is shown in Tab. 3-3. No significant influences of other input 
parameters have appeared. 

The relative eccentricity of caissons' dead load ec/Bc is most decisive for the 
question whether wave crest is the most dangerous or wave trough. For 
e Bc c  0  (eccentricity to harbourside) only load case wave crest is relevant, 

because here negative eccentricities are unfavourable. The influence of ec/Bc is so 
strong that even for low wave heights, where according to section 2.4.2 negative 
forces (wave trough) are greater than positive forces (wave crest), this load case is 
still relevant. 

For e Bc c  0  (eccentricity to seaside) both, wave crest and wave trough, 

may become dominant. Positive eccentricities are favourable for load case wave 
crest but unfavourable for load case wave trough. Here the relevance of a certain 
load case depends especially on the wave height Hsi. It has to be mentioned that 
sometimes very high positive eccentricities may be unfavourable for load case 
wave crest as well. In these cases the moment of the caissons' dead load is too 
large in relation to the moment of the wave load, especially at low waves. For 
high waves this effect is not so obvious. 

The eccentricity of caissons' dead load also largely determines which of the 
failure modes dominates. If e Bc c  0 05.  only combination (2-2), bearing ca-

pacity failure in rubble with undeep rupture surface and combination (2-1), bear-
ing capacity failure in subsoil with rupture surface below the rubble/subsoil inter-
face, are relevant because of the large resultant moment, which reduces the 
effective width of the caisson and enlarges the resultant eccentricity. If 
e Bc c  0 05.  every failure mode can be relevant. Here their relevance is de-

termined by other parameters. For e Bc c  0 05.  combination (2-1) is no longer 

decisive, because positive eccentricities act favourably within this failure mode. 
Apart from the influence of ec/Bc, especially the angle of internal friction of 

subsoil, 'S, and the wave height, Hsi, determine the relevance of the combina-
tions. Parameter 'S is decisive for the relevance of bearing capacity failure in 
subsoil (combinations 2-1 and 3-1). Generally, its importance decreases with in-
creasing 'S, whereas sliding along the base (2-4) and bearing capacity failure in 
rubble (2-2 and 3-2) become more and more relevant. The value of parameter Hsi 
decides whether wave crest or wave trough is the relevant load case. 
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Table 3-3. Parameter map of relevant load-case/failure-mode combinations (for legend see Ta-
ble 3-3 continued) 

 

 



Geotechnical aspects   57 

57 

Table 3-3, continued. Parameter map of relevant failure modes.  
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3.9.3 Effects with other breakwater types 

3.9.3.1 Effect of a high rubble foundation 

Although many simplifications have been assumed for the investigation summa-
rised in subsection 3.9.2, most of the general tendencies found will probably also 
be valid for vertical breakwaters on high rubble foundations, provided the founda-
tion is rather wide and the subsoil consists of rather solid material. The main dif-
ference will be that the role of bearing capacity failure in the subsoil (load-
case/failure-load combinations 3-1 and 2-1) will be taken over by bearing capac-
ity failure in the rubble with relatively deep rupture surface (compare equa-
tion 3-35 for failure function gc).  

3.9.3.2 The effect of wave impacts 

Wave impact loads, if they occur, are usually much higher than pulsating wave 
loads. Sometimes certain constructional measures may help to reduce the wave 
impact load to the level of the pulsating load or lower. If this is not possible, the 
dominant failure modes will be those which occur with wave crest, even where 
wave trough dominates according to the findings of subsection 3.9.2. Then, an in-
creased eccentricity may be helpful to arrive at the optimal design. 

3.9.3.3 The effect of fine grained subsoil 

Fine sand, silt or clay as subsoil material will behave nearly completely undrained 
under wave loading. The effective shear strength is usually smaller than of a 
coarse grained soil, due to instantaneous and/or residual pore pressures or degra-
dation, unless the subsoil consists of sand/silt with a high relative density or of 
highly overconsolidated clay. Even with high rubble foundations (see „Genoa 
Voltri V1“ in section 5.8), bearing capacity failure in subsoil (combinations 2-1, 
3-1, but also 2-5 or 3-5) may become the dominant failure modes instead of slid-
ing along the base or bearing capacity failure in rubble. 

3.10 POSSIBILITIES FOR DESIGN IMPROVEMENTS 

3.10.1 Variation design parameters if rubble foundation is present 

3.10.1.1 Increase the mass of the wall 

This helps for nearly all failure modes. If bearing capacity failure is critical also 
the foundation width Bc must be increased. The other measures discussed below 
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are based on the assumption of keeping the mass constant. The mass of perforated 
wall caissons is relatively small. Extra mass in the superstructure may be needed 
for compensation. The presence of this mass above the water level is favourable 
(see point 3.10.1.3). 

3.10.1.2 Increase or decrease weight eccentricity ec 

For conditions without wave impact it was found that: 
0  ec/Bc  0.1 
yields the optimal balance between seaward failure and harbour side failure. In 

case of significant wave impacts, a larger value (weight eccentricity more sea-
ward) is likely to be more economical. Perforated wall caissons usually have a 
negative weight eccentricity and it may be very helpful if this is (partly) compen-
sated by a superstructure with a largely positive weight eccentricity. 

3.10.1.3 Reduction wall volume below still water level 

Favourable for the stability is the increase in effective weight of the wall. Given 
the mass of the wall, this can only be reached by reducing the volume below still 
water level, e.g. by reducing the width of the caisson (while keeping Bc constant 
to avoid loss of stability). Perforated wall caissons usually have “automatically” a 
relatively small volume below the still water level.  

This loss of volume must be compensated either by increasing the unit mass or 
by increasing the volume above the still water, i.e. increasing the volume of the 
superstructure. This means also increasing c and/or hc. For conditions without 
wave impacts the following values of these parameters appeared to be favourable: 
 hc > hcrest + hs - hr       where hcrest = height of the wave crest above SWL 
 1.7    c·c/w   2.0    for Hsi/hs < 0.5 
 2.0    c·c/w   2.3    for Hsi/hs  0.5 

3.10.1.4 Enlargement of Bc 

Enlargement of Bc, while keeping the mass constant, may help the stability if one 
of the bearing capacity failure modes, especially bearing capacity failure in the 
rubble.  

3.10.1.5 Enlarging the rubble foundation 

Placing more rubble adjacent to the wall at the harbour side increases the stability, 
especially if sliding along the base at wave crest determines the safety. The in-
crease in horizontal sliding resistance is roughly equal to the under water weight 
of the added rubble. If bearing capacity failure in the subsoil dominates, it would 
be more efficient to place the rubble on top of the subsoil adjacent to the rubble 
foundation, thus widening the rubble foundation.  
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Another way to enlarge the rubble foundation is increasing its height, thus lift-
ing up the wall. If the hydraulic load does not increase, this helps the stability in 
two ways: 
 increase of the effective weight of the wall (compare measure c) 
 increase of the stationary vertical effective stress in the soil, yielding in-

crease of the shear strength. 
The enlargement of the rubble foundation may increase the settlement of the 

subsoil. 

3.10.1.6 Connecting caissons to each other 

This measure is of particular interest if wave impacts determine the stability. The 
connections should be such that the total length of caissons working together is at 
least two or three times the characteristic length of the load (section 2.5.3 and 

Chapter 4). The connections must be able to transfer forces in the x-direction and 
moments around the y-axis (longitudinal axis). If unequal settlements are to be 
expected, the connections must not transfer forces in the z-direction and moments 
around the x-axis. 

3.10.1.7 Soil replacement or soil improvement 

If the subsoil consist of (too) soft clay or silty sand with the risk of the generation 
of considerable residual pore pressures, bearing capacity failure with rupture sur-
faces along or in the subsoil may determine the stability. An effective measure is 
to dredge the upper 5 to 10 m of the soft soil and replace it by clean sand (content 
of grains finer than 0.063 mm smaller than ca 5%). Subsequent densification of 
the sand is also often needed to avoid considerable settlement after construction 
caused by the wave induced cyclic loading and/or to avoid the risk of too high re-
sidual pore pressures during extreme cyclic loading. With soft clay an alternative 
could be pre-consolidation by a considerable weight of rubble, before the caissons 
are placed. Pre-consolidation, however, often requires several years. Several other 
soil improvement techniques (mixing with cement, stone columns etc) could also 
be considered. The construction at sea, however, makes these techniques usually 
extremely expensive. 

3.10.1.8 Prolongation of seepage path in rubble foundation 

The seepage path of the water flowing through the rubble foundation during wave 
crest, can be made longer, in order to reduce the uplift force. This would be fa-
vourable for all failure modes, although the effect is only significant with rela-
tively light structures. The path can be made longer by: 
 wide apron slabs which are placed tightly against the caisson footing. 
 reduction of permeability of the rubble immediately underneath the sea-

ward toe of the wall (fine grains, or injection) 
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 increasing the permeability directly underneath the middle and the harbour-
side toe of the wall.  

These measured cause a reduction of the uplift during wave crest. During wave 
trough, however, they cause an opposite, unfavourable effect. Therefore it is only 
useful if the wave crest load dominates failure.  

3.10.2 Caisson foundation directly on sand 

Under certain conditions it may be wise to consider a foundation of a caisson di-
rectly on the sandy seabed. In such a design no rubble is placed on the seabed to 
raise and level the foundation bed. No rubble is present either to take care for 
drainage of excessive pore pressures and to act as filter against the loss of sand 
particles, at least not underneath the caisson floor. Ribs and/or a bed protection di-
rectly adjacent to the wall may be necessary to avoid extreme excess pore pres-
sure (gradients) and the loss of fine material. Experience with this type of struc-
tures is gained with offshore platforms and may be useful for vertical 
breakwaters.  

3.10.3 Skirts to improve foundation capacity in clayey soils 

At locations where the natural soil consist of soft clays of clayey silty sands, the 
bearing capacity will in many cases not be sufficient to support a rubble mound 
and the breakwater structure. This may require a staged construction where the 
rubble mound is placed first. The soil will then consolidate under the weight of 
the mound. The time required for consolidation can be several months and even 
years before the superstructure can be installed, and the settlements will continue 
during the operational life of the breakwater. See Figure 3-23a. 

Skirted foundations have been used with great success for offshore gravity plat-
forms. The base is equipped with skirts along the periphery and also compart-
mented in accordance with the internal walls of the superstructure, see 
Figure 3-23b The structure can be built as a self-floater, partly or fully completed 
in a dry dock prior to float out and installation. The breakwater sections are towed 
to location, positioned accurately and ballasted. The skirts will penetrate under 
gravity loads, and by applying suction full penetration to design depth can be 
achieved. By varying the underpressure in the different skirt compartments full 
control of tilt can be achieved. From a foundation point of view skirted concrete 
caissons have a number of advantages.  
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Settlements

Bearing capacity 

 

a) b) 

 

c) d) 

Figure 3-23. Skirted breakwaters compared with traditional design. Possible configurations for 
skirted breakwater structures on clayey soils. 

 
 The sliding and the bearing capacity on soft ground can be improved con-

siderably compared to a flat based structure 
 Staged construction can be avoided, i.e. short completion time for breakwa-

ter 
 Underbase erosion (scour) is prevented 
 The underbase water pressure and corresponding overturning moment act-

ing on traditional breakwater structures is avoided  
 A caisson cantilever base can reduce the overturning moment 
 A considerable weight reduction can be achieved with increased safety 

against bearing capacity failure and with strongly reduced settlements  
 Quick and proven installation method 
There are certainly also limitations and disadvantages: 
 The additional concrete work and cost compared with rubble mounds made 

of rockfill and gravel 
 Availability of construction sites and skirt depth restrictions during towing 

out 
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 The water depth variations along the breakwater will require design and 
engineering of several sets of concrete structures and dredging (although a 
certain water depth variation can be covered by adjustment of penetration 
and underbase grouting) 

The structural configurations may vary from a box type structure similar to 
many of the representative structures with skirts under the periphery to a sea wall 
with a skirted base plate as outlined in Figure 3-23b, c and d.  

The lack of a rubble mound and the presence of skirts in a clayey subsoil will 
change the possible failure modes. The skirts prevent intrusion of seawater under 
the base under wave loading. The direct uplift force and the corresponding over-
turning moment is thus eliminated. However, the wave pressure at the seabed will 
tend to push the soft soil down and in under the base. Figure 3-24 shows alterna-
tive failure modes that have to be investigated for this type of structure.  

Sliding at base level and possible bearing capacity failure under the most 
loaded part (Fig. 3-24a) are typical failure modes for a gravity type breakwater 
structure. The skirts allow utilisation of the suction capacity under the heel of the 
base and mobilisation of passive earth pressure in front of the skirt. The weight 
can thus be reduced compared with a traditional structure. This change in propor-
tion between horizontal and vertical force and will influence the shape of the 
critical failure surfaces. With increasing water depth and increasing overturning 
moment the critical failure surface will change from bearing capacity type failure 
(Fig. 3-24b) toward combined suction/bearing capacity failure (Fig. 3-24c) to-
wards a pure rotational failure with a circular failure surface (Fig. 3-24d). 
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a) b) 

 

c) d) 

Figure 3-24. Comparison of typical failure modes with and without skirts on soft clay. 
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CHAPTER 4 

Structural aspects 

4.1 INTRODUCTION 

4.1.1 Background 

Vertical breakwaters constructed from cellular reinforced concrete caissons can 
provide excellent performance and long service as part of a coastal structure, pro-
vided care is taken not only in the design and construction phases but also in the 
development of a properly managed maintenance plan. This Chapter offers a syn-
thesis of observations on the structural design of the reinforced concrete caissons. 
A significant part of the text deals with the use of the Finite element method to 
analyse these structures. The Chapter begins with a discussion on the phases typi-
cally followed when structurally designing a caisson breakwater. It then goes on 
to identify the common caisson types (Section 4.2) and list some relevant geo-
technical and hydraulic parameters needed by structural engineers to complete the 
design (Sections 4.4 and 4.5). 

The likely modes of, and consequences of, structural damage (appropriate to 
the transportation, placing and in-situ situations) are then discussed in Section 4.6 
together with a summary of the structural roles played by the key components in a 
typical cellular caisson. The floating stability and towing of the caisson are also 
briefly covered in this Section. No single code of practice currently exists which 
explicitly covers the complete design of the reinforced concrete elements forming 
a caisson breakwater. Therefore, in Section 4.7 a summary of some of the more 
relevant standards is made and some tentative suggestions offered for a new de-
sign code for caisson breakwaters. 

In Section 4.8 a discussion on the basic load transfer mechanisms is given 
which lead to a series of simplified limit state equations (LSE). The LSEs address 
the flexural and shear failure of beam/slab members as well as basic cracking and 
chloride penetration models. 

The justification for the simplified structural idealisations is examined in Sec-
tion 4.9 where a hierarchy of increasing complex structural analysis methods is 



2   Probabilistic Design Tools for Vertical Breakwaters 

2 

presented. The first approach is based on a 3 degree-of-freedom, lumped parame-
ter, dynamic model. This class of model can help the engineer assess whether a 
dynamic analysis is warranted for the front wall. Moving on to a more sophisti-
cated approach, the use of a non-linear dynamic finite element shell analysis code 
is covered next. This section describes the manner in which yielding in the rein-
forcement and cracking in the concrete may be simulated. Some results (where 
large deformation effects are also included) are given for a typical rectangular 
caisson under severe wave slamming. 

The benefits of a full 3-dimensional continuum analysis is then discussed and 
the results from a series of analysis at two stages of construction presented. The 
current state of the art of non-linear dynamic FE modelling is reviewed and the 
section concludes with how dynamic fluid-structure-soil interaction effects may 
be introduced into the analysis. 

This Chapter concludes (in Section 4.10) with a series of practical points, rele-
vant to the design of cellular caissons. 

4.1.2 Design sequence 

Prior to presenting some typical concrete caisson types, it is appropriate to briefly 
review the three basic phases of structural design. The first stage consists of de-
vising an overall structural scheme which meets the intended use, is safe, con-
structible and economically viable. The caisson arrangement will be influenced by 
the placing and transportation method adopted (for example, lowered by cranes 
from barges, carried by an overhead crane running on the existing caissons, 
floated out, formed partly in-situ). This, in turn, may be controlled by the avail-
ability of local materials (for example, aggregate), skills and a suitable pre-casting 
site. The second stage comprises performing the initial calculations to determine 
the approximate sizes of the structural components and estimate the cost of the 
materials, temporary works and develop a more detailed construction method and 
sequence. Rules of thumb are often used to quantify loadings and idealised mod-
els are used to approximate the manner in which the structure carries the loads. In 
the final stage, the adequacy of each structural member is assessed for a full suite 
of possible load cases. Detailed checks on internal resistance, structural deforma-
tions, reinforcing arrangements and materials specification form part of the third 
phase. 

In the case of a caisson breakwater, the conceptual design will identify the con-
strains operating at the particular site. The overall dimensions and geometric form 
of the structure will typically be dictated by geomechanical and hydraulic condi-
tions. For example, the frictional resistance which can be mobilised at the founda-
tion-base interface (to prevent rigid body sliding) will control the width of the 
base slab. The height of the structure will be governed by the structure's intended 
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purpose, the tidal range and the maximum wave height to be resisted without 
over-topping. 

4.2 GENERIC TYPES OF REINFORCED CONCRETE CAISSONS 

4.2.1 Planar rectangular multi-celled caissons 

A typical structural arrangement for a cellular, rectangular, reinforced concrete 
caisson with a vertical face is illustrated in Figure 4-1. The diagram shows an 
isometric view of one half of a 7 by 4-celled caisson. 

This form of caisson typically comprises 8 different types of load-bearing ele-
ments (i) the front wall, (ii) rear wall, (iii) side walls (not shown), (iv) internal 
walls, (v) base slab, (vi) top slab, (vii) crown wall and (viii) shear keys (not al-
ways present). 

 

 

Figure 4-1. Isometric view of one-half of a caisson, Genoa Voltri, Italy. 

 
The planar front wall in this class of structure reflects the incident wave. Inter-

nal cell sizes are usually of the order of 4 to 5m square, although circular (cylin-
drical) internal cells have been used successfully on some projects (for example, 
the extension to the Reina Sofia breakwater at Las Palmas, Spain). Use of the lat-
ter can result in a smaller reinforcement requirement as the loads are transferred 
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through the caisson more by compressive arching action, than flexure. The walls 
are usually slip-formed either continuously, or in distinct lifts. 

4.2.2 Perforated rectangular multi-celled caissons 

Perforated caissons are becoming increasingly popular because they can create a 
more tranquil sea state in front of the structure (due to reduced reflections) and 
also lead to reduced material costs although the latter may be offset by increased 
formwork costs. 
 

(a) (b)

    

     

     

 

Figure 4-2. (a) Part of a perforated rectangular caisson (half-structure, Dieppe, France); (b) Typical 
perforation arrangement 

 
The relative area of the perforations with respect to the total frontal area typi-

cally lies in the range 25 to 40%. Both circular and rectangular apertures have 
been used. In the case of the breakwater at Dieppe (France), the front and rear 
faces (as well as the top slab) have circular holes, whereas the internal walls have 
large rectangular perforations. Internal cells in a perforated caisson often have a 
thick layer of (non-structural) concrete ballast to add stability to the base of the 
structure. 

4.2.3 Circular-fronted caissons 

Circular fronted caissons do not require such large wall thicknesses as rectangular 
caissons because the external wave pressure is transmitted to the foundation by in-
plane compression (that is, through compressive membrane stresses) rather than 
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flexure. As examples, the Hanstholm (Denmark) and Brighton (UK) breakwaters 
have similar circular forms, whereas the Duca degli Abruzzi breakwater in Naples 
(Italy) exhibits a hybrid rectangular-circular footprint (Van der Meer & Benassai, 
1984). Whilst total impact forces may be reduced on circular caissons, care is 
needed to avoid wave trapping and local high pressures in the clutches where two 
neighbouring caissons meet. In the case of the Hanstholm and Brighton caissons, 
the units were lowered into position by means of a rail mounted gantry crane 
straddling adjacent caissons. 

4.2.4 Alternative designs 

There is a growing tendency to adopt hybrid caisson forms in new breakwater de-
signs to optimise the solution. Thus, perforated circular front walls with an open 
structure to the front cells can be combined with a planar rear wall which has 
smaller perforations. One problem with adopting a perforated structure lies with 
difficulty in obtaining reliable design pressure intensities as a result of the highly 
turbulent flow within the cells. 

In deeper waters, some novel solutions which build upon experience gained 
from off-shore platform designs are emerging. Chapter 3 of this document illus-
trates some of these structures; where the arrangement is driven largely by geo-
technical conditions (see also Volume IIb, Chapter 9). 

4.3 LOADS ACTING ON THE CAISSON 

Possible loading during the in-service life include (i) permanent loads resulting 
from the dead weight of the structure (using submerged densities, where appropri-
ate) and the superstructure as well as the horizontal soil pressure from the fill in-
side the cells and from the foundation reaction (ii) variable loads arising from 
changes in the water level, from pulsating and impact loads (including uplift ef-
fects under the base slab) and over-topping wave loads as well as superimposed 
harbour traffic loads (iii) accidental loads resulting from vessel impacts during 
mooring and falling masses during cargo loading/unloading operations. Clearly, 
in regions where seismic activity occurs, the earthquake induced ground motions 
can lead to structural distress. 
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4.4 GEOMECHANICAL FACTORS RELEVANT TO THE STRUCUTRAL 
RESPONSE 

As noted earlier, the stability of a caisson breakwater depends largely on its resis-
tance against rigid-body sliding and the strength reserve in the foundation. Fail-

ure analyses based on these mechanisms are typically carried out by geotechnical 
engineers (Chapter 3). However, structural engineers are also interested in some 
geotechical parameters when designing the reinforced concrete elements. For rela-
tively thin walled caissons under short duration wave impact, the characteristics 
of the granular fill in the cells and elasto-plastic properties of the foundation can 
have an influence on the structural dimensions and dynamic1 response of the front 
wall. 

4.4.1 Characteristics of the ballast fill in caisson cells 

A horizontal thrust from the granular fill in the cells acts outwards on the external 
walls. A linear increase in horizontal pressure with depth, using the coefficient of 
earth pressure at rest, provides the following upper limit to these pressures 
h=0.6s g z where s is the soil density, g is acceleration due to gravity and z is 
the height of the fill. Note that the full saturated soil density should be used if no 
drainage is present in the cell2. 

 
Ballast density s kg.m-3 

4.4.2 Characteristics of rubble foundation and sub-soil 

A complete analysis of the dynamic soil-structure-fluid interaction problem would 
necessitate inclusion of a realistic elasto-pastic constitutive model for the 
soil (Crouch & Wolf, 1994), a capability to simulate sliding and loss of contact at 
the caisson base/foundation interface and the transport of pore fluid within the 
soil skeleton (see Chapter 3). Such a detailed analysis, whilst enlightening, is not 
normally required. A simplified approach would attempt to choose reasonable 
values for the rubble mound and foundation shear moduli and Poisson's ratios to 
enable isotropic, linear elastic soil models to be used (Wolf, 1994). Although 

                                                      
1 For stiffer, thick-walled caissons the bending and shear forces generally may be deter-
mined from static analyses as the fundamental period of the walls can be considerably 
shorter than the loading duration. 
2 Through-holes linking the internal walls are not recommended as this will reduce the 
righting moment during floating due to the internal water ballast acting as a single vol-
ume. 
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these elastic constants are rather difficult to estimate, the following relationship 

for the rubble mound shear modulus may be assumed G  G0 'v  MPa 

where G0 lies in the range 20-100MPa and  v’ is the effective vertical stress (in 
MPa). 

 
Rubble mound density rm kg.m-3 

Foundation soil density f kg.m-3 
Rubble mound shear modulus Grm N.m-2 

Foundation shear modulus Gf N.m-2 
Rubble mound Poisson’s ratio rm 1 
Foundation Poisson’s ratio f 1 

 
The effective densities of the rubble mound and foundation are required to es-

timate not only the in-situ stresses but also the mass contribution in a full dynamic 
analysis (the latter is idealised as a geodynamic mass in multi-degree-of-freedom 
lumped parameter models). 

4.4.3 Unevenness of the foundation 

In order to achieve the required vertical alignment of the caisson walls, the top of 
the rubble mound should typically be levelled to achieve a mean surface profile to 
within 2% of the horizontal, over a 5m length, with no local depression being lar-
ger than about 200mm deep. In certain cases, especially for larger caissons, the ef-
fort expended by divers (or robots) preparing the foundation surface to achieve a 
pre-defined degree of flatness (and horizontality) may be offset by relaxing these 
tolerance a little and stiffening-up the caisson base slab such that it could safely 
span over local surface irregularities. In this case, information on the degree of 
unevenness is required in order to carry out a check on the likely distress caused 
to the base slab. However, in general the problem with uneven foundations is not 
so much one of potential rupture of the base slab, but rather one of miss-
alignment between caissons. 

4.5 HYDRAULIC DATA REQUIRED TO DESIGN A REINFORCED CON-
CRETE CAISSON 

In order to design the wall thickness and percentage of reinforcement required for 
the front face of a concrete caisson, a realistic assessment is required of the distri-
bution, magnitude and duration of the pressure loading resulting from a wave im-
pact associated with a particular return period. 
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4.5.1 Pressure distribution on front face 

Chapter 2 describes the state of the art as far as wave pressures on vertical break-
waters are concerned. In a preliminary analysis, the horizontal pressures should be 
assumed to act along the entire length of one caisson, assuming a normal wave at-
tack on the front face. On the basis of numerous experimental trials and field 
measurements, the pressure intensity appears greatest near the mean water level. 
Using Goda's notation and bilinear vertical distribution, p1, p3 and p4 characterise 
the pressure intensities at the mean water level, base of the caisson and top, re-
spectively. In the case of very short duration impact, the pressure distribution 
does not appear linear over the height as the peak intensity is localised over a 
small region. The magnitudes of pressure may be estimated from the formula in 
Chapter 2. 

 
Maximum pressure at mean sea level p1 N.m-2 
Maximum pressure at top of crown wall p3 N.m-2 
Maximum pressure at base p4 N.m-2 
Rise-time for impulsive load tr S 
Duration of impulsive load td S 
Duration of impulsive and quasi-static phases tq S 
Total duration of pressure loading tt S 

 

The shape of the pressure-time history depends on the type of wave striking the 
caisson. Recent work has suggested that an impact pressure-time signature may be 
decomposed into a quasi-static component, an oscillatory component and an im-
pact component. The latter can account for very high intensity loads occurring 
over very short durations. Church-roof, or simplified triangular, idealisations are 
considered as adequate for most dynamic analysis exercises. 

Wave pressures act not only inwards on the front face of a perforated caisson, 
but also outwards and on the internal walls. Chapter 2 gives some guidance on 
likely pressure magnitudes in perforated caissons, compared to equivalent planar 
caissons. However, the phasing of the pressure pulses can be quite complex. In 
this respect, care is needed to ensure that the worst probable case is identified. 

The phasing of the peak pressure acting around the caisson wall could be taken 
into account when analysing a circular-fronted breakwaters, although this extra 
detail might have a very small effect on the maximum bending moments and 
shear stresses experienced in the wall. 
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4.5.2 Uplift pressure distribution on base slab 

Much work has recently been done on determining the distribution, intensity and 
duration/phasing of uplift pressures acting vertically on the underside of the cais-
son. Consideration of these pressures becomes important in global stability analy-
ses. However, the consequences of these pressures on the bending moments ex-
perienced in the base slab are probably small, provided they do not lead to loss of 
contact of the base during rocking. 

4.5.3 Over-pressure on top slab and super-structure 

Superimposed loading on the top slab (in addition to the dead weight) may in-
clude not only the traffic loads and cargo handling/crane loads but also loads re-
sulting from over-topping and water slamming down onto the upper surface. Es-
timates of likely water volumes and possible projection heights would enable a 
simple calculation of the probable vertical impulse. 

4.6 FAILURE MODES ASSOCIATED WITH PRE-SERVICE AND IN-
SERVICE CONDITIONS 

Before detailed design calculations are undertaken, a series of plausible failure 
scenarios need to be identified and eliminated. It is important to note that the 
transportation and placing of cellular caisson often represent the most critical 
loading conditions to which a caisson is subjected, yet little design advice exists 
on this subject. By considering some of these issues, this section aims to offer 
new insights for coastal engineers. 

4.6.1 Pre-service states 

Pre-cast concrete caissons are either floated and towed out to their final location 
or hoisted into position by large cranes (mounted on barges or the existing caisson 
units). The act of floating and towing the caisson introduces a different set of 
forces onto the structure compared to those acting whilst in-service. 
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Figure 4-3. Cross-section through floating caisson (stability check). 

 
If the unit is launched and transported in too rough a sea, then damage may oc-

cur due to either accidental sinking (this can be avoided by closing the top sur-
face, or providing sufficient freeboard) or the slamming of adjacent caissons into 
each other. If the freeboard is too high, the floating caisson becomes unstable; 
causing the unit to roll very easily. If the freeboard is too low, then over-topping 
may occur. Key calculations include a check on the availability of sufficient right-
ing moment when the floating caisson is heeling over at an angle at which water 
may enter the cells (see Figure 4-3 and Volume IIc, Chapter 3 for further details). 
This calculation requires the meta-centric height to be determined. When floating, 
the base slab is required to resist a buoyancy pressure on its underside. Even a 
mild sea swell can induce global torsion and flexure in the unit which may lead to 
premature damage in the walls. Note that the use of circular internal cells can 
provide a higher torsional rigidity than rectangular cells. 

Another situation which needs to be examined is the effect of drag forces on 
the caisson walls during the towing operation. The magnitude of the towing forces 
(which will be a function of the towing speed) will control the degree of local 
stiffening required in the wall, near the tow anchorage points. 

As noted in Section 4.4.3, uneven preparation of the foundation surface will 
cause a non-uniform pressure distribution on the base slab. In extreme cases (es-
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pecially for a very large caisson) this may result in fracturing of the slab and rup-
ture of the cross-walls. The ultimate consequences of this are the loss of fill 
and/or lack of geometric alignment. 

4.6.2 In-service states 

In principle, once in service, the failure of concrete caisson breakwaters to pro-
vide tranquil water within a harbour by breaching the sea wall may be the result 
of both large-scale rigid body translation of the structure (due to global sliding at 
the base-foundation interface or rotational collapse of the foundation) and local 
rupture in the structural elements. The latter requires a sequence of damaging 
events to lead to a failure state. 

 
The progressive loss in structural integrity may start by chloride ingress in the 

splash zone of the face of the breakwater. Small cracks may be present in the front 
wall, near the transverse cross walls, as a result of earlier wave impacts. If un-
heeded (and if exacerbated by thermal cycling), the chlorides may penetrate to the 
reinforcing steel, building-up sufficient concentration to provoke the onset of cor-
rosion. Continued corrosion can result in a loss of bond, reduction in steel cross-
sectional area, weakening of anchorage and bursting-off of the cover concrete. All 
these mechanisms can further weaken the reinforced concrete cross-section. If no 
significant reserve of strength exists at that section, the wall may rupture under 
repeated storm loading. Without a regular programme of inspection, diagnosis and 
repair, progressive deterioration of a wall panel may occur. Should sufficiently 
large cracks be induced in the front face, then this may lead to a washing-out of 
ballast in the cells. The ultimate consequence of loosing ballast, will be to reduce 
the frictional resistance at the foundation-base interface resulting in an increased 
risk of sliding failure. In order to prevent such a chain of events, coastal/structural 
engineers need some guidance on how to assess the likelihood of each mecha-
nism. Note that partial collapse of the front wall or even minor shearing disloca-
tion between caissons could also lead to loss of support and serviceability of the 
top slab, damaging crane rail-tracks, service ducts and/or vehicle access. The con-
sequent reduction, or loss, of access to the structure may significantly restrict har-
bour operations without actually resulting in a breech of the sea wall. 
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Figure 4-4. Sketch of some possible damaging mechanisms in a reinforced concrete caisson. 

 
Multi-celled reinforced concrete caissons are generally highly redundant struc-

tures with several alternative load paths available. Local damage to the sea wall, 
in the form of the bursting or spalling of concrete will not immediately lead to a 
critical failure situation. Reasonable engineering judgement must therefore be ex-
ercised before structures are condemned just on the basis of unsightly corrosion 
stains or local loss of cover. In many cases, the structure may go on to provide 
years of active service before a collapse state is approached. 
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4.7 THE NEED FOR A NEW INTEGRATED DESIGN CODE 

A number of codes of practice exist world-wide for the design of reinforced con-
crete structures; a few codes have been developed for the design of maritime 
structures. However, no single code is available which gives detailed guidance on 
the sizing of structural elements in a maritime environment (for example, within a 
reinforced concrete caisson). Designers are therefore currently forced to gather in-
formation from a variety of sources. Such an approach can lead to inconsistencies 
if carried out by inexperienced engineers, particularly when it comes to the speci-
fication (and factoring) of the loads acting on vertical breakwaters, the material 
parameters and the sectional resistance. As part of PROVERBS, five codes have 
been examined in some detail to assess their relevance, to make comparisons and 
to identify any significant omissions. 

4.7.1 Design standards relevant to reinforced concrete caissons 

The following codes have been examined  
(i) ACI 318-5 Building Code Requirements for Structural Concrete, USA 
(ii) CEB-FIP 1978 Model Code for Concrete Structures, Comite Euro-

International du Beton  
(iii) EC1 Part 1 and EC2 Parts 1 and 2 ENV 1991, Eurocode 1, Basis of De-

sign and Actions on Structures, Part 1 Basis of Design and ENV 1992 

Eurocode 2, Design of Concrete Structures, Part 1-1 General Rules and 

Rules for Buildings, European Standardization Committee 
(iv) BS 6349 Parts 1, 2 and 7 British Standard Code of Practice for Mari-

time Structures, UK  
(v) ROM 0.2 90 Maritime Works Recommendations: Actions in the Design 

of Maritime and Harbour Works, Ministerio de Obras Publicas, Spain 
This is not an exhaustive list, but one considered relevant to European coastal 

engineers3. The American ACI code has been included because it is often the re-
quired standard in overseas contracts. 

4.7.2 Scope of selected codes 

The first three codes listed above, provide detailed guidance on the design of rein-
forced concrete elements such as beams, slabs, walls and columns irrespective of 
the use of the construction. These codes focus on the material and resistance pa-
rameters and offer a strategy for safely designing simplified structural compo-
nents. Each of these three codes specify different load factors which should be 

                                                      
3 Other relevant codes could include the Norwegian NS 3473E and the French BAEL 91. 
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used to multiply the various characteristic load intensities in order to finally ar-
rive at the design load. The design effect of the loads results from the combina-
tion of the design values of the loads considered to act simultaneously for the par-
ticular situation4 being studied. Both the EC2 and CEB-FIP codes are based on a 
semi-probabilistic framework whereby a series of limit states are identified and 
the concrete section designed such that these states have a notional probability of 
non-exceedence. None of the first three codes provide any information on how to 
calculate the magnitude and duration of wave loads acting on a vertical breakwa-
ter. 

The last two codes give very general guidance on the planning and design of 
maritime structures, without specific reference to the design of reinforced con-
crete sections or structural modelling techniques. Both the British and Spanish 
codes cover buoyant and fixed structures. No advice is given on the determination 
of the characteristic and design wave load. 

4.7.3 Comparisons between design codes 

The five codes have been examined to highlight their differences (Volume IIc, 
Chapter 2). The following section represents a brief summary of these findings. 
By way of example, comparisons are made between (i) the way in which individ-
ual load cases are classified (for example, transient or variable, permanent or ac-
cidental), (ii) whether maritime aspects are addressed, (iii) if a target reliability 
concept is used (and the return period and structure lifetime are addressed), (iv) 
the type of structural models to be used in the analysis, (v) the local structural 
models (for example, flexural bending and axial loading) and (vi) the cover re-
quirements for the reinforcement. 

ACI The ACI code gives no consideration of the target reliability nor does it 
address the different design situations. All situations are effectively treated as 
permanent, apart from seismic loads. Maritime aspects are not considered at all 
and there is no mention of a structure's design life or the relevant return period for 
a load. The ACI code considers both elastic and plastic behaviour and discusses 
both static and dynamic loads on beams, rafts, walls, footings and shells. The 
code does not explicitly employ a limit state philosophy, but local failure mecha-
nisms are examined for bending, axial loading, shear, torsion, cracking and de-
flection. The concrete cover required over the reinforcement is specified as a 
function of the method of casting, the type of exposure, the size of the rebars and 

                                                      
4 A situation corresponds to  a set of physical conditions representing a certain time inter-
val for which the design will demonstrate that relevant limit states are not exceeded and 
for which the stochastic safety aspects are considered to be stationary. 
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the type of structural element (a maximum cover of 75mm is suggested for the 
most extreme environments). 

CEB-FIP The CEB-FIP model code5 provides target probabilities of occur-
rence of the limit states in relation to the average number of people endangered 
together with the economic consequences. The code identifies permanent, tran-
sient and accidental design situations. The CEB-FIP code suggests a design life of 
5 years for temporary works, 50 years for normal construction and 500 years for 
monumental construction. It gives an outline methodology for assessing the return 
period where a figure of between 125 to 200 years represents a typical value. The 
code encompasses elastic analysis, elastic with re-distribution, plastic analysis and 
second-order effects. Both static and dynamic actions are considered. A limit state 
approach is used, addressing local failure modes such as axial compression, shear 
in beams and punching shear in slabs, torsion and buckling. Concrete cover re-
quirements depend on the exposure class, with a maximum of 40mm. The code 
indicates that the cover can be higher for sea structures, although no figures are 
suggested. 

EC1/EC2 Eurocode 1 Part 1 (Basis of Design) describes the principles and re-
quirements for safety, serviceability and the durability of structures. It is based on 
the limit state concept used in conjunction with the partial factor method. Ulti-
mate limit states include loss of equilibrium, lack of mechanical strength and 
geometric instability. Cracking and excessive vibration and deformation are 
treated as serviceability limit states. Eurocode 2 gives detailed guidance on the 
design of reinforced concrete civil engineering works. EC2 was largely derived 
from the CEB-FIP model code. The target safety indices, , are given as follows 

 
Ultimate limit state for the design working life 3.8 
Ultimate limit state for an annual event 4.7 
Serviceability limit state for the design working life 1.5 
Serviceability limit state for an annual event 3 
Fatigue limit state for the design working life 1.5-3 

 
The Eurocodes deal with permanent, transient and accidental (which includes 

seismic) situations. EC1 suggests a design working life of 1-5 years for temporary 
structures, 25 years for replaceable structures, 50 years for buildings and 
100 years for monumental structures such as bridges and other civil engineering 
structures. EC2 gives only limited guidance on the type of structural analysis 
method to be used, however the adopted approach must be based on established 
engineering theory. For example, EC2 provides some basic rules for the analysis 

                                                      
5 Note that a later version of the CEB-FIP code is available (CEB-FIP 90). 
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of simple structural elements and notes that, where necessary, the method used 
should be verified experimentally. 

Partial safety factors for permanent, transient and accidental loads at the ulti-
mate and serviceability limit states are defined depending on whether the action is 
favourable, or unfavourable. Different partial safety factors also apply to the ma-
terial strengths for the two limit states. 

Eurocode 2 specifies a minimum concrete cover of 40mm in the splash zone of 
a coastal structure where freeze-thaw action is possible. 

BS 6349 The British code does not explicitly address target reliabilities, but the 
framework of the code makes reference to risk analyses. Design situations are not 
discussed in BS 6349, whereas maritime conditions are covered in considerable 
depth (including guidance on determining the wave climate). A design life of 100 
years is recommended for flood protection works and 60 years for shore protec-
tion works, breakwaters and quay walls. Goda's wave pressure formulae are re-
ferred to in BS 6349. No information is given on the local structural detailing, al-
though some typical construction arrangements are presented. There is no 
information in BS 6349 on the limit states, failure mechanisms or concrete and re-
inforcement strengths. Similarly, the required concrete cover is not discussed. 

ROM 0.2 90 The Spanish code provides a list of maximum admissible quanti-
fied risks associated with three levels of danger and two levels of potential human 
loss. A distinction is made in the code between the construction and service 
phases. ROM 0.2 90 provides the partial load factors for various maritime actions 
but does not describe how to calculate the characteristic values. The design life of 
a marine structure is considered to be dependent on the safety level required of 
the construction and the type of installation. The Spanish code gives no real guid-
ance on the types of structural models which should be used to analyse a caisson 
breakwater. No mention of the concrete cover requirements are given in 
ROM 0.2 90. 

4.7.4 Suggested features for a possible new unified design code 

From the previous review, it emerges that three of the codes are worthy of further 
study: the CEB-FIP model code for the basic principles of a semi-probabilistic 
approach, BS6349 for dealing with the maritime aspects (despite being formu-
lated essentially from a deterministic view point) and the Eurocodes, not only be-
cause they are the most recent application of the CEB-FIP semi-probabilistic 
principles, but also because they will become the European Community's unified 
codes. 

There is a real need to formulate recommendations for maritime structures 
which harmonise the safety approaches. Simply assembling sections from each of 
the different codes would be inappropriate because of the lack of homogeneity. In 
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fact, such a piecemeal approach may lead to quite unreasonable results. For an il-
lustration of this, see Volume IIc, Chapter 2 where the wave loadings adopted for 
the ultimate limit state design calculations lead to a lower reinforcement require-
ment than that needed to satisfy a serviceability limit state. 

It is the lack of guidance on the appropriate wave loading which is of most 
concern for structural designers. The information currently available on the time 
and spatial distribution of wave loads (pulsating or impact) is not easy to apply 
within a limit state structural calculation. When examining the Eurocodes, a given 
action may have many different values: characteristic, design and combined val-
ues, each of which may be associated with frequent, quasi-permanent or acciden-
tal conditions. 
 The characteristic value is generally determined from wave data. The 

questions are: (i) which wave parameter should be used (the pressure calcu-
lated on the basis of a significant wave height, or a maximum wave 
height)? (ii) which return period should be used? Is the 50 year return pe-
riod (generally adopted for the characteristic value of a variable action) 
also relevant for wave loads? When determining the characteristic value of 
the wave parameter, consideration must be taken of the size and quality of 
the data describing the wave climate. 

 The design value can be determined directly from the wave data, or by ap-
plying a partial factor to the characteristic value. In the latter case, should 
the partial factor be applied to the wave height or the wave force (for ex-
ample, wave pressure or overturning moment)? 

 The combined value should be consistent with the representative values of 
other parameters such as: water levels, wave period, wave direction and 
current velocity. For example, the combination of a 100 year wave height 
and a 100 year surge is likely to be have a probability far less than 1/100 to 
be exceeded in one year. What are the appropriate water level conditions, 
wave periods and current velocities to be used in combined situations? 

 The frequent and quasi-permanent values can be determined either directly 
from the wave data, or with a i factor applied to the characteristic value. 

It is argued that the design life of a caisson structure forming part of a perma-

nent harbour wall should be at least 100 years. Some components of the breakwa-
ter might require renewal during this lifetime (such as parts of the super-structure) 
but the main structural elements should remain durable without requiring major 
maintenance throughout this period. 

The behaviour (and hence the design) of a caisson involves significant soil-
fluid-structure interaction, yet the existing codes do not offer a consistent set of 
partial safety factors for each of the phases soil-fluid-structure). One way to 
achieve consistency between the different approaches (without significantly re-
writing the existing codes to include maritime aspects) would be to separate the 
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treatment of the uncertainties. It is suggested to make some minor adaptations to 
the semi-probabilistic way of thinking. This approach would consider the uncer-
tainties comprehensively for a given limit state function. Partial factors operate on 
the actions and materials; their values could be taken from existing codes or regu-
lations. For example, rules for determining representative concrete values are al-
ready given in EC2 (with a partial factor of c = 1.5 for concrete, and s=1.15 for 
steel reinforcement). Recommendations for determining representative soil pa-
rameter values are already given in EC7. Partial factors should only account for 
the intrinsic uncertainties of the parameters, without consideration of the particu-
lar limit state function. 

Model factors are introduced in the limit state function at the last stage of the 
design process. They differentiate between safety levels according to the limit 
state and allow for (i) the discrepancy between the model (for example, simplified 
equivalent static beam analogy, or full non-linear dynamic FE study) and reality, 
(ii) the required safety level and (iii) the design working life. 

The model factors should be calibrated using probabilistic procedures. Their 
values depend on the pre-determined safety levels specified by the National Regu-
lation Authorities. According to the Eurocodes, the model factor can be split into 
an action model factor sd and a resistance model factor rd. The canonical form of 
the limit state function could then be written as  

 
sd E(g Gk+h Hk) < rd R(Xk/m ) (4-1) 

 
where g are the pre-determined factors for permanent actions, h is the pre-

determined factor on the wave and m are the pre-determined material factors. Gk 
represents the characteristic value of the permanent action, Hk the characteristic 
value of the wave, Xk the characteristic value of a material parameter, E( ) signi-
fies the effect of an action and R( ) indicates the structural (or foundation) resis-
tance. 

4.8 SIMPLIFIED LIMIT STATE EQUATIONS 

4.8.1 Identification of structural idealisations 

Before individual structural members are designed, the load paths must be identi-
fied and the basic global structural action understood. It is not possible to treat the 
structure as an equivalent 2-d plane strain problem because of the arrangement of 
cross walls which stiffen a rectangular caisson (this also holds for circular cais-
sons, for obvious reasons). The three-dimensionality of the structure therefore 
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needs to be taken into account in order to appreciate the manner in which the 
forces are transmitted through the walls to the base slab, and down through the 
foundation. 

4.8.1.1 Simplified beam and slab analogies and associated limit state equations 

Consider a rectangular, planar-fronted multi-cell caisson. Each of the main struc-
tural elements will now be examined and the simplest possible idealisation identi-
fied. 

The front wall will be subjected to horizontal pressures acting outwards (due 
to the ballast fill in the cells) at low tide6 and horizontal pressures acting inwards 
when struck by a storm wave. This loading will cause a rectangular panel to act 
rather like a one-way horizontally spanning slab supported along its length by the 
vertical cross-walls (Figure 4-5). 

This one-way action only holds for horizontal strips remote from the top and 
bottom slabs (that is, at least one span width above the base slab and below the 
top slab). Close to the base and top slabs, the action is essentially two-way and the 
deflections will be reduced. It is worth pointing out that the maximum pressure 
from the internal ballast will occur near the base slab whereas the maximum pres-
sure from the wave loading will typically occur near the top slab. For the purpose 
of a preliminary sizing of the front wall, the peak wave pressure7 may be consid-
ered to be acting uniformly over a horizontal strip across the caisson face. A unit 
width beam continuously supported over the internal cross-walls may be analysed 
to determine the wall thickness and maximum percentage of reinforcement re-
quired. Note that the ability of the wall to resist the outward pressure from the 
ballast alone must be considered as an important load case. 

 

                                                      
6 or when a wave trough occurs in front of the wall. 
7 minus the active ballast pressure, if the fill is in full contact with the wall near the top. 
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Figure 4-5. Isometric view of Front Wall (1m strip) and a Cross Wall Panel. 

 
The stiffening effect in the wall due to the fill material behind it, as a wave 

strikes the front face, is quite difficult to accurately assess; although simple calcu-
lations indicate that this effect will be small and so it is generally neglected. It 
must be remembered that the front wall may also carry a moderately high vertical 
axial load and bending moments from the top slab. The compression loading will 
come from the weight of the crown wall and top slab and self weight of the front 
face, in addition to some proportion of any live load acting on the top slab. 

The rear wall will be subjected to a similar loading regime as the front wall 
except that the wave pressures will be very much reduced. Berthing forces could, 
however, be significant for a harbour quay. 

The side walls must be designed to retain the ballast fill and resist in-plane 
shear stresses in order to transfer the horizontal loads from the front face to the 
base slab. The in-plane shear stiffness will generally be so high as to render these 
stresses very small. Depending on the degree of inter-connectivity between adja-
cent caissons, the side walls may also be required to resist the local horizontal 
forces carried by the vertical shear keys and the (relatively minor) wave impacts 
in the clutches. 

The internal cross-walls will carry the vertical loads from the top slab to the 
foundation and contribute to the transverse stiffness of the caisson box by trans-
ferring the horizontal forces (mobilising the transverse, front-to-back, wall's in-
plane stiffness) from the external walls to the base slab. These walls should be de-
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signed to support the ballast fill pressures assuming no fill in the neighbouring 
cell8. The presence of the internal transverse and longitudinal walls add greatly to 
the torsional rigidity of the caisson, an important consideration during the float-
out and towing phases. 

The base slab will be subjected to vertical pressures acting upwards from the 
supporting foundation and uplift water pressure during a wave impact. These 
loads will be in equilibrium with the downward forces arising from the weight of 
the caisson. The vertically downward loads will be transmitted to the base slab via 
the walls and ballast. Bending moments resulting from horizontal pressures acting 
on the walls will also be carried into the base slab. A Beam-on-an-Elastic Foun-

dation model could be used to determine the design moments and shear forces, 
however a simpler one-way spanning (front-to-back) beam model could also be 
used for the preliminary design. Moments acting at each of the side-to-side inter-
nal wall locations could be shared according to the effective lateral stiffness of the 
front-to-back internal walls. The base slab must also be able to withstand the 
bending moments and shear forces induced as a result of the structure receiving 
only partial support from the foundation. 

 

t ransverse cross wall

load t ransmission

longit udinal
cross wall

 

Figure 4-6. Isometric view of rectangular multi-celled caisson, without top slab. 

 
The top slab will typically be required to withstand harbour traffic loads (in-

cluding crane forces) and any loads resulting from vertical wave slamming during 

                                                      
8 This condition could occur during the placing stage. 
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over-topping. Depending on the aspect ratio, l/d, of the internal cells, the top slab 
may be designed either as spanning one-way (l/d <2) or two-way (l/d >2) over the 
internal walls. The top slab can provide very considerable transverse stability to a 
cellular caisson by virtue of its high in-plane stiffness. This membrane action con-
tributes to the distribution of the horizontal forces (acting on the front face) out to 
other internal and external walls. The top slab may be cast directly on the ballast 
fill, or formed by casting a thinner in-situ reinforced layer over a series of pre-cast 
slabs or beams. The latter construction technique, although quicker, will leave a 
void underneath the top slab. 

The crown (or sea) wall and associated super-structure must be designed to re-
sist a severe storm wave crashing onto its vertical face without inducing signifi-
cant damage. This element is subjected to the largest temperature variations. De-
pending on the location of the breakwater, the concrete may be exposed to 
temperatures below freezing, or temperatures up to 40oC. Structurally, the crown 
wall may be treated as either a simple, monolithic gravity element, or a vertical 
cantilever depending on its relative slenderness. In either case, the horizontal load 
may be idealised as being transferred by the shear resistance acting at the horizon-
tal interface between the base of the crown wall and the top slab. 

If present, shear keys form a mechanical interlock which is designed to share 
the load between adjacent caissons. These are considered to be highly desirable. 
In one approach, transfer of the horizontal wave loads is achieved by relying on 
the concrete's shear resistance (in a vertical plane) over the full height of the key. 
A second, preferred approach, is to introduce a granular fill into the gap between 
caissons (over the full height and most of the width) to mobilise the frictional re-
sistance of the confined material. This technique places fewer restrictions on the 
precision of the geometric alignment needed between neighbouring caisson units. 

4.8.2 Limit state equations 

No single simple analytical model is relevant for all caisson structures. Because of 
the relatively complex load sharing which takes place within a cellular caisson, 
most design engineers undertake linear finite element analyses to determine 
maximum bending moment and shear force envelopes. This technique has trans-
formed the way in which structures have been designed during the past 35 years. 
Today, even the smallest design office can gain access to a general purpose linear 
analysis FE programme. However, despite enormous increases in the processing 
power of modern computers, full three-dimensional dynamic analyses for impact 
problems demand significant computer resources. For this reason, simplified ap-
proaches based on the assumed behaviour of individual elements, are still used in 
the preliminary design stage. The following section identifies some elementary, 
but useful, limit state equations. Where available, and considered appropriate, the 
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EC2 expressions have been used. The following notation applies: D denotes a de-
terministic variable, N(m, ) a normal distribution with mean value of m and 
standard deviation  and LN implies a log-normal distribution. 

4.8.2.1 ULS for flexural failure of a reinforced concrete member 

Considering an equivalent unit width beam (with no compressive reinforcement), 
spanning one-way continuously over at least 6 equal-span cells, the LSE for flex-
ural failure in an under-reinforced section is given by (see, for example, O’Brien 
& Dixon, 1995) 

 
g1 = g1(r, d, fy, , fck, p, L) = r d

2 fy (1-(0.4rfck fck))-0.08pL2 (4-2) 

 
where r is the area ratio of steel reinforcement with respect to the concrete 

cross-sectional area D(0.015-0.04), d (see Figure 4-7) is the depth of the section 
from the compression face to the centre of the tensile steel reinforcement D(0.25-
1.5m), fy is the characteristic yield strength of steel reinforcement LN(460MPa, 
10MPa),  is a coefficient which takes account of the long-term affects on the 
compressive strength and of the unfavourable effects resulting from the way in 
which the load is applied (adopt =0.85 as a default value), fck is the characteristic 
compressive strength of concrete LN(40-60MPa, 4-8MPa). EC2 denotes a con-
crete with a characteristic cylinder strength of 30MPa and a characteristic cube 
strength of 37MPa, as grade C30/37 concrete. Other grades include C35/45, 
C40/50, C45/55 and C50/60. Concrete of grade at least C40/50 should generally 
by used in a marine environment to limit the chloride diffusion. p is the net uni-
formly distributed pressure acting on the member (in the case of the front wall, p 
is the arithmetic sum of the applied wave loading and the internal cell pressure. 
Finally, L is the effective span distance between the supports. The factor 0.08 is 
chosen as a representative value for the maximum (mid-span) bending moment 
occurring in the middle of the outer-most span of a caisson with 6, or more, cells. 
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Figure 4-7. Idealised stress block for a reinforced concrete beam under flexure. 

 
Note that if the EC2 partial safety factors for strength (c and s) and model fac-

tor (d) are included in the above expression, the LSE becomes  
 

g1 = (r d
2 fy /s)(1-(0.4rfckc fcks))-(0.08pL2)/d (4-3) 

 

4.8.2.2 ULS for shear failure of a reinforced concrete member 

The following expression applies to the shear state in a beam at a distance d from 
the edge of the support wall. The factor 0.6pL corresponds to the maximum shear 
force experienced in the outer-most span, nearest the internal support. 

 
g2=  g2(fc, d, l, cp, p, L) =  
 (0.0525fck

2/3 (1.6-d)(1.2+40l)+0.15cp)d-0.6pL (4-4) 

 
where l is the lesser of longitudinal tension reinforcement ratio and 0.02, 

D(0.005-0.02), cp is equal to N/Ag where N is the axial force and Ag is the gross 
area of the cross section. If punching shear is to be checked in a slab or wall, then 
the term -0.6pL is replaced by the actual level of shear force acting on the loaded 
area, the term 0.15cp is not included and the term (1.2+40l)d is now multiplied 
by bw, the length of the critical shear perimeter. 

4.8.2.3 Cracking in a flexural reinforced concrete member 

Cracking in concrete members in a seawater environment will accelerate the rate 
of chloride penetration and thus speed up the rate at which corrosion may first ap-
pear. Therefore, it is necessary to pay particular attention to prevent the develop-
ment of cracks with widths of 0.3 mm of more. 
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g3= g3(ftj, r) = 90ftj - r    (4-5) 

 
where  is a coefficient which is equal to 1 for normal (round) bars and 1.6 for 

deformed bars, ftj is the characteristic tensile strength of concrete (in MPa) and r 
is the actual stress in the tensile reinforcement (also in MPa). Note that if  
90ftjis greater than 0.5fe, then r should be compared against 0.5fe where fe 
is the stress in the reinforcement corresponding to the end of the elastic phase. 

4.8.2.4 Chloride penetration and corrosion in reinforced concrete elements 

 
g5 = g5(Ccr, Co, xc, Dc, tl) = Ccr - Co(1-erf(xc/2(Dc tl)

1/2))  (4-6) 
 
where Ccr is the critical chloride ion density (in kg.m-3) when corrosion starts at 

the surface of the reinforcement, Co is the measured chloride ion density at the 
surface of the concrete, xc is the depth of the concrete cover, Dc is the chloride 
diffusion coefficient (in m2.s-1) and tl is the lifetime of the structure (or the time at 
which an assessment is to be made) (Matsushima et al., 1998). 

4.9 UNCERTAINTIES ATTRIBUTED TO THE LS EQUATIONS: MORE RE-
FINED STRUCTURAL MODELS 

In order to assess the uncertainties attached to the simplified LS equations pre-
sented above, the following series of analysis models have been studied. The 
three dynamic analysis methods (3-DoF, Shell FE and Continuum FE) represent a 
hierarchical progression towards greater realism. This sub-section concludes with 
an estimation of the precision which can be attached to the simplified, equivalent 
static SDoF beam type models. 

4.9.1 Simple 3 degree-of-freedom dynamic model 

In order to examine whether a full dynamic model is justified when analysing the 
front face of a vertical caisson breakwater subjected to a wave impact, a simpli-
fied 3-degree of freedom model may be used (Figure 4-8). This model (Tan, 
1998) builds upon the elastic translational and rotational models developed by 
Oumeraci & Kortenhaus (1994) and Pedersen (1997). Two of the degrees of free-
dom correspond to the rigid body horizontal translation and rotation; the third de-
gree of freedom represents bending of the front wall. 

The dynamic equation of motion for such a 3-DoF system is given by 
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 + + 
 
 (4-7) 
 
 
 = 
 
 
where m is the total mass of the caisson, mw is the mass of a full height rectan-

gular panel on the front face, t is the rotational inertia of the caisson, and x and 
xw represent the horizontal displacement of the body of the caisson (minus the 
front wall) and displacement of the caisson including the front wall, respectively 
(over-dots and double over-dots signify first and second order differentiation with 
respect to time).  indicates the rotation of the caisson and cs the damping of the 
coupled foundation/fluid. Lh4 is the level arm length between the point of horizon-
tal reaction and the centre of rotation, c is the rotational damping. kx is the foun-
dation stiffness, whereas kw is the stiffness of the front wall and k is the rota-
tional stiffness. 
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Figure 4-8. Diagram of 3-DoF dynamic lumped parameter model. 

 
Vertical equilibrium and motion are not addressed in this model (the rubble 

mound reaction equates to the vertical load resulting from the structure's self 
weight). The horizontal load is split into three parts; upper and lower forces which 
do not bear onto the front wall (fh1 and fh3), and a mid force which acts on the wall 
(fh2). lh1 is the vertical lever-arm distance from centroid of the caisson to fh1, lh2 is 
the vertical lever-arm distance from centroid of the caisson to fh2 (shown as zero 
in Figure 4-8) and lh3 is the vertical lever-arm distance from centroid of the cais-
son to fh3. fv is the vertical uplift force and finally lv is the horizontal lever-arm 
distance from centroid of the caisson to fv. 

The model has been coded using a Newmark time-integration scheme as a 100-
line MATLAB script (Tan, 1998). Figure 4-9 shows a simulation of the response 
of Genoa Voltri breakwater during a wave impact where peak pressures of 
660 kPa are assumed. The natural frequency of the front wall in a typical Genoa 
Voltri caisson is calculated to be of the order of 140Hz, whereas the frequency of 
global rotation the structure is approximately 1Hz. 
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Grm 200MPa 
Tr 0.01s 
Td 0.0025s 
d 0.7m 
p 660kPa 
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Figure 4-9. Horizontal motion of caisson under wave impact (Genoa Voltri). 

 
Figure 4-9(a) shows the total displacement of the front wall under a triangular 

pressure pulse of duration, td, 0.01s and rise time, tr, 0.0025s. Note that the peak 
displacement is of the order of 7mm. 
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Figure 4-10. Horizontal motion of caisson under wave impact with longer rise time and impact du-
ration (Genoa Voltri). 

 
Figure 4-9(b) shows the relative mid-span displacement of the front wall under 

the same loading. The short duration impact causes a dynamic amplification (in 
this linear analysis) of approximately 1.63. This reduces to 1.33, if the duration 
remains constant, but the rise time increases to 0.005s. 

Figure 4-10 shows a second simulation, with a tenfold increased impact dura-
tion (from 0.01 to 0.1s), but the same peak pressure. In this case, the global 
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maximum caisson displacements are much larger (approximately 70mm), but the 
wall deflections are smaller (0.85mm compared to 1.4mm) as the external force 
no longer excites the wall bending mode so clearly. For this structure, wave im-
pacts with a rise time greater than about 0.075s will lead to dynamic deformations 
essentially equal to the static deformation (0.85mm). Thus, an equivalent static 
analysis is reasonable when designing the front wall for moderate to longer dura-
tion wave impacts.  Note that because of the low natural frequency associated 
with the rigid body motion of the caisson (compared to that of the wall), changes 
of even one or two orders of magnitude to the rubble mound stiffness have a neg-
ligible influence on the relative wall displacement. Thus, a minimal role is played 
by the foundation in influencing the wall's maximum bending moments, for the 
example considered here. 

It is important to remember that even though the dynamic bending moments 
may be higher than the equivalent static moments, it does not imply that a section 
will fail if it has been designed to only just resist the static loads. In order to de-
termine if dynamic rupture will occur, a non-linear analysis is required. The im-
pact load will be on the structure for a very short time. Some of this load will be 
resisted by the inertial forces and there may be sufficient ductility in the section to 
partially yield without complete loss of load carrying capability. 

4.9.2 Layered shell non-linear FE models 

Whilst the 3-DoF model captures the basic dynamics of the front face of a cais-
son, the use of a layered shell, explicit FE analysis code provides a more ad-
vanced tool for relatively thin walled, curved structures. Within this framework, 
through thickness cracking may be simulated using an equivalent smeared ap-
proach operating at nine Gauss points in each layer of each element. Cracks may 
open (and close) normal to the shell layers. The rate at which softening (leading to 
a complete loss of tensile load capacity) occurs is controlled by the Specific Frac-
ture Energy and the inelastic strain rate. Geometric non-linearity has also been in-
cluded in the following example, to quantify the membrane stiffening effects un-
der increased deformations. Dynamic equilibrium is expressed as  

 

          fdKdCdM
nnnn

    (4-8) 

 
where [M], [C] and [K] are the elemental mass, damping and stiffness matrices 

respectively, {f} are the external forces and the summation symbol implies addi-
tion of each elemental contribution to the global system of equations. The family 
of enhanced isoparametric shell elements used in the FE code were originally de-
veloped by Huang (1989). These elements exhibit superior characteristics (in the 
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sense of a reduced tendency to shear-lock as the shell becomes thinner) over con-
ventional shell elements. The reinforcement is treated as a stiffer layer within the 
shell. A total of ten layers through the thickness of the shell were adopted (6 lay-
ers to represent the concrete and 4 for the steel). A lumped mass matrix scheme is 
used whereby the element mass is distributed in proportion to the diagonal terms 
of the consistent mass matrix (Rock et al., 1976). 

As in the 3-DoF studies, a rise time of 0.0025s and duration of 0.01s was as-
sumed in these analyses. Note from the deformed plot the two-way bending action 
near the top and bottom of the wall panels. Figure 4-11 shows the horizontal dis-
placement contours on the front face of a multi-celled caisson subjected to a tri-
angular pressure pulse with a bi-linear vertical distribution. Figure 4-12 gives the 
corresponding displacement-time histories. The curve denoted non-linear 0.7m 
includes both material and geometric non-linearity effects. A second example 
analysis (using the same pressure pulse) illustrates the effect of using a reduced 
front wall thickness (linear 0.5m and non-linear 0.5m). Only one half of a single 
wall panel was considered; the panel being idealised as simply-supported on the 
bearing edges. 

Hydrodynamic added mass and damping effects are neglected here, the latter is 
considered to have little influence on the peak displacement, which is realised 
very early in the analysis in this short duration impact. 
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Figure 4-11. Contours of maximum horizontal displacement on front face of caisson under wave 
impact using FE shell analysis 
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Figure 4-12. Horizontal motion of caisson under wave impact using FE shell analysis. 

 

4.9.3 Full 3-dimensional continuum FE models 

Fully 3-dimensional FE non-linear dynamic codes demand very significant com-
puter resources, yet such techniques are needed in many structural analysis prob-
lems. For example, in the case of a caisson sitting on a rubble mount, over 20,000 
20-noded brick elements may be needed to represent the structure in sufficient de-
tail. If 1000 time-steps are to be followed and, on average, 10 non-linear iterations 
are required to reach dynamic equilibrium, then an analysis may take over 100 
hours running on the latest generation Unix workstation. Even the condensed re-
sults from the analysis may consume well over 1GB of disc storage. It is strongly 
recommended that a linear analysis be undertaken prior to performing any non-
linear analyses. Linear analyses will provide significant insight into the way the 
structure is transmitting the loads and the results should be used to verify if the 
mesh density, alignment and boundary conditions are appropriate9. 

 

                                                      
9 See NAFEMS guidelines and [13] for practical advice on performing FE analyses and 
[14], [15] and [16] for further guidance on modelling reinforced concrete. 
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(a) (b)

 

Figure 4-13. Deformed mesh showing contours of horizontal displacement using full 3-D FE dy-
namic analysis (Genoa Voltri Caisson, t=0.07s): (a) caisson with ballast fill in cells; (b) caisson 
without fill in cells. 

 
At the University of Sheffield a new finite element code and caisson pre-

processor have been specifically written for the PROVERBS research study. The 
new code, yaFEc, offers a number of unique features to provide a robust ad-
vanced simulation tool. The features include the use of a fast pre-conditioned gra-
dient iterative solver within a Hilber-Hughes-Taylor time-stepping algorithm and 
the use of fully consistent tangent matrices and a Closest-Point return scheme (in 
a Newton-Raphson non-linear solution approach) for the hardening/softening 
plasticity model. The microplane constitutive formulation (Carol et al., 1992) is 
also included as an optional material model. 

Figure 4-13(a) shows the (exaggerated) deformed shape, with horizontal dis-
placement contours superimposed (bending moments, or shear forces could be 
plotted in a similar manner) for the Genoa Voltri breakwater. In this example, the 
ballast fill inside the cells has been modelled by 3-d continuum elements. Fig-
ure 4-13(b) shows the comparable results for the situation where the ballast has 
not been included in the analysis. Both plots show the deformed structure at the 
same stage of loading under identical pressure pulses (p1=660kPa, tr=0.0025s and 
td=0.01s). Note the much higher bending deformation in the front wall in the sec-
ond case. Such analyses illustrate the progressive transmission of the pressure 
pulse through the structure into the foundation. Figure 4-14 gives the correspond-
ing horizontal displacement-time curves for the (ballast filled) front wall. 
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It should be remembered that this illustrative example neglects any restraint 
which may be offered by the adjacent cells and neighbouring caissons as the 
transverse cross-walls are considered as free to translate horizontally (but not lat-
erally). Smaller displacements will result if the stiffening effect from the thick 
side walls and adjacent caissons, plus the spatially localised pressure distribution 
(rather than long crested assumption) were take into account. 
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Figure 4-14. Transient wall displacement from 3-D FE analysis. 

 
Care should be exercised before reading to much into the direct comparisons 

between the four structural models (simplified flexural LSE, 3-DoF dynamic 
model, non-linear FE shell analysis and 3d continuum dynamic FE analysis) be-
cause of the slightly different boundary conditions and material constants used in 
the runs. The bending moment predicted by the flexural LSE, over-estimates the 
static value given by the 3-DoF model by just 5%. This is because the bending 
moment factor for a multi-celled rectangular caisson has been rounded-up. The 
peak dynamic displacement in the wall predicted using the 3-DoF model is ap-
proximately 1.5 times the value given by the shell analysis. This is due to the full 
centre-to-centre span (of 4.18m) being using in the former analysis, whereas the 
clear span (or 4m) was used in the latter. It is also a result of a low elastic 
modulus (25GPa) being used in the 3-DoF but not FE shell analysis (where 
30GPa was used). The shell analysis predicts a maximum wall displacement of 
twice that observed in the full 3-dimensional FE analysis. This last disagreement 
is largely due to the shell analysis assuming simply supported boundary condi-
tions, whereas the continuum analysis considers the restraint generated by the 
cross walls. When one looks at the total horizontal displacements (3-Dof and 3-
dimensional FE continuum analyses), the FE simulation predicts a peak transla-
tion of about 14mm, whereas the 3-DoF model gives just 7mm. This is due to the 



34   Probabilistic Design Tools for Vertical Breakwaters 

34 

fact that the FE analysis adopted a lower berm stiffness than that used in the 3-
DoF model, and the FE analysis reported here neglected the inertial mass contri-
bution from the fluid (this was included, in a simplified manner, in the 3-Dof 
model). Note that in all three dynamic analyses, the times at which the wall 
reaches its maximum relative displacement are similar (approximately 0.005s, for 
an impact with a rise time of 0.0025s and duration 0.01s). 

One may conclude that the three types of dynamic analyses show broad agree-
ment. Today, sensitivity analyses using sophisticated 3-d linear (and to a lesser 
extent, non-linear) FE codes such as ABAQUS, ANSYS, DIANA, LUSAS and 
DYNA may be undertaken in any design office. Whilst an equivalent static analy-
sis is appropriate for all but the shortest duration impacts (in the case of the rec-
tangular, cellular breakwater described above), structural engineers now have the 
means to investigate the effect of including, or neglecting, phenomena such as 
material non-linearity in the soil, loss of contact between the base and the founda-
tion during rocking and reduced steel reinforcement area and softened concrete 
(to simulate the corrosion). Although the underlying physics controlling the struc-
tural response is well understood, comparisons with results from real structures 
are still needed to provide greater assurance that all the dominant mechanisms 
have been addressed. Large scale laboratory investigations have shown that there 
remains more work to be done in the area of fluid-structure interaction. All analy-
ses discussed in this Chapter have assumed a pressure-time history for the wave 
impact which is independent of the motion of the structure. The following section 
discusses possible extensions to conventional structural analyses, whereby some 
of the hydrodynamic effects may be included. 

4.9.3.1 Dynamic fluid-soil-structure interaction 

Whilst the current state-of-the-art in CFD-FE modelling has not yet reached a 
level of maturity to include of a 3-dimensional fluid domain which is able to real-
istically capture the complex hydro-dynamics of wave breaking and slamming, it 
is relatively straightforward to introduce an inviscid compressible fluid to simu-
late the pressure transients in a coupled fluid-structure interaction analysis. 

Full dynamic equilibrium for the coupled fluid-structure motion is given by the 
following expression 
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All terms relating to the structure (identified by the subscript s) are identical to 

those given earlier for the shell analysis. The additional terms involving the sub-
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matrices  C  refer to the fluid-structure coupling, or fluid domain alone  M
~

,  C
~

 

and  K
~

. Further details may be found in Zienkiewicz and Taylor (Zienkiewicz & 

Taylor, 1991). 
This coupled system leads to a non-symmetric form which may be solved for 

any set of input forces, {Fs}, by the generalised SST step by step algorithm. Look-
ing to the future, it is clear that further research and development in  numerical 
modelling studies will lead to ever greater realism in coupled CFD-FE simula-
tions. 

4.9.3.2 Modelling the dynamic far-field 

Although the previous examples for a fairly typical caisson have confirmed basic 
engineering intuition (that role played by the foundation in influencing the bend-
ing response of the front wall is negligible) realistic models of the soil are needed 
if seismic analyses are to be performed. Recent innovative work by Wolf & Song 
(1996) has lead to a new method of treating the far-field in time-domain dynamic 
soil-structure-interaction studies. The following partitioned equation of motion 
includes additional terms which account for the behaviour of the soil beyond a 
boundary (identified with the subscripts b). This scheme requires the convolution 

of  
M  with previous velocities, however the procedure can readily be incorpo-

rated into a standard time-stepping scheme (such as Newmark, or HHT). Neglect-
ing any explicit damping matrix (radiation damping is automatically satisfied and 
material damping can appear through a non-linear structural stiffness matrix) we 
have 
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The method leads to very significant computational savings in large scale 
analyses, avoiding the use of huge extended meshes or inaccurate transmitting 
boundaries. Work is currently under way to efficiently incorporate this scheme 
within yaFEc. Note that the method may be applied to both the solid and the fluid 
phases. 

4.9.3.3 Quantifying the uncertainties 

The uncertainties associated with some of the material parameters are relatively 
well defined and their statistical characteristics have already be identified. The 
case for the structural models is not so simple. Whilst each of the approaches 
listed above demonstrate that the simplified beam analogy is useful for a prelimi-
nary design, the use of finite element analysis is strongly recommended when de-
termining the direct stresses, bending moments and shear forces in a member. By 
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way of example, the bending moments in the front face of the wall of a rectangu-
lar cellular caisson may differ by a factor of two, depending on the method of 
analysis (which largely controls the type of boundary conditions which can be 
treated). It is considered quite inappropriate to introduce calibration or model fac-
tors for, say, the beam model to cover all conceivable wall configurations (includ-
ing curved front faces and perforated walls) and effective fixities. Conversely, be-
cause of its flexibility, the careful use of finite element models, by an experienced 
structural engineer, enables a detailed understanding of the structural action to be 
gained and also allows the engineer to study a range of design options. Adaptive 
meshing techniques which are linked to structural optimisation algorithms are al-
ready emerging in the field of FE technology. The future looks very exciting for 
coastal engineers involved in the structural design of caissons, as it is felt that 
they will soon have access to a new generation of advanced FE tools which in-
clude automatic adaptive meshing routines. 

4.10 CONSTRUCTION ISSUES 

A well detailed reinforced concrete caisson with a carefully designed concrete 
mix will provide many years of excellent service if appropriate supervision was 
provided during the construction phase. Looking to the future, there is now a 
move towards hybrid caissons with part-perforated walls and curved faces. There 
is also scope for caissons to significantly increase in size. Lengths of over 100m 
are perfectly plausible provided the global bending and torsional stiffnesses are 
sufficient to cope with the loads induced during towing. Once in place, the bene-
fits of actively introducing shear transfer between adjacent caissons seem very 
clear. Use of an in-situ gravel filled pocket (plugged either side by concrete), 
sandwiched between the caissons appears to offer a good compromise between 
load sharing and providing a flexible coupling without requiring excessive preci-
sion in caisson alignment (see, for example, PIANC, 1995). 

It is felt that the concerns of some engineers on the issue of material durability 
have sometimes been overstated (see Ozaki & Matsuya, 1986 for one example of 
the performance of sixty-year old marine concrete). In many cases the topic has 
been treated as a material problem alone with little understanding of the structural 
consequences. Unfortunately there remains considerable confusion in the minds 
of some engineers as to the real significance of cracking in a reinforced concrete 
structure. A cellular caisson with sufficient flexural and shear reinforcement 
(where attention paid to detailing for shrinkage, corners, laps and joints) offers a 
multitude of load paths to transmit the forces. This is true of many existing cais-
sons, as wall sections tend to have been over-sized as a result of over-
conservative, simplified analyses. Local spalling and even significant corrosion in 
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certain areas can often have little real effect on the overall stability of the struc-
ture. The consequence of material degradation is intimately tied to the precise lo-
cation in the structural frame. One concept which is not always appreciated is that 
by increasing the cover to the reinforcing steel in a flexural member, one is not 
automatically improving the durability of the section as the likelihood of cracking 
on the tensile face is increased. The interested reader is referred to Maage et 
al.,1996, Price et al., 1989, Tumidajski & Chan, 1996, Mackechnie & Alexander, 
1997, and Taywood Engineering Research Labs, 1988 (and the references cited 
within) for further information on the use of reinforced concrete in a marine envi-
ronment. 

A number of techniques have recently emerged whereby the likelihood of cor-
rosion in a reinforced concrete structure may be markedly reduced. Methods such 
as cathodic protection, de-salination and re-alkalisation as well as the used of 
coatings and migratory corrosion inhibitors are finding greater use. Another area 
which will see increased activity, is the use of non-ferrous reinforcement in ma-
rine structures. 

As the availability of ever cheaper microprocessors continues, engineers will 
have greater opportunities to reliably instrument, log and control the performance 
of their structure. It is argued here that all engineers should insist on some form of 
permanent monitoring instrumentation, as it will lead to greater understanding in 
the way the structures are loaded and the manner in which they respond through-
out their service life. The benefits of a well devised monitoring programme are 
not only those of providing meaningful data to help define a maintenance strategy 
but also their value in helping engineers move forward to develop more economi-
cal, safer structures. 
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CHAPTER 5 

Probabilistic design tools and applications 

5.1 INTRODUCTION 

In this chapter the probabilistic design tools will be presented. This encompasses 
the methods to combine the inherent uncertainty of the natural boundary condi-
tions, the uncertainty due to lack of information of the natural environment, the 
quality of the structure and the engineering models into the measure of a failure 
probability that expresses the reliability of a structural system. Also a decision has 
to be taken whether the structural reliability is sufficient in view of the economic 
and societal functions of the structure. As an aid to this decision a safety philoso-
phy has been formulated. 

As the application of the probabilistic design method requires considerable ef-
fort and resources, a simpler approach using partial safety factors is derived 
within the probabilistic framework. 

This chapter aims at designers of vertical breakwaters with an interest in the 
probabilistic design method and the background of a partial safety factor code. It 
may also serve as an introduction for researchers who want to familiarise them-
selves with the theoretical backgrounds. These readers however, are referred to 
Volume II for more detailed information. 

This chapter treats the description of the failure modes of a vertical breakwater 
including the uncertainties in section 5.2.2 and 5.3.2 and the methods to calculate 
the probabilities of failure of each failure mode in section 5.2.3. In section 5.2.4 
the methods to gain insight in the performance of the structure as a whole are 
treated. The ways to combine the failure probabilities of the various modes into 
the reliability of the structure are given in section 5.2.5. 

The framework to decide on the optimal failure probability is dealt with in sec-
tion 5.2.6 together with the partial safety factor system. In section 5.4 the theory 
is applied to a number of case studies. Finally, some perspectives are given in sec-
tion 5.5. 
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5.2 GENERAL INTRODUCTION OF PROBABILISTIC METHODS 

5.2.1 Introduction 

The most important and most clear difference of probabilistic design compared to 
conventional (deterministic) design is that in probabilistic design one takes ex-
plicitly account of the uncertainties involved in the behaviour of the structure un-
der consideration. Over the years considerable progress has been made in the de-
velopment of probabilistic methods. This section attempts to introduce shortly the 
probabilistic working method, independent of the application to vertical breakwa-
ters. For further reading, several textbooks have been written. As a start for fur-
ther reading the following references can be used: 
 Thoft-Christensen & Baker, 1982; 
 Madsen, et al. 1986; 
 Ditlevsen & Madsen, 1996. 
Mentioning these three references is in no way meant to imply any judgement 

of the value of other references on the same subject. 

5.2.2 Limit state equations and uncertainties 

5.2.2.1 The concept of limit states 

The first step in a reliability analysis of any structure is defining its functions. 
When the functions of the structure are defined, the ways in which malfunctioning 
of the structure can occur are defined. These ways of malfunctioning are called 
failure modes. The failure modes are described in such a way that they are fit for 
mathematical treatment. A function that describes functioning or failure of a 
structure or one of its components is called a reliability function or limit state 
equation. A general limit state equation is denoted g and can be written as: 

 

     XXX SRgM   (5-1) 

 
In which X is a vector of random variables describing the geometry of the 

structure, the loads that are applied, the strength of materials etc; M is a random 
variable, usually referred to as the safety margin;  XR  is the strength (Resis-
tance) of the structure as a function of X;  XS  is the load (Solicitation) on the 
structure as a function of X. 

The limit state equations are defined in such a way that negative values of re-
alisations of M indicate failure and positive values indicate safe states. 
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For a general structure several limit states can be defined. Take for example the 
statically determined concrete beam with a point load in the middle in Figure 5-1. 

 

 

Figure 5-1. Statically determined concrete beam. 

 
In the situation where the position of the load is fixed, the following limit states 

can be defined for this simple structure: 
 Exceedance of the ultimate bending moment in the middle of the beam; 
 Exceedance of the shearing strength near one of the supports; 
 Exceedance of the admissible deformation in the middle of the beam; 
 Cracking of the concrete on the lower side of the beam, which may lead to 

corrosion of the reinforcement bars in an aggressive environment; 
 Chloride ingress through the uncracked concrete, followed by corrosion of 

the reinforcement. 
Observation of these five failure modes shows that the consequences are not of 

equal magnitude in all cases. The first two failure modes lead to immediate col-
lapse of the beam, while the other three threaten its functioning (inadmissible de-
formation) or may introduce failure after a period of time in which repair can still 
be made (cracking and chloride ingress). 

Therefore, in general four kinds of limit states are defined (see e.g. Eurocode 1, 
Basis of Design, 1994): 
 Ultimate Limit States (ULS), describing immediate collapse of the structure; 
 Serviceability Limit States (SLS), describing loss of function of the struc-

ture without collapse (a beam with a too large deformation might not be 
able to support a load which is sensitive to this deformation, while the beam 
is still able to withstand the load); 

 Accidental Limit States (ALS), describing failure under accident conditions 
(collisions, explosions). 

The acceptable probability of failure for a certain limit state depends on its 
character. Usually the highest safety requirements are set for Ultimate Limit 
States. Accepted failure probabilities for Serviceability Limit States might be con-
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siderably higher, especially if the effects of failure are easily reversed. Accidental 
Limit States can be treated like Ultimate Limit States, or the probability of occur-
rence of the accident can be taken into account. The acceptable probability of 
failure also depends on the time in which it is possible that a certain failure mode 
occurs. For failure during the construction phase, this time is considerably shorter 
than for the other types of failure. Therefore, for the construction phase character-
istic values with a smaller return period are defined. 

5.2.2.2 Uncertainties related to the limit state formulation 

Basically, the limit state equation is a deterministic model indicating functioning 
or failure of the structure. Uncertainties are generally related to the input of the 
limit state equation. The following types of uncertainty are discerned (see also 
Vrijling & van Gelder, 1998): 

1. Inherent uncertainty; 
2. Model uncertainty; 
3. Statistical uncertainty. 
Ad 1: The uncertainty that is part of the described physical process is called in-

herent uncertainty. This uncertainty exists even if unlimited data is available. For 
instance: even if the wave height at a certain location is measured during an infi-
nite period of time, the wave heights will still be uncertain in the future. A prob-
ability distribution can be used to describe the inherent uncertainty. 

Ad 2: Model uncertainty can be distinguished into two subtypes. The first type 
of model uncertainty is related to the limit state equation itself. The model de-
scribing the physical process is a schematisation of the true process. Due to the 
schematisation, parts of the process are left out under the assumption that they are 
not important to the final result. This leaving out of parts of the process introduces 
a scatter (uncertainty) when comparing the model to measurements. Using a more 
sophisticated model, which describes more accurately the physical process, can 
reduce this type of uncertainty. The second kind of model uncertainty is related to 
the distribution function of the input variables. Also parametric distribution func-
tions are schematisations of some real (unknown) distribution. Model uncertainty 
related to the input variables means that the chosen model might not be the true or 
best model. This type of uncertainty is reduced if more measurements are avail-
able, since then the correct distribution type becomes more clear. 

Ad 3: When fitting a parametric distribution to limited data, the parameters of 
the distribution are also of random nature. The uncertainty in the parameters is 
generally referred to as statistical uncertainty. This type of uncertainty reduces 
when the number of data points increases. 
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5.2.3 Reliability analysis on level II and III 

5.2.3.1 Introduction 

The reliability of a structure or component is defined as the probability that the 
structure or component is able to fulfil its function. Reversibly the probability of 
failure is defined as the probability that the structure does not function. The prop-
erties of the structure (load, strength, geometry) are modelled by a vector of ran-
dom variables, called the basic variables. The space of the basic variables is di-
vided in a safe set and a failure set by the limit state equation(s) (Figure 5-2). 

 

x2

x1

g( )<0x

g( )=0x

g( )>0x

(Failure)

(Safe)

 

Figure 5-2. Limit state equation, safe set and failure set in the space of basic variables. 

 
The probability of failure equals the probability that a combination of values of 

the basic variables lies in the failure domain. In formula: 
 

 FPPf  X  (5-2) 

 
In which X is the vector of basic variables; and F is the failure domain. 
Evaluation of this probability comes down to the determination of the volume 

of the joint probability density function of the basic variables in the failure do-
main. In formula: 
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In which  xxf  is the joint probability density function of the basic variables; 

and  xg  is the limit state equation. 
In general it is not possible to solve the integral analytically. Several numerical 

methods have been developed in the past. Section 5.2.3.2 introduces the direct in-
tegration methods. Section 5.2.3.3 introduces approximating methods. More de-
tails are given in (Thoft-Christensen & Baker, 1982; Madsen et al. 1986; 
Ditlevsen & Madsen, 1996). 

5.2.3.2 Direct integration methods (Level III) 

Riemann integration 
Standard numerical integration methods can be applied to Equation (5-3). In 

that case the probability of failure is estimated by: 
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i

f xxxxixxixxixfgP
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  

...,...,,1... 21022021101
0 0 0

1

1

2

2

Xx  (5-4) 

 
In which mi is the number of steps for variable number i; n is the number of ba-

sic variables;  )(1 xg  is the indicator function defined as  
 

   11 xg ,      if   0xg ;  (5-5) 

 

   01 xg ,     if   0xg  (5-6) 

 
The calculation time depends on the number of basic variables (n) and the 

number of calculation steps to be taken (m). The total number of iterations can be 
written as: 

 





n

j

jmN
1

 (5-7) 

 
This indicates that the calculation time increases rapidly with an increasing 

number of basic variables. Furthermore the calculation time as well as the accu-
racy of the method depend strongly on the number of calculation steps per vari-
able. Importance sampling methods have been proposed to increase the calcula-
tion speed as well as the accuracy of the calculation method. These methods are 
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not elaborated upon here. Reference is made to (Ouypornprasert, 1987; CUR, 
1997). 

 
Monte Carlo simulation 
A different method which uses the joint distribution of the basic variables is 

Monte Carlo simulation. In this method a large sample of values of the basic vari-
ables is generated and the number of failures is counted. The number of failures 
equals: 

 

  



N

j

jf gN
1

1 x  (5-8) 

 
In which N is the total number of simulations. In Equation (5-8) the same indi-

cator function is used as in Equation (5-4). 
The probability of failure can be estimated by: 
 

N

N
P

f

f   (5-9) 

 
The coefficient of variation of the failure probability can be estimated by: 
 

NP
V

f

Pf

1
  (5-10) 

 
In which Pf denotes the estimated failure probability. 
The accuracy of the method depends on the number of simulations (CUR, 

1997). The relative error made in the simulation can be written as: 
 

f

fN

N

P

Pf 
  (5-11) 

 
The expected value of the error is zero. The standard deviation is given as: 
 

f

f

NP

P


1
  (5-12) 
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For a large number of simulations, the error is Normal distributed. Therefore 
the probability that the relative error is smaller than a certain value E can be writ-
ten as: 

 

  










 E

EP  (5-13) 

 











 1

1
2

2

fPE

k
N  (5-14) 

 
The probability of the relative error E being smaller than k now equals (k). 

For desired values of k and E the required number of simulations is given by: 
Requiring a relative error of E = 0.1 lying within the 95 % confidence interval 

(k = 1.96) results in: 
 











 1

1
400

fP
N  (5-15) 

 
Equations (5-14) and (5-15) show that the required number of simulations and 

thus the calculation time depend on the probability of failure to be calculated. 
Most structures in coastal engineering possess a relatively high probability of 
failure (i.e. a relatively low reliability) compared to structural elements/systems, 
resulting in reasonable calculation times for Monte Carlo simulation. The calcula-
tion time is independent of the number of basic variables and therefore Monte 
Carlo simulation should be favoured over the Riemann method in case of a large 
number of basic variables (typically more than five). Furthermore, the Monte 
Carlo method is very robust, meaning that it is able to handle discontinuous fail-
ure spaces and reliability calculations in which more than one design point are in-
volved (see below).  

The problem of long calculation times can be partly overcome by applying im-
portance sampling. This is not elaborated upon here. Reference is made to (Bu-
cher, 1987; Ditlevsen & Madsen, 1996; CUR, 1997). 

5.2.3.3 Approximating methods (Level II) 

First Order Reliability Method (FORM) 
In the FORM-procedure the value of the volume integral (Equation (5-3)) is es-

timated by an approximating procedure. The following procedure is followed to 
estimate the probability of failure: 
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 A transformation X = T(U) is carried out, mapping all the random variables 
in the space of standard normal-distributed variables (U-space); 

 The reliability function is also transformed to the U-space and is replaced 
by its first-order Taylor approximation in a certain point; 

Hasofer & Lind (1974) have shown that the calculated probability of failure is 
invariant for the formulation of the limit state equation, if the limit state is linear-
ised in the point with the highest value of the joint probability density of the basic 
variables (design point, see Fig. 5-3). 

 
u2

u1

g( )=0u

First order
Taylor approximation

g( )<0u

g( )>0u

 

Figure 5-3: Design point, real failure boundary and linearised failure boundary in the space of the 
standard-normal variables (U-space) 

 
In the U-space this point coincides with the point at the failure boundary with 

minimum distance to the origin. This distance is called the Hasofer-Lind reliabil-
ity index (HL). For the calculation of the reliability index several methods have 
been proposed. Reference is made to (Thoft-Christensen & Baker, 1982; Madsen 
et al. 1986; Ditlevsen & Madsen, 1996). As a result of the transformation to U-
space, the safety margin  xgM   is linearised in U-space. Therefore, the prob-
ability of failure can be approximated by: 
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     HLHLf PMPP   UT0   (5-16) 

 
This solution is exact only if the reliability function is linear in the basic vari-

ables and if the basic variables have Normal distributions. As noted above, the 
elements in the -vector are a measure of the importance of the random variables. 

% 1002 i  gives the relative importance in % of the random variable xi. 
Generally, the limit state equation is dependent on a number of deterministic 

parameters, which can be collected in the vector p. The elements in p can be sta-
tistical parameters like expected values and standard deviations and it can be e.g. 
geometrical quantities with negligible uncertainty. The limit state equation in U-
space is written as: 

 

  0, pUg  (5-17) 

 
For the reliability index HL the sensitivity with respect to the parameter pj can 

easily be obtained in the form, see e.g. Madsen et al (1986): 
 

j

HL

pd

d
 (5-18) 

 
FORM calculations generally provide estimates of the failure probability in 

relatively short calculation times. This is a big advantage over level III methods in 
general. However, if the reliability function is highly non-linear, FORM-estimates 
of Pf may possess a considerable error. In Figure 5-3 a curved limit state equation 
is shown together with its first order approximation. In this case the estimate of 
the probability of failure obtained with FORM underestimates the real failure 
probability. In case of discontinuous failure spaces, FORM procedures may fail to 
give a correct failure probability at all. 

 
Second Order Reliability Method (SORM) 
The disadvantages of FORM estimates are partly overcome by the Second Or-

der Reliability Method (SORM). Instead of calculating the probability of failure 
directly from the reliability index, a formula is applied in which the curvature of 
the limit state equation at the design point is used to get a better estimate of the 
probability of failure. This working method implies that a reliability index and a 
design point are known. Therefore, in SORM at first a FORM calculation is per-
formed. For more details reference is made to (Breitung, 1984). Regarding the de-
scription of discontinuous failure spaces, the same disadvantages as for FORM 
apply. 
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5.2.4 Fault tree analysis 

5.2.4.1 General system analysis by fault tree 

The methods for reliability calculations given in the previous section are all based 
on the analysis of one limit state only. However, even for a very simple structure 
generally several failure modes are relevant. A set of limit states can be presented 
as a series system, a parallel system or a combination thereof. The probability of 
failure of the system is determined by the properties of the system as well as by 
the individual failure probabilities of the components (limit states). 

If the order of occurrence of the failure modes is not of consequence for the 
failure of the structure, the system of failure modes can be described by a fault 
tree. An example is given in Figure 5-4. The system representation is also given. 
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Figure 5-4. Fault tree and system representation of a system of three failure modes. 

 
The two presentations of the system are completely equivalent. An and-gate co-

incides with a parallel system of failure modes and an or-gate coincides with a se-
ries system of failure modes. 

An overview of the notation used in the fault trees is given in Table 5-1 and 
Table 5-2. 
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Table 5-1. Overview of gate symbols in fault trees (Andrews & Moss, 1993). 

Symbol Description 

   "And" gate 

   "Or" gate 

   Voting gate 

   
Inhibit gate 

  
Exclusive "or" gate 

   Priority "and" gate 

 
Table 5-2. Overview of event symbols in fault trees (Andrews & Moss, 1993). 

Symbol Description 

   
Base event 

   
Event not further developed in the tree 

   
Compound event I 

   
Compound event II 

  
Conditional event (used in combination with inhibit gate) 

   
Normal event (house event) 

   
Reference symbol 

5.2.5 Calculation of system probability of failure 

5.2.5.1 Introduction 

In the previous section the fault tree presentation of a system of failure modes is 
introduced. The fault tree indicates whether failure modes are part of a parallel 
system or part of a series system of failure modes. An analytical expression for 
the probability of system failure is possible only if the failure modes are uncorre-
lated or fully correlated. The formulae are given in Table 5-3. 
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Table 5-3. Overview of system probability of failure for combinations of correlation and system 
type. 

System type Upper bound 
Independent 

components 
Lower bound 

Series 



n

i

ff i
PP

1

 



n

i

ff i
PP

1

  
iff PP max  

Parallel  
iff PP min  

 



n

i

ff i
PP

1

11

 

0fP  

 
The formulae given in Table 5-3 are also bounds on the real system probability 

of failure. For a series system the upper bound is given by the uncorrelated case 
and the lower bound by the case with full correlation. For a parallel system the 
upper bound is given by the case with full correlation and the lower bound by the 
uncorrelated case.  

For arbitrary correlation between limit state equations, an analytical solution is 
no longer possible. In that case one has to use numerical methods to obtain the 
system probability of failure. Section 5.2.5.2 introduces direct integration meth-
ods. Section 5.2.5.3 introduces a few approximating methods for system failure. 

5.2.5.2 Direct integration methods for systems 

Riemann integration 
The Riemann process introduced in section 5.2.3.2 can also be applied to evaluate 
the probability of system failure. Similar to the case with on limit state equation 
the probability of failure is estimated by: 
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n

n

 
  

...,...,,1... 21022021101
0 0 0

1

1

2

2

Xxg  (5-19) 

 
In which g(x) is a vector of limit state equations; mi is the number of steps for 

variable number i; and n is the number of basic variables. 
Since now the system probability of failure has to be calculated, the indicator 

function is defined in a different way. For a series system the indicator function is 
given as: 

  
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 (5-20) 

 
For a parallel system the indicator function is: 
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 (5-21) 

 
In general the evaluation of more limit state equations in a calculation step will 

not take much extra time. Therefore, the performance of the Riemann integration 
for more limit states is comparable to the performance for one limit state (sec-
tion 5.2.3.2). 

 
Monte Carlo simulation 
Like Riemann integration, Monte Carlo simulation is also applicable for systems. 
The number of failures is determined by applying Equation (5-8). Also in this 
case the indicator function is replaced by one of the system indicator functions 
given in the previous section. The evaluation of extra limit states is in general not 
very time consuming. Therefore, the performance of the Monte Carlo method is 
not heavily influenced by the application to more limit states. Also for systems 
the Monte Carlo method proves to be a very robust, but not very fast method. 

5.2.5.3 Approximating methods for systems 

Fundamental bounds on the system probability of failure 
When the failure probabilities per limit state are known, it is always possible to 
provide a lower and upper bound for the failure probability (see Table 5-3). In 
several cases these bounds prove to give a reasonable range in which the real 
probability of system failure is to be found. In some cases however, the funda-
mental bounds provide a too wide range. In that case one has to use more ad-
vanced methods. 

 
Ditlevsen bounds for the system probability of failure 
An alternative calculation method for the bounds of the probability of failure of a 
series system is developed by (Ditlevsen, 1979). The bounds according to Ditlev-
sen are given by: 
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 (5-22) 

 
These bounds are more narrow than the fundamental bounds, but for a large 

number of limit states they may still be too wide. 



16   Probabilistic Design Tools for Vertical Breakwaters 

16 

 
First-order method for systems 
An approximating procedure which is able to provide a more accurate estimate of 
the system probability of failure of a system is proposed by (Hohenbichler & 
Rackwitz, 1983). In this method the correlated limit state equations are trans-
formed to a set of uncorrelated limit states. The system probability of failure can 
then be calculated using fundamental rules for the probability of system failure 
and first or second order estimates of the probability of failure per limit state. 

Generally, an approximation is obtained for   ,n  in which  denotes the 

vector of reliability indices for every limit state and  denotes the correlation be-
tween the failure modes. The failure probability of a parallel system is then given 
by: 

 

  ,;  nparallelfP  (5-23) 

 
And for a series system by: 
 

  ,1;seriesfP  (5-24) 

 
This method in general has shorter calculation times than the level III methods. 

However, due to the approximations estimates of the failure probability might 
show considerable errors (Schuëller & Stix, 1987). As with all approximating 
methods one should be aware of this disadvantage. 

5.2.6 Choice of safety level 

To construct a breakwater that is always performing its function and is perfectly 
safe from collapse is at least an uneconomical pursuit and most likely an impossi-
ble task. Although expertly designed and well constructed, there will always be a 
small possibility that the structure fails under severe circumstances (Ultimate 
Limit State). The acceptable probability of failure is a question of socio-economic 
reasoning.  

In a design procedure one has to determine the preferred level of safety (i.e. the 
acceptable failure probability). For most civil engineering structures the accept-
able failure probability will be based on considerations of the probability of loss 
of life due to failure of the structure. 

In general two points of view for the acceptable safety level can be defined 
(Vrijling et al., 1995): 
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The individual accepted risk. The probability accepted by and individual per-
son to die in case of failure of the structure; In Western countries this probability 
is of the order 10-4 per year or smaller 

The societal accepted risk. Two approaches are presented, depending on the 
relative importance of the total number of lives lost in case of failure on the one 
hand and the total economic damage on the other. If the number of potential casu-
alties is large the likelihood of failure should be limited accordingly. The accepted 
probability of occurrence of a certain number of casualties in case of failure of a 
structure is then restricted proportional to the inverse of the square of this number 
(Vrijling et al., 1995). If the economic damage is large, an economic optimisation 
equating the marginal investment in the structure with the marginal reduction in 
risk should be carried out to find the optimal dimensions of the structure. 

The two boundary conditions based on the loss of human lives form the upper 
limits for the acceptable probability of failure of any structure. In case of a 
breakwater without amenities the probability of loss of life in case of failure is 
very small. In that case the acceptable probability of failure can be determined by 
economical optimisation, weighing the expected value of the capitalised damage 
in the life of the structure (risk) against the investment in the breakwater. The next 
section provides more background on this concept.  

If, for a specific breakwater, failure would include a number of casualties, the 
economic optimisation should be performed under the constraint of the maximum 
allowable probability of failure as defined by the two criteria related to loss of 
life. 

The explicit assessment of the acceptable probability of failure as sketched 
above is only warranted in case of large projects with sufficient means. For 
smaller projects a second approach is generally advised. This second approach to 
the acceptable safety level is based on the evaluation of the safety of existing 
structures supplemented by considerations of the extent of the losses involved in 
case of failure. Consequently the assumption is made that the new structure 
should meet the safety requirements that seem to be reasonable in practice. This 
approach is found in many codes where a classification of the losses in case of 
failure leads to an acceptable probability of failure. Most structural codes provide 
safety classes for structures (NKB 1978, Eurocode 1). The structure to be de-
signed might fit in one of these safety classes providing an acceptable probability 
of failure. It should be noted however that for most structural systems loss of life 
is involved contrary to breakwaters. Therefore the following classification and ta-
ble with acceptable probabilities of failure was developed especially for vertical 
breakwaters: 
 Very low safety class, where failure implies no risk to human injury and 

very small environmental and economic consequences 
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 Low safety class, where failure implies no risk to human injury and some 
environmental and economic consequences 

 Normal safety class, where failure implies risk to human injury and signifi-
cant environmental pollution or high economic or political consequences 

 High safety class, where failure implies risk to human injury and extensive 
environmental pollution or very high economic or political consequences 

 
Table 5-4. Overview of safety classes. 

Safety class 
Limit state type 

Low Normal High Very high 

SLS 0.4 0.2 0.1 0.05 

ULS 0.2 0.1 0.05 0.01 

5.2.7 Reliability based design procedures 

5.2.7.1 General formulation of reliability based optimal design 

Generally, in a design process one pursues the cheapest design that fulfils the de-
mands defined for the structure. The demands can be expressed in two fundamen-
tally different ways: 
 The total expected lifetime costs of the structure consisting of the invest-

ment and the expected value of the damage costs are minimised as a func-
tion of the design variables; 

 If a partial safety factor system is available, one can optimise the design by 
minimising the construction costs as a function of the design variables un-
der the constraint that the design equations related to the limit state equa-
tions for all the failure modes are positive. 

The minimisation of the lifetime costs can be formalised as follows (Enevold-
sen & Sørensen, 1993): 
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 (5-25) 

 
In which: 

 mzzz ,...,, 21z : The vector of design variables; 
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 zTC : The total lifetime costs of the structure; 

CI(z): The investment in the structure as a function of the design 
variables z; 

CF;ULS: The damage in monetary terms in case of ULS failure; 
CF;SLS: The damage in monetary terms in case of SLS failure; 
PF;ULS(z): The probability of ULS failure as a function of the design 

variables; 
PF;SLS(z): The probability of SLS failure as a function of the design 

variables; 
U

i

L

i zz , : The lower and upper bound of design variable i; 
U

SLSF

U

ULSF PP ;; , : The upper bound of the failure probability for ULS fail-

ure and SLS failure respectively. 
Generally the design variables will be subjected to constraints. For instance, all 

geometrical quantities should be greater than zero. Furthermore, the failure prob-
abilities can be subject to constraints, especially for structures where human lives 
are involved. In that case the maximum failure probabilities are enforced by regu-
lations. In cases that loss of human lives is not involved in case of failure of the 
structure, formally the constraint on the failure probabilities can be set to 1 and 
the acceptable failure probability as well as the optimal design are completely de-
cided by the lifetime costs only. If relevant, maintenance costs and inspection 
costs can be added to the total expected lifetime costs. 

Obtaining accurate assessments of the damage in case of failure is not always 
practically possible. In that case, the optimal design can be found by minimising a 
cost function which only comprises the investment and imposing a constraint on 
the failure probability which expresses a qualitative idea of the economic optimal 
failure probability. 

If the design is performed using a code based partial safety factor system, the 
following optimisation problem is applicable: 
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In which: 
CI(z): The investment in the structure as a function of the design variables z; 

GI(Z,XC,): The limit state function for failure mode i as a function of the de-
sign variables z, the characteristic values of the random variables 
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as defined in the partial safety factor system xc and the vector of 
partial safety factors . 

Generally, partial safety factors are available for several target probabilities of 
failure or safety classes (see below). Since the choice of the safety factors in-
volves implicitly the choice of a target probability of failure and expected costs of 
failure, the same optimal design should be obtained from (23) and (24). 

5.2.7.2 Cost optimisation 

If loss of life in case of failure of the structure is not an issue for the structure un-
der consideration, no constraint is set on the failure probability and the acceptable 
probability of failure equals the economic optimal probability of failure. A proce-
dure for probabilistic optimisation of vertical breakwaters has been developed 
(Sørensen et al, 1994; Voortman et al, 1998, Volume IId, section 4.1). 

The optimisation for a vertical breakwater can be written as: 
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In which: 
z: The vector of design variables; 
CI;0: Initial costs, not depending on the design variables; 
CI(z): Construction costs as a function of the design variables; 
CF;SLS: Costs per day in case of serviceability failure; 
PF;SLS(z): The probability of serviceability failure per day; 
CF;ULS: Costs per event in case of ultimate limit state failure; 
PF;ULS(z): The probability of ultimate limit state failure per year; 
Cmaint: Maintenance costs for the breakwater per year; 
r’: The net interest rate per year; 
g: The yearly rate of economical growth, expressing growth and de-

velopment of the harbour; 
N: The lifetime of the structure in years. 

Inspection of Equation (5-27) shows that the total lifetime costs consist of in-
vestment costs and the expected value of the damage costs. In principle, for every 
year of the structure’s lifetime, the expected damage has to be taken into account. 
Not all the costs are made at the same time. Therefore, the influence of interest, 
inflation and economical growth has to be taken into account in order to make a 
fair comparison of the different costs (van Dantzig, 1956). 

The expected value of the damage costs is a function of the failure probability. 
The failure probability is a function of the design variables. Therefore, minimisa-
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tion of Equation (5-27) results in the optimal geometry and at the same time the 
optimal failure probability. Ready at hand minimisation algorithms can be applied 
to find the optimal set of design variables. 

When implementing the cost function in any programming language, the fail-
ure probability as a function of the design variables has to be included. For this 
part of the cost function one of the probabilistic procedures introduced in sec-
tion 5.2.3 or section 5.2.5 can be used. Due to the specific character of the optimi-
sation process, the choice of the probabilistic procedure is not an arbitrary one. 
One should be aware of the following points: 
 The minimisation process comprises a large number of evaluations of the 

cost function, each evaluation involving a probability calculation. There-
fore, time-consuming methods should be avoided; 

 The values of the cost function for any given point should be stable. Espe-
cially the Monte Carlo procedure provides probability estimates that con-
tain an error, which is inherent to the procedure. This (small) error gener-
ally presents no problem, but in this case it causes variations of the cost 
function, which disturb the optimisation process (see Fig. 5-5). 
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Figure 5-5. Result of 20 calculations of failure probability by Monte Carlo. 
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The points of attention mentioned above lead to the conclusion that level II 
methods are suitable for application in an optimisation process. Level III methods 
will generally lead to too much computational effort or will disturb the optimisa-
tion process. 

The procedure described above has been applied to a fictitious design case of a 
vertical breakwater in a water depth of 25 m. Three design variables are consid-
ered: the height and width of the caisson and the height of the rubble berm. 

 

 

Figure 5-6: Overview of conceptual breakwater design for economic optimisation. 

 
As a first step a deterministic optimisation for chosen wave heights has been 

performed. This step is meant to show the connection between the deterministic 
optimisation for a given safety level and the full probabilistic approach. Because 
of this, the choice of the input values (comparable to the characteristic values in 
Equation 5-26) is not corresponding to the choice made for the partial safety fac-
tor system (see below). Furthermore, all safety factors have been set to 1 and the 
berm height is fixed at a value of 6 m. For this situation it is possible to find a 
minimum caisson width as a function of the crest height for every single failure 
mode. Once the crest height and the caisson width are known, the construction 
costs of the caisson breakwater can be calculated (see Fig. 5-7). 
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Figure 5-7. Construction costs of the breakwater as a function of the crest height (Berm height 6 m). 

 
Generally, bearing capacity failure of the subsoil shows the largest minimum 

caisson width. Furthermore, the results show that in general a lower crest height 
leads to a more narrow caisson and thus to lower construction costs. However, the 
minimum crest height required is determined by wave transmission. In the deter-
ministic approach the minimum crest height related to wave transmission imposes 
a constraint on the crest height. Thus, the optimal geometry is decided by wave 
transmission and by bearing capacity failure of the subsoil. 

While at first sight it seems reasonable to have an equal failure probability of 
failure for all the failure modes in the system, probabilistic optimisation shows 
that, like in the deterministic approach, bearing capacity failure of the subsoil 
largely determines the probability of ultimate limit state failure (see Figure 5-8). 
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Figure 5-8. Overview of ULS failures probabilities for several berm heights. 

 
Inspection of the lifetime costs as a function of crest height and caisson width 

indicates that also in the probabilistic approach the crest height is limited by wave 
transmission (see Fig. 5-9). 
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Figure 5-9. Contour plot of total lifetime costs in 108 US $ (Random wave height only) and optimal 
geometries for different levels of modelling. Taken from Voortman et al (1998) (see also Vol-
ume IId, section 4.1). 

 
The optimal probability of system failure is quite low in comparison to existing 

structures (810-4). This could be caused by the choice of the cost figures or by a 
limited spreading of the random variables. 

5.2.7.3 Partial Safety Factor System 

Partial safety factors used in design of vertical wall breakwaters can be calibrated 
on a probabilistic basis. The calibration is performed for a given class of struc-
tures, materials and/or loads in such a way that for all structure types considered 
the reliability level obtained using the calibrated partial safety factors for design is 
as close as possible to a specified target reliability level. Procedures to perform 
this type of calibration of partial safety factors are described in for example Thoft-
Christensen & Baker, 1982, Madsen et al. (1986) and Ditlevsen & Madsen 
(1996). 

A code calibration procedure usually includes the following basic steps: 
1)  definition of scope of the code; here : vertical wall breakwaters 
2)  definition of the code objective; here : to minimise the difference between 

the target reliability level and the reliability level obtained when designing 
different typical structures using the calibrated partial safety factors 
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3)  selection of code format, see below 
4)  selection of target reliability levels, see section 5.2.6  
5)  calculation of calibrated partial safety factors, see below 
6)  verification of the system of partial safety factors, see below 
The partial safety factors can be calibrated as follows. For each failure mode 

one or more limit state functions are established: 
 

0)( zx,ig  (5-28) 

 
where x  ( ,..., )x xn1  are realisations of n  stochastic variables 

X  ( ,..., )X Xn1  and z  ( ,..., )z zN1  are the deterministic design variables. 

Corresponding to (5-26) a design equation is established from which 
z  ( ,..., )z zN1  are determined: 

 

0),( z,xc

iG  (5-29) 

 

where xc c
n
c

x x ( ,..., )1  are characteristic values of X  ( ,..., )X Xn1  and 

   ( ,..., )1 M  are partial safety factors. Usually design values for loads are 

obtained by multiplying the characteristic with the partial safety factors and de-
sign values for resistances are obtained by dividing the characteristic values with 
the partial safety factors. On the basis of the limit state functions in (1) element 
reliability indices  i  or a system reliability index  s  can be determined for the 

structure considered, see e.g. Madsen et al. (1986). 
The partial safety factors   are calibrated such that the reliability indices cor-

responding to L  example structures are as close as possible to a target reliability 
index  t . This is formulated by the following optimisation problem 
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ii
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1

2
)()(     min   (5-30) 

 
where w i Li  , , ,..., 1 2  are weighting factors indicating the relative frequency 

of appearance of the different design situations. Instead of using the reliability in-
dices in Equation 5-30 to measure the deviation from the target, the probabilities 
of failure can be used.  i ( )  is the system reliability index for example structure 

i with a design z  obtained from the design equations using the partial safety fac-
tors   and the characteristic values. Usually the partial safety factors are con-

strained to be larger than or equal to 1. 
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The code format and thus the partial safety factors to be used in design of verti-
cal breakwaters can in principle depend on: 

a) the uncertainty related to the parameters in the relevant limit states 
b) the safety class 
c) the type of limit state 
d) the expected lifetime of the structure 
e) if laboratory model tests have been performed 
f) the amount of quality control during construction 
Ad a) uncertainty related to parameters: the uncertainties related to the pa-

rameters in the limit state functions are taken into account in a deterministic de-
sign through partial safety factors. The partial safety factors are calibrated in such 
a way that a large partial safety factor is used in the case of large uncertainties and 
a small partial safety factor is used when the uncertainties are relatively small.  

Ad b) safety class: the safety classes in section 5.2.6 are used. 
Ad c) type of limit state: two types of limit states are considered, namely: ULS 

(Ultimate Limit State; e.g. foundation failure, failure of significant part of caisson 
concrete structure) and SLS (Serviceability Limit State, e.g. overtopping, settle-
ment of foundation soil). Acceptable probabilities of failure could be as indicated 
in Table 5-4. 

Ad d) expected lifetime: the expected lifetime TL for vertical breakwaters can be 
quite different. Therefore three different expected lifetimes are considered: TL =20 
years, TL =50 years and TL =100 years. 

Ad e) model tests: sometimes laboratory tests are performed in order to estimate 
the wave loads more accurately. In that case the uncertainty related to the wave 
loads is reduced and it is therefore reasonable to decrease the partial safety fac-
tors. Similarly, also detailed field and laboratory tests are performed to determine 
the soil parameters. In that case the uncertainty related to the soil strength parame-
ters is usually reduced and the partial safety factors can be reduced. 

Ad f) quality control: finally, the uncertainty can also be dependent on the 
amount of control at the construction site. 

The characteristic values are suggested to be the mean value for self weight and 
permanent actions, for wave heights the expected largest significant wave height 
in the design lifetime Tr, 5 % fractiles for structural strength parameters and the 
mean values for geotechnical strength parameters. 

An example of the partial safety factor system is shown in Table 5-5. 
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Table 5-5. Partial safety factors. 

p.s.f. Parameter Tentative values -   

Loads   

G1
 Self weight 1.0 

G2
 Permanent actions, e.g. ballast 1.1 

   

 H  Wave load See below 

Strength   

   Effective friction angle See below 

Cu
 Undrained shear strength See below 

   

 c  Concrete strength 1.6 

 r  Reinforcement 1.3 

   

 scour  Scour failure See below 

 armour  Armour layer failure See below 

 
The partial safety factor for the wave load is determined from : 
 

20 HTHH    (5-31) 

 
Where: 
 H0

 takes into account the uncertainty related to the wave load 

 T  takes into account the influence of the expected lifetime. For example 

 T =1 for T =50 years,  T  1 for T =100 years and  T  1 for 

T =20 years. 
 H2

 takes into account the effect of model tests used to estimate the wave 

load.  H2
=1 if no model tests are performed 

For partial safety factor for the geotechnical parameters are determined from : 
 

3210  m  (5-32) 

 
Where: 
0 takes into account the uncertainty related to the strength parameter 
1 takes into account the effect of safety class. 1=1 for normal safety 

class 
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2 takes into account the effect of model tests used to estimate the strength 
parameters.  2 =1 if no model tests are performed 

3 takes into account the amount of control.  3 =1 if normal control is 
used. 

The factors in equations (5-31) and (5-32) are calibrated using representative 
values for the soil strength parameters and with wave climates from Bilbao, Sines, 
Tripoli and Fallonica (see Volume IId, section 4.2). The full stochastic model 
used in the calibration is shown in Table 5-5. 

The calibrated partial safety factors corresponding to normal safety class in 
ULS and high safety class in SLS: 

 
Wave load: H0=1.1 
Effective friction angle: 0 =1.2 
Undrained shear strength: 0 =1.3 
Scour failure: 0 =2.2 
Armour layer failure: 0 =0.6 
The following factors defined in are derived (no factors are derived for 2 tak-

ing into account the effect of model tests used to estimate the strength parameters 
and 3 taking into account the amount of control). The factors for 1 can be used to 
obtain partial safety factors for all safety classes in ULS and SLS.  

 
Table 5-6. Safety factor T, which takes into account the influence of the expected lifetime T. 

T  20 years 50 years 100 years 

T  0.98 1.0 1.05 

 
Table 5-7. Safety factor 

2H  that takes into account the effect of model tests used to estimate the 
wave load. 

Model 1 2 

2H  1.0 0.85 

 
Table 5-8. Safety factor 1 , which takes into account the effect of the safety class. 

 Safety class 

ULS  Low Normal High Very high 

SLS Low Normal High Very high  

fP  0.4 0.2 0.1 0.05 0.01 

1  0.75 0.9 1.0 1.1 1.25 

 
The safety classes correspond to the ones given in Table 5-5. The verification 

of the partial safety factors is described in Volume IId, section 4.2. 
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5.3 PROBABILISTIC METHODS APPLIED TO VERTICAL BREAKWA-
TERS IN GENERAL 

5.3.1 Fault tree for a vertical breakwater 

As stated in section 5.2.2 the first step in developing the fault tree and the limit 
states for a structure is defining the functions that are to be performed. In this pro-
ject the main function of a breakwater has been defined as: 

 
"Providing sufficiently tranquil water for ship manoeuvring and berthing" 

 
There are several ways in which a breakwater might fail to fulfil this main 

function. This could be caused by wave energy entering the harbour through the 
entrance by refraction and diffraction, wave energy passing over the breakwater 
due to severe overtopping or collapse of a part of the structure, leading to a 
breach. Wave energy entering through the entrance is a matter of design of the 
layout of the entrance and is not part of PROVERBS. It is however part of the 
system of failure modes and is therefore included in the fault tree. In this section 
only the top part of the fault tree is presented. The complete fault tree is given in 
section 4.2 of Volume IId. 
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Figure 5-10. Fault tree of a vertical breakwater. 
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5.3.2 Specific limit states for vertical breakwaters 

5.3.2.1 Introduction 

For a vertical breakwater several limit states can be discerned. Within PROV-
ERBS an extensive set of failure modes has been created. This set consists of Ul-
timate as well as Serviceability Limit States. Accidental Limit States have been 
omitted. 

5.3.2.2 Loading of the breakwater 

For all limit states except wave transmission, the loading is given by the wave 
forces exerted at the breakwater. Within PROVERBS, extensive research has 
been directed to this aspect of breakwater design (details are given in Chapter 2). 
In the description given here, the emphasis is laid on the implementation of the 
load models in a probabilistic framework. 

The models used in PROVERBS can be categorised in three types: 
1. Load models describing quasi-static (pulsating) wave loads; 
2. Load models describing dynamic (impact) wave loads; 
3. Decision models, indicating what type of load model should be applied. 
On a deterministic level, the parameter map and the breaker model (Vol-

ume IIa, sections 2.2 and 2.3) indicate the occurrence of impacts. In reality, the 
input to these models (water levels, wave properties) is of random nature. A gen-
eral vertical breakwater will therefore encounter quasi-static loads as well as im-
pact loads during its lifetime. Theoretically, the distribution function of all the 
wave loads exerted at the breakwater is therefore written as: 

 
       impact no|1impact| fFPPfFPPfFP impactimpact   (5-33) 

 
In which: 
F: Wave load modelled as a stochastic variable 
Pimpact: The probability of occurrence of impacts; 

impact)|( fFP  : The distribution function of impact loads, condi-

tional on the occurrence of impacts; 

 impact no|fFP  : The distribution function of pulsating wave loads, 

conditional on the occurrence of quasi-static loads, 
e.g. obtained by the model of Goda (1985). 

The complex nature of especially the models for impact loading has led to the 
choice of Monte Carlo simulation for the risk analysis of breakwaters in condi-
tions where impact loads might occur. For organisational reasons, in the probabil-
istic framework an early version of the model described in Chapter 2 of this Vol-
ume has been adopted. What has not been implemented is the distinction of steep 
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and flat bed slopes and the position of the breaker line. Omitting these parts of the 
impact model will generally lead to conservative estimates of the wave forces. 

5.3.2.3 Serviceability limit states related to performance of the breakwater 

Generally, breakwaters are built to provide protection against waves. Beside col-
lapse of the breakwater itself, the breakwater can fail to provide protection be-
cause of refraction and diffraction effects or due to wave transmission. Refraction 
and diffraction should be limited by the design of the layout of the breakwater and 
the harbour entrance. Wave transmission has particularly influence on the cross 
section of the breakwater.  

Wave transmission over vertical breakwaters can be described by means of the 
model of Goda (1969), modified for different caisson shapes by Heijn (1998).  

The limit state for wave transmission has been defined as: 
 

  staccs HKHg  ;x  (5-34) 

 
In which: 
Hs;acc: The acceptable significant wave height inside the harbour basin; 
Kt: Transmission coefficient calculated by the Goda-Heijn model 

(Goda, 1969, Heijn, 1998); 
Hs: Significant wave height on the sea side of the breakwater. 

5.3.2.4 Foundation limit states 

The geotechnical failure modes have been defined and formulated in Chapter 3. In 
short the failure modes are: 
 Sliding along the base of the caisson; 
 Bearing capacity failure of the rubble mound; 
 Bearing capacity failure of the subsoil. 
The limit state equations describing the different forms of failure are available 

on two levels of sophistication (see Chapter 3). In this section the set of limit state 
equations for preliminary design are adopted as the standard form of modelling 
the foundation. However, a comparison with other levels of modelling will be 
shown. 

The general form of the foundation limit states is similar to the general form 
given in section 5.2.2. It is typical for foundation limit states that loading and 
strength can not always be completely separated. For instance, the weight of the 
caisson acts as a load but at the same time increases the effective stress in the 
foundation, thus increasing the shear strength. Next to the stress level, the strength 
of the foundation is primarily decided by the properties of the soil, such as the 
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friction angle and the cohesion. An overview of the input for the soil models as 
well as the uncertainties related to the soil properties is given in Chapter 3. 

5.3.2.5 Structural limit states 

Like the modelling of the foundation, also the structural limit states of vertical 
breakwaters can be defined on different levels of sophistication (see Chapter 4). 
In principal, only the beam models given in Chapter 4 are suitable for application 
in a probabilistic calculation. A detailed description of these models is given in 
Chapter 4. The structural strength of the breakwater is primarily decided by the 
material properties, as well as the sizing of the elements. It is important to note 
that processes like chloride ingress or cracking of the concrete may lead to corro-
sion of the reinforcement, which lowers in the strength in time. 

5.4 CASE STUDIES 

5.4.1 Genoa Voltri (Italy) 

5.4.1.1 The case 

Voltri breakwater represents a typical Italian and European design. It is an exist-
ing breakwater that is supposed to be rather safe; the supposition is based on ex-
perience on similar and smaller breakwaters existing in Genoa since more than 40 
years that suffered no damage; many other breakwaters, similar in shape and de-
sign criteria, are present in several harbours in Italy. The assessed failure prob-
ability (related to a lifetime of 50 years) can then be confronted with evidence in 
prototype conditions.  

Information required for the analysis regards structure geometry, wave climate, 
foundation characteristics and construction method. Being a real breakwater an 
interpretation of available documents was necessary. As long time passed since 
design and construction, some information might have been lost or misinterpreted. 
Results are the best we could obtain within the project deadline, but no responsi-
bility is assumed on them.  
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Figure 5-11. Breakwater section and soil layers in Voltri. 

 

5.4.1.2 Wave forces 

Breaking wave conditions were in principle excluded at design time by assuring a 
sufficient water depth in front of the wall; in order to verify the effect of this as-
sumption breaking conditions are regarded as possible and the related hazard is 
analysed.  

In most part of the analysis non breaking conditions are considered and the two 
set of formulae given by Goda (1985) are used in order to transform waves from 
off-shore to the structure site and to evaluate the maximum equivalent static force.  

As the wave increases, breaking conditions may be reached. In breaking condi-
tions the equivalent static force is computed using the new set of formulae devel-
oped within PROVERBS. The parameter map (Section 2.2.2) is used in order to 
understand which is the typical wave action that characterises the site. For the 
case of Voltri the parameter map shows that breaking waves are possible only for 
extreme wave conditions. Breaking wave height is evaluated according to (Sec-
tion 2.2.3) and from this the percentage of waves breaking at the structure. Due to 
foreshore water depth the percentage of broken waves is negligible. 
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The force time pattern is evaluated on the basis of few parameters (Sec-
tion 2.5.1), whose probability distribution was assessed by Van Gelder (1998) 
with the help of a data base of measures obtained by several physical models. The 
longitudinal extension of the breaker is considered to be the full caisson length 
(Section 2.5.3). 

The dynamic model, developed and calibrated on the basis of prototype meas-
urements carried out on a few caissons (Vol. II-b, Chapter 3), is used to evaluate 
the sliding force response factor, depending essentially on the ratio between force 
duration and relevant natural oscillation period; static equivalent horizontal and 
vertical force are then obtained. 

Even for the same incident wave, breaking or non breaking conditions corre-
spond to quite different static equivalent applied forces; the level II risk analysis 
procedure is unable to cope with this discontinuous behaviour. A level III analysis 
(Monte Carlo simulation) was then performed applying the model for breaking 
waves.  

A level II analysis was anyway performed for the subset of non breaking condi-
tions: the discontinuity was artificially removed extending the validity of the 
Goda formulae. The design point was found to be actually below the breaking 
limit. The complete validity of the non breaking hypothesis is confirmed by the 
comparison of the assessed failure probability with the Monte Carlo simulation in 
dynamic conditions. 

5.4.1.3 Failure functions 

Among the failure modes developed under PROVERBS (Vol. II-b Ch. 6), those 
related to caisson, rubble-mound and cohesive soil interaction were implemented; 
the relative failure probability is computed through a level II analysis.  

The following failure modes are analysed by failure functions representing 
static force balance: 
 caisson sliding along the base; 
 bearing capacity failure in rubble mound, i.e. sliding within rubble mound 

(this mode dominates systematically the traditional overturning failure 
mode); 

 bearing capacity failure in subsoil, i.e. sliding through the high rubble 
foundation and the silt-sand subsoil. 

The analysis can not be considered exhaustive, since several failure modes 
were not implemented (settlement, scour, deterioration and corrosion of rein-
forcement due to chloride ingress through the concrete or through cracks, struc-
tural failure due to wave loading) and some hydraulic responses were not ana-
lysed (overtopping, wave transmission, wave reflection). 

Some failure modes are limit sub-cases of others: Rubsan2 is a sub-case of 
Rubsand4, and Slidclay3 of Rubclay8. When model errors are not considered in 
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system hazard assessment, we can examine all of them at the same time and in-
clude them in the list of series element of the system. When model uncertainties 
are described only the best model is used for each failure mode (Rubsand4 and 
Rubclay8). 

The system reliability is analysed and the lower bound and upper bound of the 
system failure probability are assessed with Ditlevsen method. 

Bishop method is used as alternative to Rubsand4-Ruclay8 series to represent 
foundation stability, accounting for friction and cohesion in the rubble mound and 
for the likely configuration of the rubble-mound subsoil interface. 

In dynamic conditions Monte Carlo simulations were carried out only for the 
sliding failure, the typical failure mode induced by breaking waves, Oumeraci 
(1994).  

5.4.1.4 Variable statistics 

In principle all the parameters are stochastic variables in a hazard analysis, but 
some show very small variation and can be considered as deterministic with al-
most no effect on the final result. These are almost all the geometric parameters 
and unit weights and a few others. 

The shape of the statistical distribution of variable parameters is frequently 
known a-priori based on wider experience and on the nature of the variable. For 
instance the mean water level is the sum of a random meteorological effect and 
several sinusoidal astronomical components; the result is well described by a 
Gaussian variable.  

The offshore significant wave height follows an extreme distribution which 
was better identified on the basis of the available dataset. Despite the importance 
of the harbour and probably due to the pluri-secular qualitative experience in-
strumental wave records are not available for Genoa. Wave measurements were 
sporadic and not public. The assumed statistics is based on KNMI visual observa-
tion and MetOffice hindcasting and is confronted with the qualitative experience, 
as described in Martinelli (1998). The offshore significant wave height was 
adapted to a GEV distribution (and resulted almost equivalent to a Gumbel distri-
bution). 

In all the cases where the variables were physically limited at one side, it was 
chosen to assume the LogNormal distribution associating null probability below 
the physical limit. For most cases the variance is small and the assumed distribu-
tion becomes almost equal to the Normal distribution. 

When there was no clear information on the variance but only on reasonable 
extreme values, the simple rule was adopted that two standard deviations account 
for the difference between the maximum (minimum) and the mean value. 

The assumed statistics for parameters relative to the hydraulic aspects is: 
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Table 5-9. Statistics for hydraulic boundary conditions for Genoa Voltri breakwater 

GENOA VOLTRI 

(50 years) 

Distribution Mean 

value 

Standard 

dev. 

Notes 

Off-shore significant 
wave height Hos 

Gumbel 6.2 m 12% Based on experi-
enced storms 

Deep water wave 
steepness sop 

LogNormal 0.035 10% Based on steep-
ness of most se-
vere storms 

Water level on M.S.L. Normal 0.1 m 0.2 m HHW=0.5 m 

 
The statistics of geotechnical parameters assumed for Voltri is: 
 

Table 5-10. Statistics of geotechnical parameters for Genoa Voltri breakwater 

GENOA VOLTRI Distribution Mean 

value 

Standard 

dev. 

Notes 

Sliding coefficient  LogNormal 0.64 10% Takayama & 
Ikeda (1992); -
2=0.5 

Rubble mound fric-
tion angle 

Sum of two 
LogNormals

1r+1) (1r+1

) 
-2=38° 

Rubble mound resid-
ual friction angle, 1r 

LogNormal 28° 2°  

Rubble mound dila-
tion angle, 1 

LogNormal 16° 2°  

Rubble mound cohe-
sion, for use in Coh-
sand2* 

LogNormal 20 kPa 10% Japanese praxis, 
Tanimoto & Ta-
kahashi (1994)  

Cayey silt cohesion  LogNormal kPa  -2=50 kPa
Silty sand friction an-
gle, 2 

Sum of two 
LogNormals

+2) (2r+2

) 
-2=27° 

Silty sand residual 
friction angle, 2r 

LogNormal 25° 2°  

Silty sand dilation an-
gle, 2 

LogNormal 8° 2°  

Silty sand undrained 
cohesion  

LogNormal 190 kPa 30% Estimated from 
vertical pressure 

 
The statistics of the main geometrical stochastic parameters influencing the re-

sistance of the foundation is: 
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Table 5-11. Statistics for geometric parameters governing the resistance of the structure  

GENOA VOLTRI Distribution Mean 

value 

Standard 

dev. 

Notes 

Differences in super-
structure thickness 

Shifted 
LogNornal 

2.2 m 0.25 m Minimum value 
1.0 m 

Depth reached by 
rubble mound below 
original bottom, used 
with Bishop failure 
function 

LogNormal 6.0 m 1.0 m Evaluation of  
settlement per-
formed before 
construction 

5.4.1.5 Model uncertainties 

In the attempt of finding all the sources of uncertainty, models and formulae used 
in the computations were examined and the effect of assumptions and approxima-
tions estimated.  

Some models are physically based; variables involved are well known and no 
relevant error is associated to them. This is for instance the case of the formula 
that evaluates the caisson weight starting from the dimensions and the specific 
weights. 

Some models (e.g. the Goda set of formulae for the evaluation of the maximum 
force and moments) are based on empirical relations and show a certain scatter 
(See Vol. IId, Section 4.1). 

Other models (e.g. the geotechnical models) are physically based but rely on 
assumptions or simplifications; in this case an idea of the induced bias and uncer-
tainty was obtained by applying different models. 

In any case a calibration factor is applied to the result of the formula providing 
the true value. This factor is a random variable whose statistics represents bias 
and uncertainty of the formula. 

 
Uncertainties in Goda wave force formulae 
Goda formulae as most design formulae are biased in order to provide a safe rela-
tion, rather than the mean value; this must be accounted for in a reliability analy-
sis.  

Van der Meer et al. (1994) gave an estimate of the bias and standard deviation 
of the Goda formulae on the basis of model tests. Vrijling (1996) pointed out how 
the derived standard deviation included also statistical uncertainty of the maxi-
mum wave height in the experiment realisation. Vrijling arrived to the conclu-
sions presented in the following table. 
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Table 5-12. Calibration factors for wave loading derived for the Goda model  

GODA Model Distribution Mean 

value 

Standard 

dev. 

Notes 

Calibration factor for 
horizontal forces 

LogNormal 0.90 0.20 IId, Section 4.1 

Calibration factor for 
uplift forces 

LogNormal 0.77 0.20 IId, Section 4.1 

Calibration factor for 
horizontal moments 

LogNormal 0.72 0.37 IId, Section 4.1 

Calibration factor for 
uplift moments 

LogNormal 0.72 0.34 IId, Section 4.1 

Calibration factor for 
seepage horizontal 
force 

LogNormal 0.65 0.30 On the basis of the 
uncertainties given 
above 

 
An analysis of the effect of apron slab provides results consistent with calibra-

tion factors reported in the table. Depending on gaps between the apron slabs, un-
der-pressure can be smaller than predicted by Goda formula and, due to uncer-
tainty of the spatial distribution, its shape is not always triangular. The uncertainty 
of moments is slightly greater than the uncertainty of forces. 

The great uncertainty is mainly related to breaking waves conditions. Several 
model tests show that if the formula is restricted to non breaking waves the stan-
dard deviation is much lower (6-8% for horizontal force).  

The statistics of the calibration factor for seepage forces, not defined by Goda's 
formulae nor checked by van der Meer or Vrijling, was derived from the linear 
pressure distribution suggested by Goda. The effect of a filtration length longer 
than the caisson base is greater on seepage forces than on uplift, the bias and un-
certainty of this calibration factor are therefore assumed proportionally greater 
than for uplift. 

For the breaker impact model we assume the statistics presented by van Gelder 
(1998): 

 
Table 5-13. Statistics for stochastic parameters in the impact model 

 Distribution Mean 

value 

Standard 

dev. 

Notes 

Coefficient 'k' for im-
pulse of breaking wave 

LogNormal 0.086 97% Van Gelder (1998) 

Coefficient 'c' for total 
duration of breaking 
wave force 

LogNormal 2.17 50% Van Gelder (1998) 
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Uncertainties in geotechnical failure functions 
For all geotechnical models the calibration factor Z is assumed as homogeneous to 
a failure load (or safety) factor: the failure function has always the form R/S-Z. 
Definitions of resistance R and load S and statistics for Z are provided below. 

The effect of approximations and hypotheses were roughly evaluated assuming 
that the foundation geometry is correctly schematised by the failure functions.  

The most realistic failure functions based on the upper limit theory are credited 
of a 2% average error towards the unsafe side. A similar error is credited to 
Bishop method, Lancellotta (1995). 

The effect of friction among the unstable body and the adjacent stable ones is 
evaluated assuming horizontal pressure equal to 60% of the vertical pressure. Un-
der non breaking waves it is assumed that instability is extended to a 100 m long 
reach of the breakwater, whereas under breaking waves it is assumed that instabil-
ity regards a single caisson.  

 
Table 5-14. Calibration factors for various failure modes in the subsoil incl. uncertainties 

Failure 

function 

Definition of the cali-

bration factor 

Expected 

value 

Uncer-

tainty 

Comments 

Slidtak1 (FG-FU)tan / FH 1.00 1% Horizontality 
err. 

RubSand2 {W1 + (FG-FU)1V / 
{(FH+FHU)1H} 

1.10 
1.05 

10% 
15% 

Non breaking 
Breaking 

CohSand2 {Wint + W1 + (FG-FU)1V / 
{(FH+FHU)1H} 

1.10 
1.05 

10% 
15% 

Non breaking 
Breaking 

SlidClay3 W1 /(FH+FHU) 0.96 
0.85 

4% 
10% 

Non breaking 
Breaking 

Rubsand4 {Wi + (FG-FU)1V / 
{(FH+FHU)1H} 

0.97 
0.87 

3% 
8% 

Non breaking 
Breaking 

RubClay8 {WI + (FG-FU)4V / 
{(FH+FHU)4H} 

0.96 
0.85 

4% 
10% 

Non breaking 
Breaking 

Bishop MR/MS 0.97 
0.87 

3% 
10% 

Non breaking 
Breaking 

5.4.1.6 System failure probability 

The considered failure modes are caisson sliding, rubble mound and subsoil fail-
ure. Failure probabilities and design point co-ordinates are given in the following 
table.  
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Table 5-15. Genoa Voltri hazard analysis for separate modes. 

  Design point of main variables 

Failure 

function 

Failure 

prob. In 

50 years 

Hso Sliding 

coeffi-

cient  

Rubble 

mound 

friction 

angle 1 

Rubble 

mound 

cohesion

Cohesion 

subsoil cu’ 

Slidtak1 2.3% 7.6 m 0.60    

Rubsand2 8.0% 7.0 m  43.0°   

CohSand2 2.9% 7.5 m  43.0° 19.8 kPa  

Rubsand4 11.5% 6.8 m  43.0°   

Slidclay3 8.2% 6.8 m  43.6°  84.1 kPa 

RubClay8 8.1% 6.8 m  43.5°  83.6 kPa 

Bishop 1.5% 7.8 m  42.8° 19.8 kPa 110.0 kPa 

 
Since model errors are considered, only the best equation (equation providing 

the least uncertainty) is used for each independent failure mode in system failure 
analysis. We judged that Slidtak1 is representative of caisson sliding over the 
base, Rubsand4 of rubble mound bearing capacity failure and Rubclay8 of subsoil 
bearing capacity failure. The overall failure probability results to be 15% (the 
lower and upper bounds are 14.7% and 15.2% respectively). The value should be 
taken as typical for structures of this kind recently designed in Europe. 

Rubsand4, i.e. bearing capacity failure in rubble mound causing sliding along a 
curved surface, results to be the most important failure mode.  This does not agree 
with the experienced failures (see for instance Oumeraci, 1994) since failure in 
the rubble mound is not commonly reported as a cause of breakwater failure (not 
as much as sliding at the caisson base). This could be due in some proportion to 
the specific design of Voltri rubble mound, that is evidently less wide at the har-
bour side than at the offshore side, or possibly to an erroneous evaluation of cali-
bration factor statistics, for instance to an underestimation of systematic effect of 
lateral friction, or else this failure mode that can represent an important horizontal 
displacement of caissons can be confused in prototype with caisson sliding on its 
base.  

The design wave conditions correspond actually to non breaking waves. 

5.4.1.7 Sensitivity analysis 

A sensitivity analysis of failure probability showed that future wave load is the 
greatest cause of uncertainty; second is the complex of model uncertainties and 
third foundation characteristics. 

The effect of the berm width at the harbour side was analysed showing that a 
wider berm would result in a significantly safer breakwater. 
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The effect of a real or apparent (representing the curvature of the failure 
boundary) cohesion in the rubble mound shows that even a smaller value than 
suggested by Japanese guidelines (12 compared to 20 kPa) combined with a cau-
tious tangent friction angle of 35° result in a significantly stronger rubble mound 
than for the equivalent secant friction angle 37° (8.2 % against 12.8 % failure 
probability). 

Similarly the use of Bishop failure function combined with a realistic curved 
contact surface between rubble mound and subsoil shows that failure probability 
estimated by Rubclay8 for a conventional geometry (plane horizontal base) is sig-
nificantly overestimated. As a consequence the system failure probability should 
be controlled by rubble mound failure more than shown by previous figures.  

5.4.1.8 Effect of breaking 

A Monte Carlo simulation was performed including the effect of possible break-
ing waves for sliding failure mode. In extreme conditions breakers do actually oc-
cur but failure probability does not increase since caisson would slide yet for 
lower non breaking waves. A similar result occurs obviously also for the critical 
rubble mound failure mode, showing that globally breaking even if possible does 
not influence the hazard of the analysed breakwater. 

5.4.1.9 Conclusions 

 The structure failure probability was found to be around 10-15%. 
 The critical failure mode is bearing capacity failure in the rubble mound. 
 A wider berm at the harbour side would significantly reduce the hazard. 
 The greater hazard originates from the intrinsic uncertainty of future 

waves. 
 Uncertainty in Goda formulae is relevant, but relevance would decrease if 

the better behaviour of the formulae for non breaking waves is considered. 
 Different model uncertainties, both for wave action and for foundation be-

haviour, should be applied for non breaking and breaking waves.  

5.4.2 Easchel breakwater 

5.4.2.1 Introduction 

The Easchel breakwater is a fictitious breakwater, placed on a thin bedding layer. 
The sea bottom consists of well-described Eastern Scheldt sand. The objective of 
this case study is twofold: 

1. Investigate the influence of a few geometric parameters of the breakwater 
on the probability of caisson instability (sliding along the base, bearing ca-
pacity failure of the rubble mound, bearing capacity failure of the subsoil); 
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2. Investigate the influence of model variations on the probability of caisson 
instability. 

Ad 1: The width of the caisson and the height of the top slab have been varied. 
The results lead to a modification of the original design; 

Ad 2: For the modified design, the following variations of models have been 
studied: 
 Two different models for wave breaking (Goda and linear wave theory); 
 Two alternatives for the loading of the breakwater (including or neglecting 

of impacts, see Chapter 2); 
 Two alternatives for the probability calculations (First Order Reliability 

Method or Monte Carlo, this chapter) 
 Foundation modelling on three levels of sophistication (feasibility level de-

sign, preliminary design and finite element modelling, see also Chapter 3). 
In this case study all failure probabilities are expressed per year. 

5.4.2.2 Breakwater geometry and boundary conditions 

The Easchel breakwater is built on a mildly sloping seabed. The slope equals 
0.4% for a long distance offshore. The depth at the toe is 12.6 m with respect to 
mean sea level. An overview of the breakwater cross section is given in Fig-
ure 5-12. 

 

 

Figure 5-12. Overview of breakwater cross section. 

 
The subsoil consists of Eastern Scheldt sand, which was thoroughly investi-

gated in the design phase of the Eastern Scheldt Storm Surge Barrier in the Neth-
erlands. For the properties of the rubble, expert estimates have been used. 
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Table 5-16. Overview of distributions of rubble properties. 

Variable Distribution type Mean Standard deviation 

Friction angle Normal 43 2.5 

Dilatancy angle Lognormal 10 1.4 

Density Deterministic 21 - 

Cohesion Deterministic 0 - 

 
Table 5-17. Overview of distributions of subsoil properties. 

Variable Distribution type Mean Standard deviation 

Friction angle Normal 37 2 

Dilatancy angle Lognormal 8 1.4 

Density Deterministic 21 - 

Cohesion Deterministic 0 - 

 
The hydraulic boundary conditions are given in Table 5-18. 
 

Table 5-18. Overview of hydraulic boundary conditions on deep water. 

Variable Distribution type Mean Standard deviation 

Water level (hw) Normal 0.2 0.2 

Significant wave height 
(Hs0) [m] 

Gumbel 5.05 0.63 

Wave steepness (s0p) [-] Lognormal 0.027 0.0068 

 
The breakwater is placed in an area with a negligible tidal difference. A small 

variation of the water level has been assumed. 
Generally, the wave height and the wave period are highly correlated. In a 

probabilistic calculation this correlation has to be taken into account. A descrip-
tion of the correlation by means of a physical relationship is generally to be pre-
ferred. Analysis of buoy measurements shows that the equivalent deep water 
wave steepness, defined as: 

 

2
2

0
0

p

g

s
p

T

H
s



  (5-35) 

 
is virtually statistically independent of the wave height. Therefore, the wave 

steepness has been used as input in the probabilistic calculation and the wave pe-
riod is derived from the wave height and the wave steepness. 
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5.4.2.3 Inshore wave climate 

For the reliability analysis, the wave conditions just in front of the breakwater are 
relevant. Several models for wave transformation in shallow water have been pro-
posed (Goda, 1985; Vrijling & Bruinsma, 1980; Battjes & Janssen, 1978). In this 
study the model of Goda and the model of Vrijling & Bruinsma (denoted as the 
Eastern Scheldt model) have been used. A sample of 10.000 wave heights is 
shown in Figure 5-13. 

 

 

Figure 5-13. Empirical distributions of significant wave height and maximum wave height in front 
of the breakwater. 

 
It appears that the Goda model results in slightly higher significant wave 

heights in front of the structure. However, the maximum wave heights, which are 
relevant for the force calculations, are higher for the Eastern Scheldt model. 
Analysis showed that the differences regarding the maximum wave height may be 
caused by one parameter which is chosen as a fixed value in the Goda model and 
which is treated as a random variable in the Eastern Scheldt model (Volume IId, 
section 5.2). 

5.4.2.4 Loading of the structure 

The loading of the structure has been determined in two different ways: 
 According to the classical Goda model, including the model uncertainty de-

rived by Bruining (1994); 
 According to the model developed in the PROVERBS project, as described 

in Chapter 2. 
The combination with the wave transformation model leads to a total of four al-

ternative force distributions. The resulting horizontal forces are shown in Fig-
ure 5-14. 
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Figure 5-14. Empirical distributions of horizontal wave force for four model combinations. 

 
For pulsating forces only, the influence of the higher maximum wave heights 

resulting from the Eastern Scheldt model is clearly visible. In case of the Goda 
wave breaking model, application of the impact model leads to an increase of the 
forces in the upper region of the distribution. In case of the Eastern Scheldt model 
the influence on the horizontal force is small. The influence is mainly found in the 
region around the 10-3 quantile. Since this is in the order of magnitude of the fail-
ure probability of the structure, application of the impact model does influence the 
failure probability in case of the Eastern Scheldt breaker model (see below). 

5.4.2.5 Influence of the breakwater geometry on the probability of caisson insta-

bility 

The influence of the caisson width and the thickness of the top slab have been in-
vestigated for the model combination Goda wave breaking / pulsating forces. The 
influence of the caisson width is shown in Figure 5-15. 
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Figure 5-15. Influence of caisson width on the probability of caisson instability. 

 
The top slab thickness is varied in such a way that the crest height of the 

breakwater remains constant, i.e. the crown wall is stepwise replaced by a thicker 
top slab. Figure 5-16 shows the resulting probability of caisson instability. 
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Figure 5-16. Influence of the top slab thickness on the probability of caisson instability. 

 
The results of the sensitivity analysis lead to a modification of the design. See 

Figure 5-17. 
 

 

Figure 5-17. Cross section of the modified design of the Easchel breakwater (dotted line: original 
design). 

5.4.2.6 Comparison of model combinations for pulsating wave loads 

For pulsating loads, eight model combinations have been used. An overview is 
given in Table 5-19. 
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Table 5-19. Overview of tested model combinations for quasi-static loads. 

No. Foundation model Wave breaking 

model 

Integration method 

1 Preliminary Goda FORM 

2   Monte Carlo 

3  Eastern Scheldt FORM 

4   Monte Carlo 

5 Feasibility Goda FORM 

6   Monte Carlo 

7  Eastern Scheldt FORM 

8   Monte Carlo 

 
An overview of the results is given in Figure 5-18. 
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Figure 5-18. Overview of calculated failure probabilities for different combinations of calculation 
method and foundation models (pulsating forces only). 

 
As expected, the feasibility design level models for the foundation tend to be 

more conservative than the preliminary design level models. This results in higher 
failure probabilities for this type of foundation models. Furthermore, the higher 
maximum wave heights for the Eastern Scheldt model lead to higher failure prob-
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abilities. Generally, the calculated failure probability is in the same order of mag-
nitude for FORM and Monte Carlo. 

Using the design points from the FORM calculations in a finite element model 
(PLAXIS) supports the conclusion that the feasibility models are the most conser-
vative. The PLAXIS results show that the feasibility models underestimate the 
wave load at collapse by approximately 30 % (compared to PLAXIS) and the pre-
liminary design models by approximately 10 % (Volume IId, section 5.2). 

5.4.2.7 The influence of impact loading 

The probability of failure under impact loading has been calculated using Monte 
Carlo analysis. As expected, application of impact loading leads to an increase of 
the failure probability. 
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Figure 5-19. Calculated failure probabilities for pulsating loads and for mixed loading (calculation 
method: Monte Carlo, Foundation model: preliminary design level). 

5.4.3 Reliability analysis of geotechnical failure modes for the Mutsu-Ogawara 

West breakwater 

5.4.3.1 Introduction 

A reliability analysis is performed with a breakwater with the same geometry as 
the Mutsu-Ogawara West breakwater in Japan. The geometry is shown in Fig-
ure 5-20. The wave conditions and the subsoil strength parameters are not known 
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such that a detailed stochastic model for these can be formulated. Therefore a rep-
resentative wave climate corresponding to the known design wave height is as-
sumed. Further, weak and strong subsoil models are formulated which represent 
typical strength parameters for sand (drained) and clay (undrained) subsoils. The 
design lifetime is 50 years. In this case study all failure probabilities are expressed 
per lifetime (see Figure 6.5, page 119 in Christiani, 1997). 

 

 

Figure 5-20. Mutsu-Ogawara breakwater. 

5.4.3.2 Stochastic models 

 
Wave height 
The maximum significant wave height HS

T  in the design lifetime T  is as-
sumed to be modelled on the basis of a limited number N  of wave height obser-
vations. An extreme Weibull distribution is used: 
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where   is the number of observations per year.  , u  and H '  are parameters 

to be fitted to the observed data. In order to model the statistical uncertainty u  is 
modelled as a Normal distributed stochastic variable with coefficient of variation 
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The design significant wave height is 8.0 m. It is assumed that N = 20 data has 
been used,  = 1,  = 0.90, u = 1.71 m and 'H 0 m.  

The model uncertainty related to the quality of the measured wave data is mod-
elled by a stochastic variable FHS

 which is assumed to be normal distributed 
with a coefficient of variation equal to 0.05 corresponding to good wave data.  

 
Wave load 
Both pulsating and impact wave loading are considered: 
 Pulsating wave loads are estimated using the Goda formula, see sec-

tion 2.4.1. The model uncertainties related to horizontal and uplift wave 
forces are assumed to be fully correlated. Also model uncertainties related 
to horizontal and uplift wave moments are assumed to be fully correlated. 

 Impact loading consisting of a horizontal and a vertical (uplift) part is esti-
mated by the model described in section 2.5.1. The model uncertainties re-
lated to the impact loads are described in detail in section 2.5.4 and mod-
elled by the stochastic variables no. 18, 19, 20 and 21, see Table 5-20. 

 
Geotechnical parameters 
The geotechnical parameters for the rubble mound material and the subsoil are 

not known for the Mutsu-Ogawara breakwater. Therefore representative strength 
parameters are used corresponding to weak and strong subsoils. Both sand 
(drained) and clay (undrained) subsoil models are considered. Further different 
values of the coefficient of variation of the strength parameters are investigated, 
see Table 5-20. Since the undrained shear strength for clay is modelled by a sto-
chastic field the correlation structure has to be specified. The expected value func-

tion  E c x zu ( , )  and the covariance function  C c x z c x zu u( , ), ( , )1 1 2 2  are as-

sumed to be: 
 

  zcczxcE uuu 10),(   (5-38) 

 

        2

2121
2

2211 expexp),(),,( xxzzzxczxcC
ucuu    (5-39) 

 
where ( , )x z1 1  and ( , )x z2 2  are two points in the soil. z  is the vertical coor-

dinate and x  is the horizontal coordinate. 
uc =30 kPa,  =0.33 1m  and 

  = 0.033 1m  are used. For weak clay : 0uc = 79 kPa and 1uc = 1 kPa/m. For 
strong clay : 0uc = 173 kPa and 1uc = 0 kPa/m. The statistical parameters for weak 
and strong sand subsoil can be seen in Table 5-20. 

The complete list of stochastic variables is shown in Table 5-20. 
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Table 5-20. Statistical model for Mutsu-Ogawara breakwater. W: Weibull, N: Normal, LN: Log-
Normal. 

i  X i  Description Mean Standard  

Deviation 

Distribu-

tion 

1 HS  Significant wave height 
[ m ] 

see above See above W 

2 u  Weibull parameter [ m ] 2 See above N 

3 FHS
 Model uncertainty on 

wave height 
1 0.05 N 

4 sM  Wave steepness factor 1 0.25 N 

5   Tidal elevation, maxi-
mum 0  = 0.8 m 

  Cosine 

6 UFH
 Model uncertainty hori-

zontal force 
0.90 0.2 N 

7 U FU
 Model uncertainty up-

lift 
0.77 0.2 N 

8 U MH
 Model uncertainty hori-

zontal moment 
0.81 0.40 N 

9 U MU
 Model uncertainty up-

lift moment 
0.72 0.37 N 

10  c  Average density of 
caisson [ t m/ 3 ] 

2.23 0.11 N 

11  1  Effective friction angle  
- rubble mound 

46 4.6 LN 

12  1  Angle of dilation – rub-
ble mound 

16.7 1.67 LN 

13  2  Effective friction angle 
- sand subsoil 

39.0/42.8 
weak/strong 

3.9 / 4.3 
weak/strong 

LN 

14  2  Angle of dilation – sand 
subsoil 

10.2/15.3 1.0 / 1.5 LN 

15 U  Clay strength 1 0 N 

16 f  Friction coefficient 0.636 0.0954 LN 

17 cu  Undrained shear 
strength for impact load

400 kPa 80 kPa LN 

18 k  Factor for impact load 0.086 0.084 LN 

19 c  Factor for impact load 2.17 1.08 LN 

20 R  Model uncertainty fac-
tor for impact rise time 

1 0.3 LN 

21 U I  Model uncertainty fac- 1 0.5 LN 
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tor for impact forces 

 

5.4.3.3 Reliability analysis 

The failure modes described in section 5.3.2 are used and the probability of fail-
ure within the design lifetime T  is estimated. Eleven limit state functions are 
formulated for the following failure modes: 
 sliding : 

1. sliding along the caisson base 
 Bearing capacity failure of the rubble mound: 

2. rupture in rubble along bottom of caisson 
3. rupture in rubble mound - straight rupture line 
4. rupture in rubble mound – curved rupture line  

 Bearing capacity failure of the subsoil (sand) 
5. rupture in subsoil along bottom of rubble mound 
6. rupture in rubble mound and sand subsoil – mode 1 
7. rupture in rubble mound and sand subsoil – mode 2 

 Bearing capacity failure of the subsoil (clay) 
8. rupture in subsoil along bottom of rubble mound 
9. rupture in rubble mound and clay subsoil – mode 1 
10. rupture in rubble mound and clay subsoil – mode 2 

 
In the case of impact loads and sand subsoil, the subsoil is assumed to behave 

as undrained and the following failure mode is investigated: 
 Bearing capacity failure of the subsoil (undrained, impact loads only): 

11. rupture in rubble mound and sand subsoil – mode 2 
 
Tables 5-21 and 5-22 show the results of a reliability analysis of the breakwa-

ter. Three different coefficients of variation for the soil strength parameters are 
investigated. The reliability analysis is performed using Monte Carlo simulation 
with 10.000 samples. The system probability of failure is taken as the maximum 
probability of failure for the individual failure modes. It is seen that if impact 
loading is taking into account then the probability of failure is very high, espe-
cially for weak clay subsoil. Further it is also seen that for clay subsoil it is very 
important if the strength is weak or strong. The importance of the coefficient of 
variation of the soil strength is only important for strong clay subsoil. Finally, it is 
seen that reasonable low and acceptable probabilities of failure are obtained for 
strong subsoils if model tests to determine the wave loads more accurate are per-
formed. 
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Table 5-21. Probability of failure in a lifetime of 50 years for sand subsoil. 

No impact load Impact load 

No model tests Model tests No model tests Model tests 

Coeffi-

cient of 

variation Weak Strong Weak strong Weak Strong Weak Strong 

0.05 0.065 0.037 0.0023 0.0023 0.29 0.27 0.25 0.25 

0.08 0.065 0.037 0.0023 0.0023 0.29 0.27 0.25 0.25 

0.10 0.065 0.037 0.0023 0.0023 0.29 0.27 0.25 0.25 

Probability of impact 0.26 

 
Table 5-22. Probability of failure in a lifetime of 50 years for clay subsoil. 

No impact load Impact load 

No model tests Model tests No model tests Model tests 

Coeffi-

cient of 

variation Weak Strong Weak Strong Weak Strong Weak Strong 

0.10 0.71 0.027 Weak 0.0023 0.76 0.27 0.82 0.25 

0.15 0.71 0.036 0.77 0.0037 0.76 0.27 0.80 0.25 

0.20 0.71 0.051 0.74 0.0180 0.76 0.28 0.78 0.26 

Probability of impact 0.26 

 
Table 5-23 shows the probability of failure for the different failure modes in 

the case of no impact loading taking into account and strong subsoil with coeffi-
cients of variation equal to 0.15 for clay and 0.08 for sand. It is seen that if no 
model tests are performed the most important failure modes are no. 7 (sand) 
and 10 (clay). If model tests are performed also failure mode 1 (sliding) can be 
important. In Volume IId, section 5.3, a more detailed description of the reliabil-
ity analyses is given including a description of the most important stochastic vari-
ables.  
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Table 5-23. Probability of failure for the case of no impact loading and strong subsoil with coeffi-
cients of variation equal to 0.15 for clay and 0.08 for sand. 

Failure mode no model tests model tests 

1 rubble mound 1.76 10-2 2.31 10-3 

2 4.02 10-4 2.32 10-7 

3 4.79 10-3 0  

4 4.80 10-7 0  

5 sand subsoil 2.00 10-4 0  

6 2.31 10-2 1.00 10-4 

7 3.73 10-2 3.00 10-4 

System / sand subsoil 3.73 10-2 2.31 10-3 

8 clay subsoil 1.12 10-2 0  

9 1.63 10-2 2.00 10-4 

10 3.62 10-2 3.70 10-3 

System / clay subsoil 3.62 10-2 3.70 10-3 

 

5.5 PERSPECTIVES 

5.5.1 Durability 

An important consideration in the design of concrete structures in seawater is that 
of durability. Chloride ingress, thought to be aided by loading induced cracking 
of the concrete threatens the steel reinforcement. Over time, the cross-section of 
the reinforcement will be reduced by corrosion, spalling will take place and fi-
nally the strength of the concrete structure will be impaired. 

Models to describe chloride ingress as a diffusion process are available. At this 
moment one has to rely however on measurements at the completed structure to 
estimate the necessary values of the diffusion coefficient. It is not yet possible to 
estimate these values just on the basis of the concrete specification. 

Also models to estimate the rate of the corrosion and the related reduction of 
the size of the reinforcement still have to be developed. In practice this is solved 
by designing the reinforcement on the basis of SLS conditions and limited crack-
width (typically 0.3 mm) with a safety factor of approximately 1.5. The result is 
that the ULS load can be easily withstood by the concrete structure and that the 
amount of reinforcement is decided by the limitation of the crack-width in the 
SLS condition. 
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To avoid uneconomic over-design, better models have to be developed that re-
late chloride ingress, which is thought to be accelerated by cracking, to the final 
failure of the structure with reduced reinforcement. 

5.5.2 Impacts 

The maximum force and the duration of impacts in prototype are still a matter of 
discussion. This will be solved by further research. 

In the mean time a designer should try to avoid creating impact conditions in 
front of the vertical breakwater. A study of the parameter map (Chapter 2) shows 
that impact can mostly be avoided by choosing the appropriate geometry for the 
caisson and the mound on which it is founded. 

5.5.3 Construction 

When, during the design of a breakwater one is presented with the choice between 
a rubble mound type and a vertical caisson breakwater a thorough consideration 
of the construction method and sequence should be made. It is clear that the 
transport and the placement of huge caisson structures without proper considera-
tion is more risky than the handling of classical armour elements on a rubble 
mound breakwater. Also unexpected settlements during construction are more 
easily accommodated by rubble mound structures than caisson structures. 

5.5.4 Reflection 

Without further measures, the reflection of the incoming waves by a vertical 
breakwater is nearly 100%, resulting in a confused sea in front of the structure 
that may cause hindrance to shipping. Perforating the front wall can to some ex-
tent reduce this effect. The effectiveness of the reduction for random seas with a 
peak frequency changing over time should be further studied. 

5.5.5 Shear keys 

A philosophy for the design of shear keys has to be developed. The central ques-
tion is to what extent a caisson may call on his neighbours during ULS conditions 
in short crested seas. It should be noted that a large dependency on shear key ac-
tion could lead to repeated movement of a single caisson during a subsequent 
wave crest and through 
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ANNEX 1 

Notations 

1.1 GENERAL SYNTAX 

At this stage the first draft consists of one list of notations and symbols in an al-
phabetical order as follows: 
 Latin characters 
 Greek characters 
 
Since the analysis of all model tests and prototype measurements are performed 

on computers a second column was added showing the corresponding computer 
notation of the parameter. Small and capital letters are used despite the fact that 
many computer systems ignore these cases. To meet this requirement repetition of 
parameters (small and capital characters) is avoided. Furthermore the syntax of 
the computer notation is kept close to the non ASCII list in order to ensure read-
ability and to avoid too many cross references to the list. The main purpose of this 
second column is to easily exchange data even if simple ASCII tables are used. It 
furthermore facilitates the use of simple headers in different charts or data bases 
used for analysis. 

There is a wide range of parameters and this list will most probably not cover 
the whole range. However, some of the parameters can easily be extended by add-
ing characters and without changing their general meaning. For example, the 
horizontal force at the breakwater Fh can be varied by adding "G" or "T" for rep-
resenting calculated forces by Goda or Takahashi, respectively. Accelerations and 
displacements are very often measured at specific loactions at the breakwater, so 
these locations should be added to the respective symbol eg "dh,b" for horizontal 
displacement at the back of the structure.  

As far as parameters describe stochastic parameters they should be underlined. 
Estimators for the variable x should be denoted as x̂  . 

All dimensions of the parameters (third column) are given in SI units. 
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1.2 LIST OF NOTATIONS AND SYMBOLS 

Param. Comp. Dim. Description 

 
A Acc  Accidental action 
A A m2 Area 
A0 A0 m2 Initial specimen cross section 
Ac Ac m Armour crest freeboard 
Ac Ac m2 Consolidated specimen cross section 
Ae Ae m2 Erosion area on cross-section 
Atr Atr  Area under curve over time tr 
Atd Atd  Area under curve over time td 
Att Att  Area under curve over time tt 
a a m Distance, geometrical data, empirical 

coefficient 
ah ah m/s2 Horizontal acceleration of structure 
ar ar m/s2 Rotational acceleration of structure 
av av m/s2 Vertical acceleration of structure 
 
B1,2 B1,2 m Structure width parameters 
Bb Bb m Width of rubble berm, at toe of wall 

(Figure 2) 
Bc Bc m Width of caisson / structure in x-

direction (Figure 2) 
Bcw Bcw m Width of crown wall  
Bc,eff Bceff m Width of caisson effective for foun-

dation 
Beq Beq m Width of rubble berm, averaged over 

height of berm (hb) 
Bn Bn - Bulk number of structure cross-

section, defined At/Dn50 

Bwl Bwl m Structure width at static water level 
b b m Width, empirical coefficient 
 
C, Ci, C  Empirical Coefficients 
Cc Cc - Coefficient of Curvature 

(D30)
2/(D60xD10) 

COG COG - Centre of gravity of caisson 
Cu Cu - Coefficient of Uniformity (D60/D10) 
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Cr Cr - Coefficient of reflection 
Cr(f) Cr_f - Reflection coefficient function 
c' cs kN/m2 Cohesion 
c0 c0 m/s Wave celerity in deep water 
cg cg m/s Group velocity  
cu cu kN/m2 Undrained shear strength 
cv cv m2/s consolidation coefficient 
cvp cvp m2/s consolidation coefficient due to 

compressibility of pore water 
cvs cvs m2/s consolidation coefficient due to 

compressibility of skeleton 
 
D Dd m Particle size or typical diameter 
D10 D10 mm 10% value of sieve curve (mean par-

ticle size at which 10% of the soil is 
finer) 

D100 D100 mm Maximum particle size 
D15 D15 mm 15% value of sieve curve 
D50 D50 mm Diameter of stone which exceeds the 

50% value of sieve curve (mean par-
ticle size) 

D85 D85 mm 85% value of sieve curve 
D85/D15 D85_15 - Armour grading parameter 
Dair Dair - Damping coefficient of entrapped air 

oscillations 
De De m Effective particle diameter 
Dn Dn m Nominal particle diameter, defined 

(M/r)
1/3) for rock and (M/c)

1/3 for 
concrete armour 

Dn50 Dn50 m Nominal particle diameter calculated 
from the median particle mass M50 

Dr Dr - Relative Density 
DSS DSS - Direct simple shear test 
d d m Water depth over berm in front of 

wall; diameter, also used as empiri-
cal coefficient 

dc dc m Depth of structure in foundation 
(Figure 2) 

dh dh mm Horizontal displacement of structure 
dr dr mm Rotational displacement of structure 
dt dt s Time increment (s. also t) 
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dtah dtah s Time of occurrence of ahmax relative 
to t0 

dtar dtar s Time of occurrence of armax relative 
to t0 

dtFh dtFh s Time of Fh,max relative to t0 (Figure 4) 
dtFhmin dtFhmin s Time of Fh,min relative to t0  
dtFeff dtFeff s Time of Feff,max relative to t0 
dtFtot dtFtot s Time of Ftot relative to t0  
dtFu dtFu s Time of Fu,max relative to t0 (Figure 4) 
dtFumin dtFumin s Time of Fu,min relative to t0  
dtFu,q dtFuq s Time of Fu,q relative to t0 (Figure 4) 
dtpMWLmax dtpMWLmax s Time of pMWLmax relative to t0 (Fig-

ure 4) 
dtpi dtpi s Time of pi,max relative to t0 
dtpu dtpu s Time of pu,max relative to t0 
dtMh dtMh s Time of Mhmax relative to t0 
dtMu dtMu s Time of Mumax relative to t0 
dtMt dtMt s Time of Mtmax relative to t0 
dxpu dxpu m Location of pressure transducer re-

cording maximum uplift pressure 
from front face of caisson 

dv dv mm Vertical displacement of structure 
dzpA/dxPA dzpA/dxpA m Location of pA, if not at point A 
dzpi dzpi m Location of pressure transducer re-

cording maximum horizontal pres-
sure, relative to base of caisson 

dzpMWL dzpMWL m Location of pressure transducer 
above MWL, relative to MWL 

 
E E MN/m2 Elasticity modulus 
E Eff  Effect of action 
 Err  Random error 
Ed Ed  Absorbed or dissipated wave energy 
Ei Ei  Incident wave energy 
Er Er  Reflected wave energy 
Et Et  Transmitted wave energy 
e e - Void ratio 
e e m Eccentricity of foundation load 
emax emax - Maximum void ratio 
emin emin - Minimum void ratio 
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F Fac  Action 
F Fl m Fetch length, used in wave genera-

tion calculations 
Feff Feff kN/m Effective force acting on caisson or 

crown wall element 
FG FG kN/m Gravity force (weight) of caisson or 

crown wall element  
Fh Fh kN/m Horizontal force on caisson or crown 

wall element 
Fh,99.9% Fh999 kN/m Horizontal force at 99.9% non-

exceedance level 
Fh,99.8% Fh998 kN/m Horizontal force at 99.8% non-

exceedance level 
Fh,99.0% Fh99 kN/m Horizontal force at 99.0% non-

exceedance level 
Fh,98.0% Fh98 kN/m Horizontal force at 98.0% non-

exceedance level 
Fh,95.0% Fh95 kN/m Horizontal force at 95.0% non-

exceedance level 
Fh,1/250 Fh1250 kN/m Mean of highest 1/250 horizontal 

wave forces 
Fh,base Fhbase kN/m Horizontal load of foundation per 

unit length at caisson-foundation in-
terface 

Fh,max Fhmax kN/m Maximum horizontal wave force 
(Figure 4) 

Fh,min Fhmin kN/m Minimum horizontal wave force 
(Figure 4) 

Fh,q Fhq kN/m Quasi-static horizontal force (Fig-
ure 4) 

Fh,sub Fhsub kN/m Horizontal load of subsoil per unit 
length at bedding layer-subsoil inter-
face 

FHs FHs - Uncertainty of Hs 
FS Fs - Factor of safety 
Ftot Ftot kN/m Maximum total force at back of 

structure 
Fu Fu kN/m Uplift force on caisson or crown wall 

element 
Fu,99.9% Fu999 kN/m Uplift force at 99.9% non-

exceedance level 
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Fu,99.8% Fu998 kN/m Uplift force at 99.8% non-
exceedance level 

Fu,99.0% Fu99 kN/m Uplift force at 99.0% non-
exceedance level 

Fu,98.0% Fu98 kN/m Uplift force at 98.0% non-
exceedance level 

Fu,95.0% Fu95 kN/m Uplift force at 95.0% non-
exceedance level 

Fu,1/250 Fu1250 kN/m Mean of highest 1/250 uplift wave 
forces 

Fu,max Fumax kN/m Maximum uplift wave force (Fig-
ure 4) 

Fu,min Fumin kN/m Minimum uplift wave force (Fig-
ure 4) 

Fu,q Fuq kN/m Quasi-static uplift force (Figure 4) 
Fu,Fhq FuFhq kN/m Uplift force at the same time of oc-

currence of Fh,q (Figure 4) 
Fv,base Fvbase kN/m Vertical load of foundation per unit 

length at caisson-foundation inter-
face 

Fv,sub Fvsub kN/m Vertical load of subsoil per unit 
length at bedding layer-subsoil inter-
face 

F* FRca - Dimensionless freeboard, defined 
(Rc/Hs)sm/2)1/2

 

F’ FRcb - Dimensionless freeboard, defined 
Rc/(Hs

2Lps)
1/3

 

f f Hz Wave frequency, general 
f fc, fs  kN/m2 Strength of a material 
fair fair Hz Frequency of entrapped air oscilla-

tions 
fm or fp fm or fp Hz Frequency of peak of wave energy 

spectrum 
fsam fsam Hz Sampling frequency 
f(H) f_H  Density function of H 
 
G G MN/m2 Shear modulus 
G Gac  Permanent action 
G(x) G_x  Design function, design condition 

satisfied when G0 
GF GF - Groupiness factor 
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Gmax Gmax MN/m2 Initial shear modulus 
GS GS - Specific gravity 
g ga m/s2 Gravitational acceleration 
g gf  Failure function 
 
H H m Wave height, from trough to crest 
H0 H0 m Deep water wave height 
H1/10 H110 m Average of the highest 1/10 wave 

heights in a record 
H1/3 H13 m Mean height of highest 1/3 of waves 

in a record 
H2% H2 m Wave height exceeded by 2% of 

waves in a record 
Hbc Hbc m Local critical breaking wave height 

which describe the transition from 
pulsating to impact conditions at the 
structure 

Hbs Hbs m Local maximum wave height on 
depth hs 

Hc Hc m Consolidated specimen height 
Hi Hi m Initial specimen height 
Hmax Hmax m Maximum wave height in a record 
Hm0 Hm0 m Significant wave height from spec-

tral analysis, defined 4.0m0
0.5 

Hnom Hnom m Nominal wave height, to be created 
at wave paddle 

Ho Ho m Offshore wave height, un-affected 
by shallow water processes 

Hrms Hrms m Root mean square wave height 
Hs Hs m Significant wave height, average of 

highest one-third of wave heights 
Hs' Hss m Threshold value of Hs 
Hs,100 Hs100 m Significant wave height reached 

once in 100 years 
s3T Hs3T m Central estimate of Hs exceeded once 

in 3T years 
Hsi Hsi m Significant inshore wave height, av-

erage of highest one-third of wave 
heights 

Hso Hso m Significant offshore wave height, 
average of highest one-third of wave 
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heights, un-affected by shallow wa-
ter 

sT HsT m Central estimate of Hs exceeded once 
in T years 

s3T Hs3T m Central estimate of Hs exceeded once 
in 3T years 

sTPf HsTpf m Central estimate of Hs corresponding 
to an equivalent return period TPf 

h... h... m Water depth in front of toe of struc-
ture; height 

h0 h0 m Water depth in deep water 
h1, h2 h1, h2 m Water depth over toe armour, over 

other points on structure cross-
section 

hb hb m Height of berm above sea bed (Fig-
ure 2) 

hc hc m Height of caisson / structure (Fig-
ure 2) 

hf hf m Exposed height on caisson / crown 
wall over which wave pressures act 
(Figure 2) 

hr hr m Depth of rubble core beneath caisson 
to sea bed (Figure 2) 

hs hs m Water depth at toe of structure / 
mound (Figure 2) 

hu hu m Setup heights within a permeable 
mound 

humax humax m maximum setup heights within a 
permeable mound 

h’ hd m Water depth from base of caisson 
 
I Ixx, Iyy etc m4 2nd moment of area 
ID ID - Density index 
Ih Ih kNs/m Impulse of horizontal force at front 

face of breakwater 
Ihr Ihr kNs/m Impulse of horizontal force at front 

face of breakwater (integrated over 
tr) 

Ihd Ihd kNs/m Impulse of horizontal force at front 
face of breakwater (integrated over 
td) 



Notations   9 

9 

Ihq Ihq kNs/m Impulse of horizontal force at front 
face of breakwater (integrated over 
tq) 

Iht Iht kNs/m Impulse of horizontal force at front 
face of breakwater (integrated over 
tt) 

Ir Ir - Iribarren or surf similarity number = 
tan  / s1/2 

Iur Iur kNs/m Impulse of uplift force on base of 
breakwater (integrated over trFu) 

Iud Iud kNs/m Impulse of uplift force on base of 
breakwater (integrated over tdFu) 

Iuq Iuq kNs/m Impulse of uplift force on base of 
breakwater (integrated over tqFu) 

Iut Iut kNs/m Impulse of uplift force on base of 
breakwater (integrated over ttFu) 

i i - Hydraulic gradient; radius of gyra-
tion 

 
K K MN/m2 Compressibility modulus of soil 

skeleton 
K'0 Ks0 - Coefficient of lateral earth pressure 

at rest 
Kc Kc - Stress ratio during consolidation 

('1c/'3c) 
KD KD  Empirical damage coefficient used in 

Hudson equation 
KDZ KDZ  Coefficient used in Hudson's equa-

tion for 'zero damage' 
KR KR - Resistance or strength coefficient 
KRR KRR  Damage coefficient used in Hudson's 

equation for rip-rap armour 
Ks Ks - Load coefficient 
Kx Kx MN/m3 Stiffness of foundation in x-direction 
K Kphi MN/m3 Stiffness of foundation for rotational 

moment 
Kw Kw MN/m2 Compressibility modulus of pore wa-

ter 
k k - Wave number = 2/L 
k k m/s Darcy permeability 
kb kb - Empirical factor for the influence of 
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relative berm length, Beq/d, on break-
ing wave heights 

kx kx MN/m spring coefficient of foundation for 
movement in x-direction 

k, k   Failure mode coefficients 
k kphi MN/m spring coefficient of foundation for 

rotational movement 
 
L... L... m Wave length, in the direction of 

wave propagation 
Lm Lm m Deep water wave length related to 

mean (Tm) period 
Lo Lo m Deep water wave length - gT2/2 
Lp Lp m Deep water wave length related to 

peak (Tp) period 
Lpi Lpi m Local inshore wave length related to 

peak period at structure, given ap-
proximately by 
(gTp

2/2) [tanh(42hs/gTp
2]1/2 

L* Ls m Penetration length used in set-up 
calculations 

l l m Length, span 
l* ls m Penetration length used in set-up 

calculations 
lc lc m Length of the caisson in y-direction 
lFh lFh m Lever arm of Fh, related to bottom of 

structure (Figure 3) 
lFu lFu m Lever arm of Fu, related to shoreward 

side of structure (Figure 3) 
 
M... M... kNm/m Overturning or bending moment 
M50 M50 t Median mass or armour unit derived 

from the mass distribution curve 
Mbase Mbase kNm/m Moment load on foundation per unit 

length at caisson-foundation inter-
face 

Mhmax Mh kNm/m Maximum horizontal moment 
MhFhq MhFhq kNm/m Horizontal moment at time of maxi-

mum horizontal quasi-static force 
Msub Msub kNm/m Moment load on subsoil per unit 

length at bedding layer-subsoil inter-
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face 
Mcmax Mc kNm/m Maximum overturning moment due 

to vertical force on crest 
Mtmax Mt kNm/m Maximum total moment due to all 

wave loads 
Mumax Mu kNm/m Maximum uplift moment 
MuFhqx MuFhq kNm/m Uplift moment at time of maximum 

horizontal quasi-static force 
MtFhq MtFhq kNm/m Total moment at time of maximum 

horizontal quasi-static force 
m m - Cotangent of bed slope; if not uni-

form, then average over length 5Lop 
from structure;  

m m t mass 
m0 m0  Zeroth moment of the wave energy 

density spectrum 
m2 m2  Second moment of the wave energy 

density spectrum 
ma ma t Mass of armour unit 
mcai mcai kg/m mass of caisson (per unit length) 
 
N... N... - Number of values 
N Nax kN Axial force 
Na Na - Total number of armour units in area 

considered 
Nd Nd - Number of armour units displaced, 

usually by more than D 
Neqv Neqv - Equivalent number of cycles 
Nf Nf - Number of cycles to failure 
NH NH - Number of events; used as number 

of Hs values in analysis of extreme 
values 

Nod Nod - Number of armour units displaced 
per Dn width 

N%d Npd - Number of armour units displaced, 
expressed as a % of total number of 
units in area studied - (Nd/Na) x 
100% 

Nr Nr - Number of armour units rocking 
Ns Ns - Stability number, Hs/Dn = (KD 

cot )1/3 
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Ns* Nss - Spectral stability number - 
Hs/Dn(1/sp)

1/3 
NT NT - Number of storms in the observation 

period 
Nwo Nwo - Number of waves overtopping ex-

pressed as proportion or % of total 
incident 

Nz Nz - Number of zero-crossing waves in a 
record = TR/Tm 

n n - Porosity 
nmax nmax - Maximum porosity 
nmin nmin - Minimum porosity 
nv nv - Volumetric porosity, volume of 

voids expressed as proportion of to-
tal volume 

 
OCR OCR - Overconsolidation ratio 
 
P... P... - Encounter probability, also notional 

permeability factor used in calcula-
tion of armour stability 

P PS kN Pre-stressing force 
Pas Pas - Notional permeability factor used in 

calculation of armour stability 
Pb% Pbp % Percentage of waves which are 

breaking or broken at the structure 
Pf Pf - Target probability of failure 
P(x) Pf_x - Probability function 
Pi% Pip % Percentage of waves which may 

break directly onto the structure 
POT POT  Peak-over-threshold analysis 
p p kPa Pressure (eg pore pressure or wave 

pressure) 
p' ps kN/m2 Average effective stress, ('1 + '3)/2 
p'o po kN/m2 Effective overburden stress 
p1 p1 kPa Pressure at the front face of the 

structure at MWL (Figure 3) 
p2 p2 kPa Extrapolated pressure below the core 

beneath the structure (Figure 3) 
p3 p3 kPa Pressure at the bottom of the struc-

ture (Figure 3) 
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p4 p4 kPa Pressure at the crest of the structure 
(Figure 3) 

pa pa kPa Atmospheric pressure 
pAmax pAmax kPa Maximum pressure at or near point 

A, at the lowest point on the exposed 
face of the caisson 

pc pc kN/m2 Pre-consolidation stress 
pi,max pimax kPa Maximum impact pressure at the 

front face of the breakwater 
pMWLmax pMWLmax kPa Impact pressure at the front face of 

the breakwater close to mean water 
level 

pu,max pumax kPa Maximum uplift pressure at the bot-
tom of the breakwater 

p(x) pdf_x - Probability density function 
 
Q Q  Mean overtopping discharge, per 

unit length of structure 
Q Qvar  Variable action 
Q* Qsa - Dimensionless overtopping dis-

charge, defined q/(TmgHs) 
Q# Qss - Dimensionless overtopping dis-

charge, defined q/(gHs
3)0.5 

Qo Qo - Overtopping coefficient, having di-
mensions of q 

Qbs Qbs - Beach sediment transport rate 
Qo Qo m3/m Overtopping coefficient, having di-

mensions of q; also used as beach 
sediment transport rate 

Qp Qp  Peakedness factor 
 
q q kN/m2 Deviator stress, ('1 - '3)/2 
qc qc MN/m2 Cone resistance 
qo qo m3/m Volume of overtopping per wave 

and per unit length of structure 
qs qs  Superficial velocity; or specific dis-

charge, discharge per unit area, usu-
ally through a porous matrix 

qv qv  Discharge velocity in porous flow 
 
R R - General strength or resistance of the 
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system in reliability analysis 
R... R...  Return period 
Rc Rc m Crest freeboard, level of crest less 

static water level 
Rch Rch  Characteristic strength 
Rf Rf  Roughness of rockfill 
Ru Ru m Run-up level, relative to static water 

level 
Rus Rus m Run-up level of significant wave 
Ru2% Ru2 m Run-up level exceeded by 2% of 

run-up crests 
R* Rcs - Dimensionless freeboard, defined in 

terms of the steepness of the mean 
wave period, R*m = (Rc/Hs)(sm/2)1/2 

R*p Rcp - Dimensionless crest height for low-
crest or reef breakwaters, defined 
(Rc/Hs)(sp/2)1/2 

Rd98% Rd98  Run-down level, below which only 
2% pass 

r r m Radius 
r rr - Roughness or run-up reduction coef-

ficient, usually relative to smooth 
slopes 

r rcc - Correlation coefficient 
 
S S kN/kNm Internal forces and moments 
Sd Sd - Damage number for (rock) armoured 

slopes = Ae/Dn50
2; also used as a gen-

eral load or surcharge on the system 
in reliability analysis 

Sch Sch  Characteristic load or surcharge 
S(f) S_f  Spectral density 
Sr Sr  Rock strength 
SR SRr  Degree of saturation 
S s - Wave steepness = 2H / gT2 

sm sm - Deep water wave steepness related to 
mean wave period = 2H/gTm

2 
sp sp - Deep water wave steepness related to 

peak wave period = 2H/gTp
2 

 
T... T s (Regular) wave period 



Notations   15 

15 

T Tdl  Structural, economic, or design life-
time (in years) 

T Tors kNm Torsional moment 
TH110 TH110 s Wave period associated with H1/10 
TH13 TH13 s Wave period associated with H1/3 
THm THm s Wave period associated with Hm 
THmax THmax s Wave period associated with Hmax 
Tm Tm s Mean wave period 
Tnom Tnom s Nominal wave period, to be created 

at wave paddle 
TN,x TNx s  Natural period for movement in x-

direction 
TN, TNphi s  Natural period for rotational 

movement 
TN,1 TN1 s  Largest natural period of coupled 2-

degrees-of-freedom motion 
TN,2 TN2 s  Smallest natural period of coupled 

2-degrees-of-freedom motion 
TPf Tpf - Return period = (1 - (1 - Pf)

1/T)-1 
Tp Tp s Wave period of spectral peak, in-

verse of peak frequency 
TR TR s Length of wave record, duration of 

sea state 
Ts Ts s Wave period associated with Hs, not 

statistically significant 
Tsi Tsi s Wave period associated with Hsi 
Tso Tso s Wave period associated with Hso 
Tx Tx  Triaxial test 
t t s Time 
t th m Thickness 
tpimax tpi s Time of maximum impact pressure 

pi,max 
tpMWL tpMWL s Time of impact pressure at MWL 

pMWL 
tpumax tpu s Time of maximum uplift pressure 

pu,max 
tr tr s Rise time, generally for horizontal 

force Fh (Figure 4) 
trFu trFu s Rise time for uplift force Fu 
td td s Duration of horizontal force impact, 

relative to t0 (Figure 4) 
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tdFu tdFu s Duration of uplift force impact, rela-
tive to t0Fu (Figure 4) 

t0 t0 s Index time of start of (horizontal 
force) event, relative to test duration 
(Figure 4) 

t0Fu t0Fu s Index time of start of uplift event, 
relative to test duration (Figure 4) 

tq tq s Time of maximum horizontal quasi-
static force, relative to t0 (Figure 4) 

tqFu tqFu s Time of maximum uplift quasi-static 
force, relative to t0Fu (Figure 4) 

tt tt s Total duration of event, relative to t0 
(Figure 4) 

ttFu ttFu s Total duration of uplift event, rela-
tive to t0Fu (Figure 4) 

 
U10 U10 m/s Wind speed, particularly at 10m 

above water surface 
u u kN/m2 Excess pore water pressure 
u u m/s Component of velocity along x axis 
ua ua kN/m2 Average pore pressure, (umax + umin)/2 
ucy ucy kN/m2 Cyclic pore pressure, (umax - umin)/2 
up up kN/m2 Permanent pore water pressure. This 

corresponds to the pore pressure at 
the end of a complete load cycle, 
when the shear stress returns to the 
original shear stress ( = a) 

umax umax kN/m2 Maximum pore water pressure 
umin umin kN/m2 Minimum pore water pressure 
 
V V kN Shear force 
Vo Vo m3 Initial specimen volume 
Vc Vc m3 Consolidated specimen volume 
v v m Component of displacement of a 

point 
v v m/s Component of velocity along y axis 
 
W... W...  Armour unit weight 
W Wsec  Section modulus 
W50 W50 tm2/s2 Median armour unit weight 
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w w m/s Component of velocity along z axis 
w w % Water content 
 
X X  Value of a property of a material 
X, X1, X2 X, X1, X2  Variable, example values of X 
 xmean  Mean value of variable 
x x  x-axis, perpendicular to front face of 

caisson, x = 0 at the face (Figure 1) 
xCOG xCOG m  x-value of centre of gravity 
 
Y, Y1, Y2 Y, Y1, Y2  Variable, example values of Y; also 

X+E 
y y  y-axis, longitudinal direction of the 

breakwater, y = 0 in the middle of 
one section (Figure 1) 

 
Z ZPf  Stochastic variable signifying reli-

ability of failure function, also reli-
ability function = R-S 

z z m z-axis, vertical direction, positive 
upwards, z = 0 at seabed (Figure 1) 

zCOG zCOG m  z-value of centre of gravity 
 
 alpfs  Structure front slope angle to hori-

zontal; also used as a coefficient 
 alpd - Distribution parameter 
 alpPM - Coefficient in PM spectrum 
c alpc - Initial breakwater response slope, 

defined At / hc’
2 

 
 BETA  Direction of wave propagation rela-

tive to normal to breakwater align-
ment 

 betd  Distribution parameter 
 betr  Reliability index 
T betT  Target reliability index 
 
 GAM  Gamma function, also Poisson ratio 
 gam  Partial safety coefficient, also shear 

strain 
1 gam1  Partial coefficient related to charac-
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teristic value of Xi 
a gama - Average shear strain = (max + min)/2 
c gamc kN/m3 Weight density of caisson 
cy gamcy - Cyclic shear strain = (max - min)/2 
Hs gamHs  Partial coefficients on the wave 

height Hs 
JS gamJS - Peak factor of JONSWAP spectrum 
max gammax - Maximum shear strain within a cycle 
min gammin - Minimum shear strain within a cycle 
p gamp - Permanent shear strain. This corre-

sponds to shear strain at the end of a 
complete load cycle, when the shear 
stress returns to the original shear 
stress ( = a) 

R gamR kN/m3 Weight density of rubble 
S gamS kN/m3 Weight density of subsoil 
W gamW kN/m3 Weight density of water 
Z gamZ  Reliability function for the formula 

adopted Z 
 
 DEL - Reduced relative density, eg. 

(r/w)-1 
f DELf Hz Frequency increment 
 DELH m Change of specimen height 
t DELt s Time interval between samples 
 
 eps - Linear strain 
a epsa - Axial strain 
vol epsvol - Volumetric strain 
 
(t) eta_t m Surface elevation function referred 

to the mean water level (MWL) 
c etac m Wave crest elevation referred to 

MWL 
max etamax m Maximum wave crest elevation in a 

record referred to MWL 
min etamin m Minimum wave crest elevation in a 

record referred to MWL 
O etaO - Safety coefficient related to over-

turning calculated from equilibrium 
of moments 
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S etaS - Safety coefficient related to sliding 
calculated from equilibrium of forces 

t etat m Wave trough elevation referred to 
MWL 

 
 THE  Direction of wave propagation rela-

tive to north 
 
 lam - Model / prototype scale ratio; slen-

derness ratio 
a lama - Fraction of air (aeration) 
Hs lamHs - Average number of Hs data values 

per year, H/T  
 
 mu - Coefficient of friction, particularly 

between concrete elements and rock 
x mux  Mean of value ((x)) 
 
 xi - Iribarren number or surf similarity 

parameter, = tan/s1/2 
m xim - Iribarren number calculated in terms 

of sm 
p xip - Iribarren number calculated in terms 

of sp 
c xic - Critical value of Iribarren number 

distinguishing plunging from surging 
breakers 

 
 rho t/m3 Mass density, usually of fresh water 
a rhoa t/m3 Mass density of armour units 
c rhoc t/m3 Mass density of caisson or concrete 
r rhor t/m3 Mass density of rock 
s rhos t/m3 Mass density of soil 
sp rhosp t/m3 Mass density of soil particles 
w rhow t/m3 Mass density of sea water 
 
 sig kN/m2 Normal stress 
' sigs - Normalised standard deviation /, 

also effective normal soil stress 
'1c sig1c kN/m2 Major effective principal stress dur-

ing consolidation 
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'3c sig3c kN/m2 Major effective principal stress dur-
ing consolidation 

'a siga kN/m2 Axial effective stress during consoli-
dation 

'vc sigvc kN/m2 Vertical effective stress during con-
solidation 

'oct sigoct kN/m2 Octahedral effective normal stress 
'h sigh kN/m2 Horizontal effective stress 
'r sigr kN/m2 Radial effective stress 
1 sig1 kN/m2 Major principal stress 
 
FHs sigFHs - Standard deviation of FHs 
xx sigxx kN/m2 Normal stress in x-plane 
yy sigyy kN/m2 Normal stress in y-plane 
zz sigzz kN/m2 Normal stress in z-plane 
(x) sig_x - Standard deviation of x 
 
 tau kN/m2 Shear stress of rock mound or soil 
a taua kN/m2 Average shear stress 
cy taucy kN/m2 Cyclic shear stress (single ampli-

tude) 
f tauf kN/m2 Shear stress at failure 
fcy taufcy kN/m2 Cyclic shear stress, ( + cy)f 
h tauh kN/m2 Shear stress on horizontal plane 
max taumax kN/m2 Maximum shear stress 
min taumin kN/m2 Minimum shear stress 
o tauo kN/m2 Initial shear stress 
ref tauref kN/m2 Reference stress 
 
N PHIN  Normal distribution 
B(-) PHIN_b  Distribution function of the normal 

distribution 
 phi  Angle of internal friction of rock or 

soil 
 phi rad Rotational motion of the caisson / 

structure (Figure 2) 
R phiR  Angle of internal friction of rubble 
S phiS  Angle of internal friction of subsoil 
'peak phip  Angle of internal friction at peak 

stress 
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 ups - Damage, = Nd/Na 
 
 psi  Dilation angle (note - upper case) 
   Factors defining representative value 

of variable actions 
    0 for combination values; 
    1 for frequent values; 
    2 for quasi-permanent values. 
 
 ome rad/s Angular frequency, = 2f 
 
 
 
Subscripts for Chapter 4: 
 
a  structural steel 
c  concrete 
c  compression 
cr (or crit)  critical 
d  design 
dst  destabilising 
dir  direct 
eff  effective 
ext  external 
f  flange 
F (or P)  action 
g (or G)  permanent action 
h  high ; higher 
ind  indirect 
inf  inferior ; lower 
int  internal 
k  characteristic 
l  lower ; low 
m (or M)  material 
m  bending 
m  mean 
max  maximum 
min  minimum 
nom  nominal 
p (or P)  pre-stressing force 
pl  plastic 
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ps  pre-stressing steel 
q (or Q)  variable action 
R  resistance 
rep  representative 
s  reinforcing steel 
S  internal moments and forces 
stb  stabilising 
sup  superior ; upper 
t (or ten)  tension 
t (or tor)  torsion 
u  ultimate 
v  shear 
w  web 
x,y,z  co-ordinates 
y  yield 
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1.3 FIGURES 

 

 

Figure 1. Coordinate system 
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Figure 2. Definition of geometric parameters. 

 
 
 

 

Figure 3. Definition of loading of structure. 
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Figure 4. Definition of time series analysis. 



26   Probabilistic Design Tools for Vertical Breakwaters 

26 

ACKNOWLEDGEMENTS 

This report results from collaboration of all partners within PROVERBS (Prob-
abilistic Design Tools for Vertical Breakwaters) in the framework of MAST III 
under contract number MAS3-CT95-0041. However, significant contributions by 
HR Wallingford for the first draft; DG, UoS, DUT and NGI for detailed com-
ments and discussions of the succeeding drafts are gratefully acknowledged. 

REFERENCES 

CIRIA/CUR (1991): Manual on the use of rock in coastal and shoreline engineering. Rotterdam, 
The Netherlands / Brookfield, USA: A.A. Balkema, 607 pp. 

PIANC (1986): List of sea state parameters. Supplement to Bulletin. Permanent International Asso-

ciation of Navigation Congresses, IAHR - Working Group on Wave Generation and Analysis, 
Brussels, Belgium, vol. 52, 23 pp. 

 



1 

ANNEX 2 

Full addresses of contact persons from partner institutes 

 01 LWI Prof. H. Oumeraci 
   TU Braunschweig 
   Abteilung Hydromechanik und Küsteningenieurwesen 
   Beethovenstr. 51a 
   DE-38106 Braunschweig / GERMANY 
   Tel: 0531/391-3930 
   Fax: 0531/391-8217 
   email: h.oumeraci@tu-bs.de 

 
 02 HR Prof. N.W.H. Allsop 
   HR Wallingford Ltd. 
   - 
   Howbery Park 
   GB-Wallingford OX10 8BA / U.K. 
   Tel: +44 1491 822 230 
   Fax: +44 1491 825 539 
   email: nwha@hrwallingford.co.uk 

 
 03 DG M.B. De Groot 
   GeoDelft (previously Delft Geotechnics) 
   P.O. Box 69 
   NL-2600 AB Delft / THE NETHERLANDS 
   Tel: +31 15 2693 787 
   Fax: +31 15 2610 821 
   email: dgo@geodelft.nl 

 
 04 UoS Prof. R.S. Crouch 
   University of Sheffield 
   Sir Frederick Mappin Building 
   Mappin Street 
   GB-Sheffield S1 3JD / U.K. 
   Tel: +44 114 222 5716 
   Fax: +44 114 222 5700 
   email: r.crouch@sheffield.ac.uk 

 



2   Probabilistic Design Tools for Vertical Breakwaters 

2 

 05 DUT Prof. J.K. Vrijling 
   Delft University of Technology 
   Hydraulic and Offshore Engineering Section 
   Stevinweg 1 
   NL-2628 CN Delft / THE NETHERLANDS 
   Tel: +31 15 278-5278 
   Fax: +31 15 278-5124 
   email: a.ramdjan@ct.tudelft.nl 

 
 06 AU Prof. H.F. Burcharth 
   Aalborg University 
   Sohngaardsholmsvej 57 
   DK-9000 Aalborg / DENMARK 
   Tel: +45 9635 8482 
   Fax: +45 9814 2555 
   email: burcharth@civil.auc.dk 

 
 07 BrU Prof. D.H. Peregrine 
   University of Bristol 
   University Walk 
   GB-Bristol BS8 1TW / U.K. 
   Tel: +44 117 928-7971 
   Fax: +44 117 928-7999 
   email: d.h.peregrine@bristol.ac.uk 

 
 08 CEP B.G. Madrigal 
   Centro De Estudios De Puertos Y Costas (CEPYC) 
   c./ Antonio Lopéz 81 
   ES-28026 Madrid / SPAIN 
   Tel: +34 1 335 7625 
   Fax: +34 1 335 7622 
   email: braulio.g.madrigal@cedex.es 

 
 09 DH Dr. M.R.A. Van Gent 
   Delft Hydraulics 
   P.O. Box 177 
   NL-2600 MH Delft / THE NETHERLANDS 
   Tel: +31 15 285 8846 
   Fax: +31 15 285 8582 
   email: marcel.vangent@wldelft.nl 

 



Addresses of PROVERBS partners   3 

 10 PM Prof. L. Franco 
   Politecnico di Milano 
   32 Pzz. Leonardo da Vinci 
   IT-20133 Milano / ITALY 
   Tel: +39 02 2399 6297 
   Fax: +39 02 2399 6298 
   email: leofranc@fenice.dsic.uniroma3.it 

 
 11 UoP P.J. Hewson 
   University of Plymouth 
   Palace Street 
   GB-Plymouth PL1 2DE / U.K. 
   Tel: +44 1752 233652 
   Fax: +44 1752 233658 
   email: phewson@civ.plym.ac.uk 

 
 12 UoB Prof. A. Lamberti 
   Università degli Studi di Bologna 
   Viale del Risorgimento 2 
   IT-40136 Bologna / ITALY 
   Tel: +39 051 644-3749 
   Fax: +39 051 644-8346 
   email: alberto@idraulica.ing.unibo.it 

 
 13 UGE Prof. W. Richwien 
   Universität Gesamthochschule Essen 
   Universitätsstr. 15 
   DE-45117 Essen / GERMANY 
   Tel: +49 201 183-2857 
   Fax: +49 201 183-2870 
   email: igb010@sp2.power.uni-essen.de 

 
 14 ULH Prof. M. Bélorgey 
   Université de Caen 
   Laboratoire de Mécanique 
   Rue de tilleuls 24 
   FR-14000 Caen / FRANCE 
   Tel: +33 231 565 711 
   Fax: +33 231 565 757 
   email: belorgey@meca.unicaen.fr 

 



4   Probabilistic Design Tools for Vertical Breakwaters 

4 

 15 SOG A. Martinez 
   Sogreah Ingenierie SNC 
   Rue de Lorraine 6 
   FR-38130 Echirolles / FRANCE 
   Tel: +33 47633 4079 
   Fax: +33 47633 4296 
   email: martinez@sogreah.fr 

 
 16 NGI T.J. Kvalstad 
   Norwegian Geotechnical Institute 
   P.O. Box 3930 Ullevaal Hageby 
   N-0806 Oslo / NORWAY 
   Tel: +47 220 23046 
   Fax: +47 222 30448 
   email: tk@ngi.no 

 
 17 UE T. Bruce 
   University of Edinburgh 
   The King's Buildings 
   GB-Edinburgh EH9 3JL / U.K. 
   Tel: +44 131 650 8701 
   Fax: +44 131 667 3677 
   email: tom.bruce@ed.ac.uk 

 
 18 CU Dr. I.J. Losada 
   Universidad de Cantabria 
   Grupo de Ingenieria Oceanografica y de Costas 
   Avda. de los Castros S/N 
   ES-39005 Santander / SPAIN 
   Tel: +34 42 201810 
   Fax: +34 42 201860 
   email: inigo@puer.unican.es 

 
 19 QuB G. Müller 
   Queens University of Belfast 
   Stranmills Road 
   Belfast BT7 1NN / NORTHERN IRELAND 
   Tel: +44 1232 274517 
   Fax: +44 1232 663754 
   email: g.muller@qub.ac.uk 

 



Addresses of PROVERBS partners   5 

 20 UoN Prof. E. Benassai 
   Università degli Studi di Napoli "Frederico II" 
   Via Claudio n. 21 
   IT-80125 Napoli / ITALY 
   Tel: +39 081 7683444 
   Fax: +39 081 5938936 
   email: benassai@ds.unina.it 

 
 21 BV D. Berdin 
   Bureau Veritas 
   17 bis Place des Reflets 
   FR-92400 Courbevoie / FRANCE 
   Tel: +33 1 4291 5291 
   Fax: +33 1 4291 5345 
   email: dberdin@bureauveritas.com 

 
 22 STC J.-B. Kovarik 
   Service Technique Central 
   B.P. 53 - boulevard Gambetta 2 
   FR-60321 Compiègne / FRANCE 
   Tel: +33 344 926027 
   Fax: +33 344 200675 
   email: jb.kovarik@stcpmvn.equipement.gouv.fr 

 
 23 ENEL M. De Gerloni 
   ENEL Società per Azioni 
   Centro di Ricerca Idraulica e Strutturale 
   Via Ornato 90/14 
   IT-20162 Milano / ITALY 
   Tel: +39 02 7224 3634 
   Fax: +39 02 7224 3530 
   email: degerloni@cris.enel.it 

 


	1 General introduction, selected key results and conclusionsof the overall project
	2 Hydraulic aspects
	3 Geotechnical aspects
	4 Structural aspects
	5 Probabilistic design tools and applications
	ANNEX 1 Notations
	ANNEX 2 Full addresses of contact persons from partner institutes

