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Soil-retaining structures offer the possibility to reduce the
necessary space for the development of structures
for buildings and for infrastructure. Besides that soil
retaining structures enables to build below the soil surface
and underground. For the development of infrastructure,
for our densely populated cities, it becomes increasingly
difficult to realise the necessary infrastructure for transport,
water-management and water-defence. On the one hand
there is insufficient space for conventional construction
methods and on the other hand society enforces
restrictions, taking into consideration the need to conserve
environmental values.

In order to design the necessary structures, safe and
reliable, one needs to have models for structural analysis.
In this study the models being evaluated are numerical
models, mostly based on finite element techniques.
To develop these models a frame of reference for the
verification and validation of these models is described
and applied.

In the study of block revetments, the modelling of ground-
water flow is being described. The model is verified for
turbulent flow in coarse filter material. Besides that a simple
model to evaluate the stability against sliding of revetments
is being evaluated in a field study on block-mattresses.

In the study of flexible retaining wall, the development and
verification of a plane strain finite element model is
described. The validation of this type of model is described
in a field study on a sheet pile wall.

The number of tunnels bored in soft soil is increasing. This
type of structure offers large opportunities for our densely-
populated cities. In the chapter on bored tunnels, the
problems of tunnelling in soft soil is discussed. In a field
study on the construction of the Second Heinenoord tunnel,
in the Netherlands, both empirical models as well as the
finite element models are being evaluated.
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STELLINGEN

Bij het optimaliseren van civiel technische constructies in de infra-
structuur van een land dient te worden uitgegaan van optimalisatie van
het collectieve profijt op lange termijn. In die zin is het streven om al-
leen de kosten te minimaliseren een te beperkt uitgangspunt. Zie hoofd-
stuk 2 van dit proefschrift

Grondwaterstroming kan in een zwakke formulering worden opgelost
onder toepassing van het principe van virtuele arbeid. Zie hoofdstuk 4
van dit proefschrift

Voor het formuleren van richtlijnen voor het ontwerpen van constructies
is een goede kennis van de bezwijkmechanismen onontbeerlijk

Een goed ontwerp-model dient niet alleen te worden geverifieerd maar
ook gevalideerd. Zie hoofdstuk 3 van dit proefschrift

Het ontlenen van sterkte aan belemmerde toestroming van grondwater
naar de ruimte die ontstaat bij beweging van gezette blokken in een
steenbekleding kan bij scheve golfaanval tot een onveilig ontwerp lei-
den

De huidige meestal op empirie gebaseerde steenbekledingen op een dijk
beschermen het dijklichaam tegen erosie door golfafslag. In die zin is de
klassicke steenbekleding op een dijk te vergelijken met de verf op een
stalen brug

Het toepassen van een vergrote reductie op de wandwrijving door uit te
gaan van & = 2/3 ¢ teneinde de overschatting van de sterkte bij analyse
op basis van rechte glijvlakken te compenseren, leidt tot een verkeerde
interpretatie bij het risico-analytisch beoordelen van grondkerende con-
structies

De in-situ stijfheid van zandgronden kan significant afwijken van de
waarde die met behulp van triaxiaalproeven wordt bepaald, doordat bij
de samenstelling van het te beproeven laboratoriummonster structuur
verloren gaat. Bij kleine rekken kan de in-situ stijfheid wel een factor 2
groter zijn dan de stijfheid gevonden in een triaxiaalproef
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Bij het ontwerp van de tunnelwand van een geboorde tunnel is de capa-
citeit van de wand om de tangentigéle normaalkracht te dragen voor de
uiterste grenstoestand van groter belang dan het vermogen om buigende
momenten te kunnen overbrengen

De toepassing van inverse analyse ten behoeve van de validatie van re-
kenmodellen dient gestimuleerd te worden. Met name het verschil tus-
sen de actuele sterkte van de rivierdijken en de sterkte op basis van de
rekenmodellen, zoals geconstateerd bij het hoogwater van 1995, zou
hiermede kunnen worden verkleind

Tijdens het graven met een slurry schild is er onvoldoende tijd om een
afpleistering met bentonite shurry te laten ontstaan. Derhalve zal de toe-
laatbare steundruk slechts weinig hoger kunnen zijn dan de verticale
grondspanning. Tijdens stilstand kan, indien een goede afpleistering
verzekerd is, de steundruk aanzienlijk hoger zijn

Creativiteit wordt vaak uit nood geboren

In een ontwerp-organisatie leidt kwaliteitsborging via proces controle
alleen, niet tot een optimale kwaliteit. Voor een goede kwaliteit is ook
inhoudelijke kennis van zaken nodig.

Een auto die kan doorrijden is minder slecht voor het milien dan een au-
to in de file

De Zaanstreck dient te worden verrijkt met een instelling voor Hoger
Beroeps Onderwijs, met name op het gebied van de levensmiddelen-
technologie
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Samenvatting

Het ontwikkelen van modellen voor het constructief ontwerpen van grondkerende
constructies is het hoofdonderwerp van dit proefschrift. De grondkerende
constructies waar het in deze studie om gaat zijn: gezette steenbekledingen,
damwandconstructies en tunnelwanden (van geboorde tunnels). Gegeven dit
onderwerp is het bijna vanzelfsprekend dat niet alleen de modelontwikkeling,
maar ook de constructie waartoe de model ontwikkeling wordt ondernomen
wordt bediscussieerd. Een accent daarbij is dat met name wordt gekeken hoe de
eindige-elementenmethode kan worden toegesneden ten behoeve van het
ontwerp.

Om te beginnen wordt in hoofdstuk 2 uitgegaan van de plaats van het
constructieve model binnen de kaders van het ontwerpproces. Het ontwerpproces
dient daarbij als het kader voor het ontwikkelen en optimaliseren van
civieltechnische kunstwerken. Ontwerpen wordt daarbij niet alleen gezien als
constructieve analyse, maar ook vanuit de behoefte om met creativiteit
alternatieve oplossingen te genereren. Het beoordelen van (uiterste)
grenstoestanden is €én van de aspecten van de constructieve analyse, met als doel
te bewerkstelligen dat de constructie net aan zijn eisen kan voldoen. Aangezien
de grenstoestanden via het risico van bezwijken ziin gekoppeld aan de faalkans,
worden de rekenmodellen daarbij ook gebruikt om de constructie te
optimaliseren. Het marginale risico dient daarbij te worden afgewogen tegen de
marginale investering om het risico te beperken. De afweging of onze
ontwerpmodellen daartoe wel nauwkeurig genoeg zijn is een van de aspecten bij
de validatie van rekenmodellen. Aan het eind van hoofdstuk 2 wordt nog een
doorkijkje gegeven naar de weg die kan worden gevolgd om de gewenste
optimalisatie bij het ontwikkelen van een ontwerpmodel in te bouwen.

Vervolgens wordt in hoofdstuk 3 de methodologie voor het ontwikkelen van
modellen geformuleerd. Het belang om grenstoestanden te kennen, en daarbij de
relatie met lagere orde modellen als toetskader voor verificatie, i.e. de
integriteitstoets voor een model, wordt beschreven. Validatie wordt daarbij
belicht vanuit de behoefte om betrouwbare modellen te ontwikkelen.

In hoofdstuk 4 worden de bouwstenen voor het ontwikkelen van
rekenmodellen beschreven. Een van de zaken die bij het beschrijven daarvan is
opgemerkt, is dat grondwaterstroming in principe vanuit dezelfde achtergrond
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IV Grondkerende constructies

kan worden geformuleerd als evenwicht van spanningen. Beide beschrijvingen
kunnen worden gezien als uitwerkingen van het principe van de virtuele
arbeidsvergelijkingen.

In de hoofdstukken 5, 6 en 7 worden vervolgens uitwerkingen gegeven voor
drie verschillende typen constructies.

In hoofdstuk 5 wordt 0.a. een model beschreven voor de evaluatie van een
blokken bekleding tegen afschuiven. Dit model wordt daarbij ook getoetst aan
praktijkwaarnemingen. Tevens wordt in dit hoofdstuk op basis van een logische
beschouwing beredeneerd dat scheve golfaanval als een mogelijk
schademechanisme niet kan worden uitgesloten, en derhalve als een potentiéle
grenstoestand dient te worden beschouwd.

In hoofdstuk 6 wordt de ontwikkeling om de eindige-elementenmethode
geschikt te maken voor de berekening van damwandconstructies beschreven. Een
analytische oplossing voor een damwandbelasting wordt beschreven in het kader
van verificatie. Vervolgens wordt in het kader van validatie van het rekenmodel
de damwandproef in Karlsruhe geévalueerd. Daarbij is gebruik gemaakt van een
model voor inverse analyse. Daarbij is geconstateerd, dat de in-situ stijftheid van
het zand aanmerkelijk hoger was dan op basis van het laboratoriumonderzoek
werd verwacht. Dit wordt waarschijnlijk veroorzaakt doordat bij het nemen van
monsters voorafgaand aan het laboratoriumonderzoek, de structuur wordt
verbroken. Bij het samenstellen van de laboratoriumopstelling wordt deze
structuur kennelijk niet hersteld. Modelevaluatie geeft de indicatie dat toepassing
van de eindige-elementenmethode  bijdraagt tot een toegenomen
betrouwbaarheid.

In hoofdstuk 7 worden rekenmodellen voor tunnelwanden behandeld. De
karakteristieke problemen voor tunnels in slappe bodem worden aangemerkt.
Ook hier wordt het model vanuit de hiérarchieke lijn opgebouwd. In het tweede
deel van dit hoofdstuk worden de metingen bij de Tweede Heinenoord tunnel
geévalueerd. Daarbij komt naar voren dat de grootste onzekerheid bij het ontwerp
wordt veroorzaakt door onzekerheid in het bouwproces; het samenstellen en
belasten van de ring en de belastingen uit de tunnelboormachine. Voor wat
betreft de grondbelastingen lijkt de tunnelring eenvoudiger te modelleren dan een
damwandconstructie.

Ter afsluiting worden in hoofdstuk 8 de voornaamste conclusies gegeven.

De eindige-elementenmethode levert ons een krachtige methode voor het
ontwikkelen van rekenmodellen. Modelontwikkeling dient echter te zijn ingebed
in een geaccepteerde ontwerp filosofie. De kracht van empirische methoden
komt voort uit het feit dat alle mogelijke fysische processen impliciet worden
meegenomen. De kracht van de analytische modellen (inclusief de numerieke
methoden) komt voort uit het feit dat daarmee voor constructief gedrag verder
kan worden geéxtrapoleerd dan bij empirische modellen verantwoord is.




Summary

The topic of this thesis is the development of models for the structural analysis of
soil retaining structures. The soil retaining structures being looked at are; block
revetments, flexible retaining walls and bored tunnels in soft soil. Within this
context typical structural behavior of these structures is discussed too. The
emphasis within the context of model development is on the use of Finite Element
analysis as a generic toolbox for model development.

To begin with, in chapter 2, a frame of reference for model development is
found in design; the optimisation process for a civil engineering work. The design
process is used as a systematic means to develop and optimise a civil engineering
work. For a fruitful result of this process two sides of the process have to be
recognised. On the one hand intuition and synthesis to create feasible solutions
and on the other hand, analysis to test the feasible solution for the criteria that
have to be met and to optimise the solution. The evaluation of the Limit states is
one of the steps to be taken if a structure is optimised. As the Limit states are
linked with the profit of the investment, by the probability of failure, the
structural models are also used to optimise the structure. Balancing the marginal
risk (related to the probability of failure), with the marginal investment is an
objective way to optimise the structural design. The evaluation whether our
models are accurate enough for this task is one of the aspects of model evaluation.
At the end of chapter 2, a look through is given into methods used to put the more
analytical theories in a frame of reference to optimise the benefit of a concept.

In chapter 3 a methodology for the development of models is formulated. Both
verification, the testing of the integrity of a model and the relation with models of
lower hierarchy, and evaluation, testing the accuracy of a model are important.
Accuracy and uncertainty are related aspects of model development.

In chapter 4 an analytical toolbox for the development of models for structural
analysis is given. One of the observations in the formulation of this chapter was
that groundwater flow can be evaluated based on the same principle as
equilibrium of stresses; the principle of virtual work.

In the next three chapters 5, 6, and 7 three examples are given of development of
models for the structural analysis of soil retaining structures.

In chapter S, a model for the stability against sliding of the top-layer of a
revetment is put forward. The model is evaluated against prototype information.
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VI Soil retaining structures

The validity to use Delta flume measurements to validate models for the design of
a revetments cover-layer is being reconsidered, as there is reason to believe that
the undrained response which is attributing to the strength of a cover-layer has 3
dimensional effects being overlooked in a 2D measurement.

In chapter 6, the models for sheet-pile retaining walls are described. The
development of finite element analysis for sheet pile walls is described.
Subsequently some of the verification analyses are described including an
analytical solution derived from plasticity theory. Finally the finite element model
is validated against prototype measurements, i.e. the Karlsruhe sheet pile test
(1993). Within this context the test is evaluated applying inverse analysis. One of
the conclusions was that a distinct difference between the in-situ stiffness of a
sand layer and the stiffness as derived from a laboratory test was found. The
reason for this is thought to be the breaking up of structure during sampling in
advance of the laboratory testing. This structure is not recovered during
preparation in the laboratory. The model evaluation indicates that the application
of Finite Element analysis improves the accuracy in comparison to the empirical
models.

In chapter 7, the structural models for the design of a tunnel liner are discussed.
The problems related to bored tunnelling in soft soil are discussed. The model
hierarchy for the evaluation of the tunnel liner is discussed. In the second part of
this chapter, a back-analysis of the measurements from the Second Heinenoord
tunnel, with a finite element model is described. From this it comes forward that
the uncertainty with respect to tunnel liner design is mainly related to the
construction phase, i.e. tunnel ring assembly.

In comparison to sheet pile walls, the soil loading of tunnel liners are easier to
model,

Finally in chapter 8 the conclusions and recommendations are given.

The finite element method gives us a powerful tool for structural analysis. A
design philosophy is needed to give a frame of reference for structural design.
Empirical models are sometimes powerful because all physical aspects are
implicitly included. Analytical models (including numerical ones) are sometimes
more powerful if the scope of a design has to be lifted beyond the domain of
observation on which empirical models are founded.
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CHAPTER 1

Introduction

1.1 PRELIMINARY

This thesis describes a part of the work that I have been involved with while
working at the Dutch Public Works department, after graduation from Delft
University of Technology. The work has mainly been focussed on the
development of models for the structural analysis of soil retaining structures. One
of the objectives that has been taken, to describe this work in a coherent
framework, is the proposition that structural analysis is an essential step to be
taken in the design process for a civil engineering product. This assumption
enables the view that structural analysis is not only meant to secure the structural
safety, but also to optimise the civil engineering product.

The initial phase of this research was carried out when I was working in the
Hydraulic Engineering section of the Road and Hydraulic engineering division.
This research was concerned with soil-water-structure interaction including
erosion control, filter stability and revetment design. The research on soil-water-
structure interaction is described in the chapter on blockrevetments, ie. a
revetments function is to keep the soil particles together, against wave attack and
erosion. Here the typification soil retaining structure is used if the structure’s
function is to maintain a soil slope that is steeper than the natural angle of repose.
The research related to filter stability is not included in this thesis.

After leaving the Road and Hydraulic Engineering division for the Structural
Engineering division the core of the work was changed to soil mechanics and
foundation engineering, i.e. sheet pile retaining walls and tunnelling. These
projects were, among others, the CUR sheet piling handbook, and the monitoring
of the Second Heinenoord tunnel.

During that period I was also involved with the development of the computer
code PLAXIS. The development and implementation of structural elements in
this computer code, which was initially developed for the analysis of soil
behaviour only, has improved the practical benefit of this computer code.

In order to relate the analytical work to the practical purposes they are needed
for, the application of this analytical work into design is described. Design offers
the perspective needed to give structural analysis a frame of reference. Besides
analysis, creativity is required to generate alternatives. For design purposes,
analysis and creativity are linked by the optimisation process. The proposition of
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2 Soil retaining structures

an alternative (a creative effort), may not be considered as a design without a
thorough analysis. Analysis is required to differentiate between the alternative
designs that have been proposed. Structural analyses, together with creativity and
optimisation techniques, are the key tools for the design process.

1.2 SOIL RETAINING STRUCTURES

Soil retaining structures are components to be used to construct systems in the
National infrastructure, such as water defences, water-control, and transport &
traffic.

If we focus on the design of such components, inevitably we are confronted
with aspects of the design of the systems, especially when the functional aspects
of these components have to be considered. With this consideration, the
similarities in the design approach for a system and in the design approach for a
component, become visible. If the view is taken that the only difference between
the design of a system and the design of a component is a difference in the level
of abstraction, it becomes clear that the main objective for a design process is
optimisation of the benefit of an investment decision,

If optimisation is the main objective for a design process it becomes clear that
besides creativity, analysis is needed to deliver the quantitative information for
comparison and decision making. From this observation it is realised that at least
two abilities of a human’s brain are needed for design; on the one hand we need
the power of synthesis; the creativity to consider all the available data, and to
develop those alternatives that have the least discrepancy with the demands. On
the other hand we need analysis, which offers the power to verify whether each
design alternative satisfies the design specification. There is a general reasoning
that the power of analytical theories goes beyond verification only. The creation
of design alternatives within a frame of solutions that have been tried out,
exceeds the limitations related to testing an alternative. This aspect of analysis
cannot be classified as creative in the true sense, however., For true creativity,
other parts of the human brain are necessary than those that are used for analysis.

‘Here the use of the term synthesis is not limited to the definition according to
the dialectic process. Synthesis is also used in a meaning that is more associated
with induction. In comparison to that, analysis is used more in association with
deduction. In scientific developments one might recognise a drive to change
inductive design processes and to transform these into more deductive, analytic
ones. The advantage of the latter is apparent, because deductive processes are
much more easily automated. We have to consider, however, that there is a limit
to the inversion of design into deductive processes, because this inversion can
only be performed for solved problems. With which it is meant that the main
parameters of the solution have to be clear and solved; the design must be fairly
well defined, so that it only needs to be modified for a specific situation. The
deductive approach lacks performance if an innovative solution is required. For
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this purpose the creative power of induction is needed.
We need the power of analysis to construct safe and optimised innovative
solutions.

1.3 THE TOOLS FOR ANALYSIS

Mathematics is an essential means of formulating an analysis. Mathematics 1s not
a science in the true sense such as physics. Physics is a true science in the sense
that there is a real world, in which we can perform tests to verify the concepts we
develop to describe the observations we make. We try to generalise these
observations in such a way that we only need a minimum of basic assumptions to
describe reality.

Mathematics i1s the abstract language to transfer ideas; ‘images’ of reality
(Proposition 2.1 according to Wiitgenstein (1922); “Bilder der Tatsachen”).
Mathematics in that sense is a subset of language; the most concise form of
language. Mathematics makes images transportable. The tests within mathematics
are logical tests, not physical.

The base components of language are; 1) consensus of opinion, and 2) logic.
The latter, logic, is partly a-priori (Frege, see Kenny (1995)) and partly empirical.
The distinction is hard to make; it has long been thought that Euclidean geometry
was a priori. Later on it became clear that this was a misconception.

The touchstone of the ‘value’ of a formulation is verification or falsification; a
one error leads to a rejection of the formulation. A thousand satisfactory
outcomes do not constitute a proof.

1.4 THE OBJECTIVE OF THIS STUDY

The main objective in this study is the development of models for structural
analysis. This objective is pursued for soil retaining structures. For this purpose
structural analysis needs an objective frame of reference. One might ask what the
criteria are to decide whether a design is adequate. As the designs we develop are
essentially models of the structures to be constructed, the next question would be
what the demands are on the structural models that are applied for the analysis of
a design.

The demands on structural models and the process that is being used in order to
test feasible models for structural analysis are the main object of this thesis.

One of the first questions coming forward if looking into this topic is, what the
relation is between the functional demands posed upon a design and the structural
demands posed upon the structure when dimensioning an alternative structure

type.
As the application of finite element analysis to integrate different design
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aspects in one concept is a joint aspect for all the applications being considered,
the principles being used to develop such models are looked upon in more detail.
One of these principles is the mathematical formulation of groundwater flow.
Groundwater flow is analysed taking into account that it is not an energy neutral
physical process, energy is dissipated during the process; ie. potential and
kinematics energy is transformed into heat.

If one puts models of a higher hierarchy into practice, due to the increased
number of parameters of the model, the solution space of the model increases.
Therefore it is not self-evident that the bandwidth in solutions, and the
discrepancy with respect to prototype measurements becomes smaller. One of the
sub-targets in this study is the establishing of insight into the question whether
marginal benefits of development are not surpassed by the marginal costs.

1.5 THE APPROACH TAKEN AND THE CONTENT OF THIS THESIS

The approach taken in this study is quite practical, and contains the development
and validation of models for structural analysis, preferably with prototype
measurements. This approach is taken for three different types of soil retaining
structures; i.e. block revetiments, sheet pile walls, and bored tunnels. Secondary to
the main objective of the study, objectives related to the structure types are being
pursued too. Conclusions related to the different structure types are formulated
within the subsequent chapters dedicated to these types.

In the chapter 2, 3 and 4, the main principles for this study are described. In
chapter 1 with respect to designing. In chapter 3 with respect to the development
of models for analysis and in chapter 4 with respect to the principles being used
to derive mechanical models. ‘

Subsequently in the chapters; 5, 6 and 7, three examples are given of
developments of models for structural analysis that may be used for structural
designing of soil retaining structures. In chapter 5 on block revetments. In chapter
6 on flexible retaining walls and in chapter 7 on bored tunnels in soft soil.

Finally in chapter 8, conclusions are drawn. Where in the chapters 5, 6 and 7
conclusions are drawn related to the development of models for specific structure
types, here in chapter 8, conclusions are drawn with respect to the development
of models and its application on a generic level.




CHAPTER 2

Design methodology

2.1 INTRODUCTION

Where design is mentioned in this thesis, the emphasis will be on the structural
design of soil retaining structures. In practice this usually means the analysis of
stresses, strains, deformations and stability of a particular civil engineering
structure. Design may also have a wider scope. If the functional requirements in a
design specification have to be taken into account, this wider perspective is
necessary. In this chapter, this wider perspective of design will be considered.
Structural design will then be recognised as a partial contribution to the design
process of a structure.

The development of models for the structural design of several types of soil
retaining structure is the topic of the chapters 5, 6 and 7. Models for structural
analysis are necessary to test the design for the necessary requirements it has to
meet. A strategy for the development of such models will be discussed, and
illustrated by a number of examples. In chapter 3, an attempt will be made to
formulate a coherent view on the development of such models; from crude
models to more refined models; from empirical to more analytic methods
involving 2D and 3D continuum models.

From the point of view of the scientist, the developer of models, there is an
urge to push technology, to promote the use of new methods and models for
engineering practice. A practical engineer however might take another view.
When he chooses for a model, he weights the advantages against the
disadvantages. Practice will therefore require well-established models, which are
easy to handle. The gap that appears to exist between science and practice is a
long-standing one.

To gain a better understanding of the value which is related to the closing of
this gap, an attempt will be made to describe a rational approach that implicitly
solves this problem. Within the process of a design, the structural design may be
recognised as only one of the stages of development of an object, the
development stage where the structure is being conceived and optimised.
Subsequent stages of development for an object design are concerned with
narrowing down that part of the solution space which is being varied, in the
optimisation process.

A
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In this chapter an attempt will be made to widen the perspective of what is meant
by the word design. The word design is a homonym, which means that the word
may reflect different meanings to different persons, or depending on the context
in which the word is used. Sometimes with ‘the design’ the object itself is being
referred. This type of meaning is not intended here, as the view is taken that
designing is the activity which is necessary to develop an object. The design is
the conceptual model being conceived in the designing process. The design is the
concept of the object being generated, and not the object itself. The activity of
designing may have several aspects. The activity will not only be discussed as a
process, the subsequent execution of development stages; not only as a creative
effort to develop alternatives, which meet the requirement (the skill), but also as
the activity where the result of a civil engineering activity is being optimised.

For the latter view, 1n this chapter, the economic perspective is taken and its
implications are discussed.

2.2 THE COMMON DESIGN APPROACH

Because there is no single meaning for the term design; the interpretation of what
design is depends on the background of the person. One may justly ask,

‘What is (structural) design 7’
In his teaching, Polak (1993) states that he sees designing as

‘A thinking pattern’, taking the following steps;

o posing the problem statement, and collecting information,
related to the question "What is the problem 7’

s development of alternatives and testing of alternatives for the
requirements, refated 1o the guestion, ‘How do we have 1o solve the
problem 7’

s description of the solution which has been chosen.’

De Ridder (1994) alternatively answers the question with:
*Initiated by the problem declaration of an independenr party, (step |
in the process), mostly by way of the same process, (successive
stepping) searching for the {optimum) solution.’

In addition to Polak, De Ridder emphazises three things;

1. who is taking the initiative (the problem owner ?).
2. the process character, and
3. the optimisation.

The emphasis on design as a process is shared with a number of writers on the
subject. Wijnen in ‘Projectmanagement’ (1988) formulates his view with respect
to the management of a process (here being interpreted as the process to generate
a design) as:

1. decisions to be taken about alternative schemes or parts being

undertaken in successive steps
2. anintegral control on time, cost, quality, information and organisation.
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Figure 2.1 Cyclic behaviour of a design process

Here it is proposed to give some recognition to the fact that: ‘Design is also a
skill’, a contemplative art, of generating alternatives (solutions) which meet the
requirements. This aspect is recognized by Polak, but not strongly emphasised. It
is hidden in the step of creating alternatives.

Without the generation of alternatives, within the context of civil engineering,
one cannot speak of a design process. It would merely be creative effort only. The
latter might be acceptable within the bounds of artistic design, but not for a civil
engineering design. One of the characteristic aspects being recognised is that
design is a recursive process. In a civil engineering design process it is often
observed that the designer has to go back to earlier points of departure, ie. a
number of times, premises have to be evaluated and sometimes changed to derive
alternatives for the final design, to meet all internal and external requirements.

Within this process, the accuracy of the final design increases, and the
uncertainties about value and cost of the final design become smaller, see Fig, 2.1

Within a process step, alternatives are put in order of preference; with respect
to their performance; their ability to meet the requirements (for the lowest cost).
The value of an alternative is weighted in relation to the cost. The alternative
with the highest profit is chosen, assuming that there is sufficient budget for such
a choice. Here with profit, the difference between value and cost is meant. As the
scope within each design step is changing from general to more specific and
detailed, each decision is determinate for the main direction in which following
steps to the final solution are taken.

Following De Ridder (1994) it is proposed to give more emphasis to
optimisation too.
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Figure 2.2 Planning scheme according to the Project based work method

Summing up, design may be seen as:

e g process (developing in time)
e requiring skill (for the creation of alternatives)
e optimisation {of a future object)

In the next paragraphs the aspects recognised above will be discussed in more
detail

2.2.1 Designing as a process

The Elementair system (which the Structural Engineering Division of
Rijkswaterstaat has introduced in 1994), is an example of the process character of
design. This system was introduced to meet the requirements of quality assurance
according to [SO 9001. The acquisition of a Quality Assurance certificate has
been a trend in the last decade in the Netherlands to improve umiformity in
working processes, and to enhance the effectiveness of an organisation.
Elementair may be regarded as a slightly adapted version of the project based
work scheme according to Wijnen (1984). In Elementair, rigid phasing, has been
traded in for a more flexible scheme, see Fig. 2.2, where at some points,
successive steps are executed in parallel.

The objective being pursued to execute subsequent design steps partially in
parallel is (probably) a stronger grip on the control of time. One has to realise
however that this advantage of better time control is traded for loosening of
information control. Consequently a risk with respect to the control of the design
is accepted; traded in for a better grasp of the time control.

In the system Elementair there is a strong emphasis on the process. Control of the
technical quality is only taken into account implicitly. Presumably, it is assumed
that if there is a well-defined specification of the result and a strong control of the
process, in combination with a strict minimisation of cost for the alternatives, this
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should provide a product of high quality. The principle that minimising the cost is
the leading argument in the design process is not explicitly mentioned, but what
else is, if a project-manager has to work within a (too limited) budget 7

The project managed approach demands the formulation of a program of
requirements, the premises and boundary conditions for a phase prior to the
execution of it. Thus far, however, it is not clear how this program of
requirements should be related to the results of preceding steps. Especially for
those cases that the preceding step is not formally finished yet, while the
requirements and premises for the next step are being formulated. This might lead
to inconsistencies; in general it is not clear if all the necessary information is
available or what essential information might be lacking, at the start of the next
design step.

2.2.2 Designing as a skill
The development of creativity, i.e. the ability to produce alternatives that meet
requirements, is one of the main objectives of a civil engineering education. The
skill to find alternatives that fulfil and satisfy the required functions, based on
analysis of the structure’s functions and knowledge of subsystems and
components.

The actions that might be recognised as being executed in this process, in a
successive way are:

e  The collection of information

o Analysis of the structures functions

e distinguishing subsystems in the structural functioning
»  database solutions of subsystems of structural functions
e brainstorming (optional)

e deductive power,

e composing of alternatives

e checking the integrity of an alternative

s ranking alternatives

s choosing the fuvourable alternative

For a lot of civil engineering structures (structure-types), a large number of
alternatives are avatlable. In this case the creative effort diminishes to some sort
of standard algorithm, where the most favourable alternative is taken from the
shelf, given a rub, analysed and materialised for the boundary conditions
required, and then applied.

Within this procedure, the alternative is being tested on its ability to satisfy
standard requirements such as;

1. Functions
2. Forces, the structure has to sustain
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For the latter, the structure is being put to the test on:

e stability
s stiffness
e strength
® ¢t cetera

In most situations, standard procedures will suffice for this.
The use of comparison, the search for similarity with physical processes that
have been analysed and solved in the past, might help to enhance creative skills.

Development of alternatives

After alternative solutions have been put to the tests with respect to their
structural behaviour, and after the differences with respect to their structural
behaviour have been taken away, the alternatives are to be classified with respect
to their fitness for purpose and cost.

In the classical process of development of alternatives, to reduce the
complexity, the following aspects are nor taken into account here:

o construction aspects {only implicitly)
s maintenance
o external cost/benefit

If the choice of an alternative within this limited frame of reference is dominated
by direct cost, only a local optimum in the solution space can be found. As soon
as it is recognised that the final result is being damaged by neglecting the earlier
mentioned aspects, the next question is, which aspects are worth considering in
the optimisation process ?

With respect to external benefits, or external cost, such as mentioned above,
one might think of cost and benefits that do not fall to the party which is
commissioning the project, but to a third party, see Field (1994).

With respect to civil engineering structures, or infrastructure one might think of:

e Life cycle cost, such as.
e Marntenance and conirol,
®  Demolition and or replacement (if possible)

® Energy demand

e Environmental issues,
Land use

Impact on the landscape
Ecology

Barrier

Noise

® @ & @ @
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If the cost or the benefits have a distribution in time, as might be the case if the
benefits or the cost are related to the complete life cycle of an object, they can be
discounted.

With respect to the design of an object in the national infrastructure one might
think that all cost and benefits fall to the same party; the citizens. However, for
that situation the Government Budget might be a hindrance, because different
items might be financed by different articles in the budget system, or different
layers of government. Such a situation is surely the case for the budget for the
development of infrastructure, and the budget for control and maintenance of the
same infrastructure. The result of this situation is that in the evaluation of
alternatives, when deciding between alternative solutions, this is not based on an
overall, i.e. an integral, summing up of the cost and benefit of the alternative
solutions. Integral evaluation is not excluded, but an increasingly more difficult
task, which in practice is often not performed.

2.2.3 Designing as an optimisation exercise

The last aspect of design to be considered in this section is the development of
knowledge; i.e. relevant information. Among others, De Ridder, (1994) makes a
reference to the fact that there is a parallel between the development of a design,
and the methodology of scientific development. With respect to this he quotes
Popper (1959), who states that:

Tentative Solutions; TS; are being generated based on available
knowledge. Depending on the friction between the ability to full-fill the
demands on the rentative solution, TS; will be taken in consideration or
rejected (in terms of Popper falsified).

In the case of scientific development there is no consensus about an objective
standard to measure progress. For the case of a design for a civil engineering
object, it is common practice to express the relevant issues in financial terms to
obtain an objective measure for the effort of creating the object and of the value
being created by it. The attribution of value to an alternative is not a trivial act. In
practice it is easier to establish the cost of a design than the value. In section 2.4
the optimisation will be discussed. In the next section the cost components of a
civil engineering design will be discussed.

2.3 COST COMPONENTS

Before discussing the optimisation from an economic point of view, here in this
section in addition to what was mentioned to this subject in section 2.2.2, some
supplementary considerations will be given about the cost components in the
optimisation function. In section 2.4 the optimisation itself will be discussed n
more detail
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According to Stuip (1980) for the design of a CE structure, the following cost
components can be distinguished:
Direct investment cost

e Acquisition of land, material

e Design cost

s Construction cost

o Quality assurance; (staff and testing equipment)

s Fxternal cost, (not directly coupled with the primary function)

Indirect investment cost:

f Design and manufacturing
1.1 Research
12 Adjusiments
13 Adjustments and alterations
14 Loss of income
Il Failure after completion of the work
1.1 Cleaning up and reconsiruction
/1.2 Research
1.3 Damage 1o 3 parties
14 Loss of income
115 Nuisance
1.6 Pollution
1.7 Temporary recovering works

According to Van der Toomn (1994), this list of cost should be extended to

include:
i1 Control and Maintenance
i Control
L2 Muaintenance
121 Inspection
i11.2.2  Repair
IV Demolition
v.1) Demolition and/or reconstruction

In practice the item-list of external cost components ends here. At the time of
formulation of this list, within the public works department, environmental
aspects such as land use, or damage to scarce natural values were not yet
considered to be external cost. However if a more rigorous optimisation based on
economic premises were adopted, the choice not to include environmental issues
could be regarded as in contradiction with fundamental premises of economic
theory.

1.8, Mill (1862) postulated economy as
‘Scarcity of the means to satisfy needs with respect to these needs’

Although environment, and natural beauty used to be looked upon as a free
commodity, the diminishing availability of these, especially in the industrialized
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countries, (within the reach of its citizens), would suggest that these issues should
be mcluded in a design evaluation, if applicable.

In practice the sitnation has evolved in that direction, as society requires
technology to consider environmental issues. For the situation that an additional
investment is asked to mitigate for environmental impact, the environmental
benefits have to be evaluated in relation to the related cost. If a cheap
environmentally friendly solution is available then a problem does not exist. If
the environmentally friendly solution increases cost however, a conflicting
situation might arise.

For example; in the case of energy consumption, how much more investment is
justified to reduce the demand on energy ? In short, what is the marginal value of
an energy reduction of one amount ?

Or for a different situation; if a project has to be developed within the limits of
a fixed budget; how much of the performance (as a part of the direct benefit; the
value of the project) may be exchanged for a better environmental result ?

Among others Hueting (1974), and Field (1994) discussed this topic. Hueting
states that environment fulfils a function, and that actions against environment
lead to functional loss. Functional losses would, according to his theory, have to
be weighed in the primary profit function as an extra term with respect to cost.

Hueting distinguishes:

o Compensation; (cost of an alternative function)
e FElimination; {cost to restore the function)
s Direct Financial loss; {Loss of fortune or income due to functional loss)

Where Hueting states that the cost can be estimated by the amount of money
which would be needed to restore a function. Hueting’s approach can be
classified as a restoration approach.

Field (1994} on the other hand although recognising the cost components as
formulated by Hueting, emphasises the fact that these are external cost.
Restoration of the lost functions on the other hand would have to be classified as
external benefits. Field brings in the theory of marginal cost-benefit analysis, and
states that the cost to consider has to be related to the level that society is
prepared to pay for the restoration of functional loss. If no one is prepared to pay
for a functional repair, than it 1s not feasible to account for the functional loss.
The danger lies in the fact that maybe no one is prepared to pay, because
consequences are not yet known. In more general terms both external cost and
external benefits should be taken into account to derive an integral weighting of
the alternatives.

Here 1t is proposed to extend the list of indirect cost according to

V  Environmental issues
V.1 Compensation
V.2 Elimination
V.3 Direct financial loss
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2.4 THE ECONOMIC APPROACH TO DESIGNING

2.4.1 The optimisation function
In the preceding paragraphs, the question was raised how an optimum solution
could be derived. In section 2.3 different aspects related to the design of a
structure have been put forward. Here in this section it will be tried to describe a
frame of reference for the evaluation of all these aspects in a coherent framework.
In practice, one of the approaches often taken is the formulation of functional
and operational demands in a program of requirements, and additional to that
minimisation of the cost related to the fulfilment of these requirements is
demanded. This approach assumes that the result; ie. the quality of the
achievement, here denoted as (J, cannot be damaged in the design process, if the
program of requirements is being formulated strict enough. Which would mean
that %gzo, where a, represents the independent variable in the space of
0 a
solutions. The disadvantage of this approach, however, is that external benefits
and external cost will not be taken in consideration.
The emphasis on the result to be derived, the structure, in combination with the
task to Himit the cost related to this as much as possible, generally leads to a
situation that the questions such as

‘what is the purpose of this structure?’

‘wWhy is this project undertaken ?’

‘why is this project undertaken now ? why not 10 years earlier, or 10
yvears later 7'

For members of a classical design team is sometimes difficult to answer.

‘Why do you work on the design for a bridge at that site ? Well, .. er, the
principal has asked for the design of a bridge 1/1°

On the one hand one might say, why bother the structural analyst with things he
does not need to know ? On the other hand, not having the scope of the effort in
view, the structural analyst might decide for an unfavourable alternative, if
looked upon from a higher level of abstraction, because the structural analyst
cannot oversee the whole scope of the project.

If the optimisation of a civil engineering structure is judged from an economic
view, where the task is to optimise the value created, and to minimise the effort
(the cost) involved, a more clear view comes forward. Then it will be clear that
the investment has to be considered with respect to opportunity cost too; the
capital involved, could be invested alternatively creating greater value.

Leading in a design process according to an economic view, should be
the optimisation of the profit. On the one hand by the choice of the

subject; the nature of the investment, the ‘type’ of achievement, by the
choice of requirements for this achievement; ‘functional requirements’
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and ‘operational requirements’. On the other hand by minimising the
cost related to realise this achievement.

In economic textbooks, it is often a premises that the ‘social desirable” optimum
solution is being found for that situation, where the marginal willingness to pay
for an additional amount of product is equal to the marginal cost related to it. In
terms of the number of units to produce, (in terms of the textbooks), this would
mean that the consumer buys that number of units product, till his satisfaction has
decreased so far, that an equilibrium has been arrived with his willingness to pay
for the last unit.

In terms of civil infrastructure, or real estate, where transactions are mostly
made one unit at a time, the willingness to pay for one financial anit extra, for the
condition that the value of the item being purchased is at least worth one financial
unit extra, might be considered.

For that situation, the profit of the investment has a maximum. In economic
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Figure 2.3 a) Value and cost optimisation b) Optimisation of Marginal value and
o ]

marginal cost

textbooks this is often illustrated with a figure similar to Fig. 2.3b, where the
curve of declining added value intersects with the curve of increasing added cost,
for an additional amount of product(ion). In addition in Fig. 2.3a it is shown how
for this situation, the profit has a maximum. In Fig. 2.3a one can recognise that
the gradient of both curves 1s parallel for the point where the optimum is reached.
In terms of the marginal value and cost this means both become equal. The latter
on the other hand is easier to recognise in Fig. 2.3b. For both figures the number
of units of product is on the horizontal axis and value, 1.e. money is on the
vertical axis. In terms of civil engineering structures, one might read the
horizontal axis as the alternatives, being ordered on size or on additional
functions.

From a mathematical point of view, the aforementioned balancing of marginal
value (marginal willingness to pay), and marginal cost can also be understood as
the optimising of profit. Where the profit is defined as the difference between
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value and cost;

Fpla)= Fvia)- Fi{a) (2.1
Where:
Fpfa) = the profit as a function within the solution space
Fvia) = the (functional) value; or in other words the Achievement
Et(a) = the total cost, the expenditures (including interest)
a = the ‘space of solutions’

The formulation given in equation 2.1 is unfortunately not objective. The profit is
expressed in value; money. To derive an objective measure, where opportunity
cost is being also considered, one has to adopt the Kelative profir.

Profit — Fv(a)
Cost Er{a)

R(a) = i (2.2)

The next question is, which optimum to pursue; profit or relative-profit, This
choice is not trivial, the outcome is only equal for the situation that value and cost
balance, as will be shown. Here after De Ridder (1994) it 1s proposed to choose
for an optimum relative-profit, because the amount of investment is better taken

in consideration.
An optimum solution for the relative-profit can be found for that alternative

that satisfies the equation

d(R(a)):: I diFv(@)  Fvla) d(Eta)) _

0 2.3)
da Et{a) da Etz(a} da
or
da da
or
] d(Fv(a)): 1 d{(Eta)) 2.5)

Fv{a) da Et(ay da
If the value of the design is equal to its cost, equation 2.5 simplifies to give

d(Fv(a)) _ d{Et{a)) (2.6)
da da B

In which the marginal value and marginal cost approach of economic theory can
be recognised, as this is the same solution as would be found optimising equation
2.1.

With this result, the problem seems to be solved formally. It has to be
considered however, that a rigorous optimising of the profit might be subject to




Design methodology 17

diverging opinions, because this would ask for an explicit evaluation of the
achievement F.(a). For a lot of situations it 1s difficult to reach consensus on the
value of alternatives. In practice, large deviations might be observed between
parties when alternatives are being valued. Therefore this approach is often
avoided and left to the political process.

Another aspect to be considered is that the exact solution of equation 2.5 and
2.6 demands that value and cost functions have to be continuous, and continuous
differentiable. The satisfaction of the demand of continuity and continuity of
gradients, presumably can only be fulfilled within the bounds of a product-type; a
single type of structure, such as a bridge, if a water crossing is considered. In the
initiative phase of a design project however, the alternatives might vary between
several product-types. As well as a bridge, a ferry or a tunnel might be
considered. The consequence of this, and the alternative approach taken in
practice, is illustrated in Fig. 2.4, where subsequent profit functions for several
product types are sketched.

The approach taken in practice, for the argament of feasibility, is that a sort of
total benefit-cost analysis is being adopted. For that approach, the total benefit
and cost of alternatives is being put in a relevant order. Subsequently the
alternative for which there is consensus that the highest profit is being derived is
adopted. This approach is typical for the initial phase of large infrastructure
projects, where policy is evaluated and environmental impact analysis 1
performed on either location or proposed route. Total benefits, are ‘weighted’,
often under application of multi-criteria procedures, including cost and displayed
to the (political) decision making forum.

The procedure is illustrated in Fig. 2.4, where imaginary profit functions are
drawn for four alternatives; A, B, C and D. External values and cost might differ
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Figure 2.4  Total profit functions
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per alternative, as is illustrated by the dashed lines for alternatives A’ and B’.
How the profit functions are being weighted in the initial phase is illustrated by
the vertical dot-dash line (not yet on the optimum per product-type). The
intersection marked with the large dot, with the profit function is the profit
weighed in the initiative phase.

The fact that this procedure does not guarantee an optimum solution is caused by
the following facts:

» As this approach is a type of implicit total benefit-cost evaluation, the
alternatives regarded do not necessarily fulfil the demand for marginal
benefit-cost balancing. For slight differences in Profit between alternatives
the decision for one or the other alternative might be different, if
alternatives are locally optimised; the alternative is not necessarily
intersected at its local optimum.

« In practice only direct benefits and cost are weighed; external cost and
external benefits are not necessarily taken into account. The external profit
might be different for alternatives, which might influence the choice for one
or the other alternative too. In Fig. 2.4 this is illustrated, where the
preference for alternative B over A, is being overthrown if external profit is
considered, illustrated by the preference for A’ over B’

This direct method of applying alternative solutions has the practical merit of
being a feasible approach. Especially for the functional phase and for the choice
of a location or the track of a project this procedure seems to be next best. The
consensus about the procedure overthrows the theoretical objections. Perhaps that
should be given merit too.

For the subsequent stages of design, where the form and the dimensions of a
structure are established, it is often presumed that the benefit, the value of the
achievement, is not influenced by the choice for one, or the other alternative.
Here the assumption that the ‘rerms of reference’ stand guarantee for the value of
the project is more explicit. For that situation the profit function equation 2.1 may
be reformulated to give:

Fpla)= Constant - Et{a) 2.7
The optimum profit is than derived by minimising cost only. Reformulated the
profit will read as:

Fpla)=— Et{a) or Fp*: Er(a) (2.8)

The inaccuracy introduced by this assumption, is that there is a chance that a
number of relevant components of the (functional) value, such as; environmental
functions, or loss of these, or hindrance, are not being formulated in the terms of
reference, and not constant for different design alternatives.

This problem is more prominent if the alternatives are not indifferent
with respect to functional behaviour.
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Another aspect to be considered, is the influence of management. If the project-
management is not performed adequately, the principal for the project, who has
commissioned the work, and is paying for its outcome, may not have adequate
control on the evolving results. If there is a lack of budget the designer might be
tempted to reduce the functional requirements in order to bring the project within
the budget.

The rigorous achievement of a marginal benefit cost analysis however, in
practice, is unlikely to be feasible. The origin of this difficulty is that value and
cost are difficult to describe in explicit functions. This shortcoming is most
important in the initial phase of a design where crucial questions with respect to
benefit and cost are the main topic of consideration.

The choice for an approach for the optimisation in a design step is often
implicitly made. Observing practice the following optimisation approaches are
applied:

e Total Benefit-cost evaluation
e Marginal Benefit-cost evaluation
o Minimisation of cost

In the next paragraph it will be tried to discus some aspects which influence the
choice for an optimisation, evaluation approach.

2.4.2 Sraged execution of the design process

As explained in section 2.2.1. practical design may be thought of as a process.
According to a more or less fixed number of development steps, with as a final
result a specification of the object, the relevant information about the civil
engineering product to be established is being developed. Sometimes within the
bounds of project-management this process is being extended, including the
construction of the work itself. As mentioned too in section 2.2.1, the steps taken
in the subsequent design phases may be regarded as a step-wise optimisation.

In each phase a sub-optimisation is performed for that part of the solution
space relevant to that phase, other aspects being considered as fixed. Especially
in the functional phase and in the phase that the track of a connection, or the
location of a structure, is being determined, it is of the utmost importance to do
the proper variations because for those phases decisions such as the product-type
are made, determining large parts of the benefit of the investment; the value and
the cost. The decision for a bridge or a tunnel; or if the work is related to a geo-
technical problem, an embankment or a sheet-pile wall.

In terms of the profit, for a favourable situation, the cost function, in
mathematical terms may be established continuous, and continuous
differentiable. The question arises however, whether the benefits, the value which
is related to the functions to be installed, can be derived explicitly too.

In hydraulic engineering, the crossing of watercourse is a typical example.
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Depending on functional demands, local situation, and boundary conditions, such
as

® width of the water

. traffic density

® required shipping height

J depth of the water

Quite different civil engineering product types might come forward as a selation.

Product-types such as

s an alternative land route; traffic diversion

» aferry

e abridge

e opening bridge

e pillared bridge

o arch-bridge

s cable stay bridge

s suspension bridge
a tunnel

e submerged runnel

o bored tunnel

e NATM runnel

L1

Depending on the local situation and functional requirements all of these product-
types might yield an optimum solution, for one situation or another.

As mentioned previously it may be unpractical to optimise all benefits and
cost, to balance these explicitly, in each step of the design process. For this
sitnation, a step-wise sub-optimisation is more practical. A stepwise sub-
optimisation presumes that

7 7
min( szj *(a)) = Emin( Fp; (a)) (2.9)
i=] i=]
Equation 2.9 however is only true (or by approximation), for a linear system. If
the assumption of linearity is true, the step-wise sub-optimisation will lead to an
optimum, whatever the sequence. It was presumed earlier that for that situation
the solution space has to be continuous and continuously differentiable. In that
case step-wise variation may be performed according

d(Fv(a)) Aal_:d(l*?t(a)) A, (2.10)
da; da;

i

If it is feasible to do independent variations Aa, , convergence in the direction of
the optimum will be approached too.
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In practice it is very difficult to do independent variations, as the feasible
alternatives in solution space are mostly not continuous and continuously
differentiable.

2.4.3 Time related aspects of a civil engineering project

In the step-wise approach of a solution for a civil engineering design, in the
functional design, but also in the spatial structural design phase, where type and
size of the structure will be distinguished, topics related to the Life Cycle of an
object may come forward. For that situation life cycle analysis, (in short LCA) is
used. The LCA approach contains

o distinguishing of cost components

e pricing of the cost in the present

e discounting for cost, depending for the point of time the cost have
to be beard

Which means that equation 2.1 has to be integrated over the life span of the
structure

1=l ypyr t={

ov(Fpla))= | ___E)fv(a)d[ - —--—-—aE!(a)dt

=0 9 =0 O
Where Cv stands for the Cash value and [ 1s the estimated service life span of the
structure under consideration. In practice, it is often hard to formulate what the
time derivatives are. Besides that, it is common economic practice to estimate
value znd cost in the future on another scale as in the present. Therefore in most
situations the equation 2.11 is summed up incrementally on a yearly basis, and
discounted for cost lying in future years, considering a rate of interest r,
according to:

Cv(Fp(a)) XFV (a) zﬁ:(a&){) (2.12)
i=] r

(z.1h

2.4.4 Optimisation of an engineering structure

In practice, equation 2.5 (or 2.6) is not analysed rigorously and consistently. The
determination of the height of sea dikes in the Netherlands however is an elegant
example of how it can be done. In this case the solution of a safety level for the
design of dike height is solved taking a variant form of eqguation 2.5, where the
profit is optimised and found. The description of the approach taken is given by
Vrouwenvelder & Vrijling (1982). The base taken for this approach is the
balance of marginal benefits and cost.

Within the bounds taken for this problem it is not practical to acquire the
functional value of such a structure explicitly. Therefore for the sea dike problem
the functional value is taken into account implicitly, by adding the risk related to
the (temporary) loss of function of the system to the cost. The argument for such
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an approach is that it is presumed that the polder whose sea defence has to be

strengthened is an existing polder. In other words, variations with respect to the

size of the polder, which might influence the functional value, are not feasible.
For that situation the profit may be expresses as

Fp'(a)= Et(a)+ R(a) 2.13)

Where R(a) stands for the risk taken with this situation.

This leads to an evaluation based on marginal values of cost and benefit, in
which it is established for what level of investment an extra monetary unit of
investment leads to a reduction of the risk, which value is just equal to the cost of
that extra monetary unit.

IEr(@))_ O(R(a))

2.14)
Ja 9 (

min(Fp~ ()=

That 1s, as the risk is defined as R(a) = P;(x > x,la) * W(x > x), , i.e. the
probability of failure P, (x > xf,,[a) times the estimated damage in case of a
failure Wix > x., ). The optimum solution is found than for:

B(Er(a))m“a(})f (x> xcrla))
da da

In principal Py (x > x,, ]‘a) can be solved for this. It should be noted that
B(Pf-(x>x(,ria}

W (x> x0p) (2.15)

. is the probability density function. The balance between this, and
aga

the gradient in cost is determinant for the dike-height. If the functions Et(a) and
Pr(x > xcrla and the damage due to the exceptional occasion, W(x > x,,) are
known as a function of the solation space, then the optimum dike-height can be
gstablished.

Depending on local conditions, as in the example of the water crossing, the
solution of the equations may lead to different solutions. Therefore in practice
there is a tradition to solve this problem for the probability of failure. The
application for a tangible situation does depend on the type of function for the
frequency of exceeding. If that is an extreme value distribution, direct integration
of the equations is possible, and being looked up in a table. In a more general
form the integration reads:

L AEw) (2.16)
W(x>x,) da

Py e x|
Aypr

The solution can be found by integrating the gradients in cost over the cost of the
unfavourable exceptional occasion.
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The approach illustrated in this example can be generalised for the majority of
the civil engineering structures, i.e. for the structural design part the optimisation
being taken is:

‘Balancing marginal risk with marginal cost’

2.4.5 Limir state analysis

The example given in the previous section, the prevention of sea-dike failure, is

an example of Limit state analysis. Limit states are defined as those unfavourable

states of a structure, which are related to large damages or major dis-functioning.
In general two main classes of Limit states are recognised:

® Ultimate limit states (ULS)

® Serviceability limit states (SLS)
Ultimate limit states are those unfavourable limit states, where the damage is
invoked at a more distinct point in time. Examples of Ultimate limit states are,
collapse e.g. the development of a structural mechanism or flooding.
Serviceability limit states may be recognises as those unfavourable limit states,
where the related damage is the summation of partial damages in tirge,
contributing to a total loss when summed up over the life cycle of a structure.
Serviceability limit states are mainly related to dis-functioning of the structure.

Sometimes the difference between ULS or SLS is hard to distinguish.
Subsequent partial collapse of a structural element, leading to loss of function can
either be classified as ULS for the structural element or as SLS for the structure.
Important in this is that for a type of structure, the Limit states are distinguished,
and that criteria are developed to limit these unfavourable states up to an
allowable probability of occurrence. To balance the cost of prevention with the
risk related to the limit state,

The establishment of Limit states is enhanced by fault-finding techniques, such
as the development of fault trees. Based on the fault trees, balancing marginal
cost and marginal benefit of a solution, allowable probabilities of occurrence can
be established. The application of probability techniques makes it possible to
establish partial factors, e.g. for load or strength or other determinate parameters.
See among others, Vrouwenvelder & Vrijling (1982)

2.4.6 The normative approach to additional demands.

Sometimes a normative approach for environmental issues is proposed. The
intention for such an approach is the introduction of proper legislation that should
be met. This intention is derived taking a parallel to the procedure that has been
used for the demands which have to be laid upon structures to comply to
structural requirements. Such an approach could than be used as a procedure to
solve and handle additional requirements for a civil engineering design. Referring
to the way that standards have been set for the structural design. With a
standardised approach the designer would be shielded for a personal evaluation.
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It is unclear however, whether in the short term this would lead to an optimum
solution, as contrary to structural design, there is a lack of a database of relevant
knowledge. In addition to that, standards have to be agreed upon in a more or less
centralised way. To achieve this, a number of solved cases, either analytical or
semi-analytical, would have to be available to create a frame of reference.

Besides that, it has to be considered that according to a procedure for
standardisation, optimised solutions can only be approached on a general level.
The most desirable alternative can only be approached approximately. This is
because standards can only be set at an averaged level, for a class of problems,
optimal for a product type. For structural design, experience has been obtained
using this type of approach. For the most common structural types, such as
buildings and houses, there is a general level of agreement about the procedure.
The chance for an undesirable solution s thought to be sufficiently small.

In contradistinction to design for new infrastructure, the situation for
maintenance of structures, which is sometimes regarded as one of the later steps
in the Life cycle of infrastructure, is such that the normative approach is not
feasible too. The diversity of structure types and the absence of a generally
agreed frame of reference to evaluate alternative strategies lead to an
unmanageable number of variables and potential solutions. With this a
generalised approach with standards is difficult to apply.

There is a tendency to think that Life Cycle Analysis, optimising the profit for
a complete life cycle would offer interesting opportunities.

With respect to environmental issues the most favourable approach remains
unclear.

The most promising alternatives are

e FExpressing all aspects in terms of money
e Multi-criteria
e  Broad debate, (political forum)

For the larger nationally discussed infrastructure projects, the latter alternative
might appear to be efficient. The true marginal value is then established by
political discussion. For the smaller projects this approach would lead to a
process which is not manageable; the marginal cost of the procedure would not
balance with the marginal value created by this effort. In this case multi- criteria
approaches might be used to give a solution.

In principal expressing all aspects in terms of money is thought to be the most
objective approach. A draw back for a rigorous adoption of a remunerative
approach is that it is often difficult to derive agreement on the value of certain
items.

It seems that Oscar Wild once has stated that

“ Everybody knows what is the cost of things, .... But nobody knows the
value 1
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2.5 ORGANISATION; PARALLEL EXECUTION

"The problem of the collective brain’

The description thus far implicitly assumes that all the relevant information that
is generated all through the design process, and which is necessary as a source for
further development, is instantaneously available for all contributing parties. The
organisation is thought to operate like a single person with a collective brain. In
practice the organisation is composed of discrete persons, and is far from this
idealised model. The organisation comprises of discrete persons that actively
have to communicate with each other to share the information. To facilitate this
sharing, the information has to be converted to transportable media, such as
reports, notes, letters, faxes and emails. This converted information is exchanged
at discrete time intervals.

If the object being developed is particularly important, the organisation might
be subdivided into several parts. For that situation the interval of information
exchange might be as limited as a design step. This might lead to the
unfavourable situation that subsequent design work is based on information
agreed at time (i-1), and applied at time (i), and subsequently has to be
reconsidered at time (i+1), because the technical requirements cannot be met by
one of the design teams. The other design teams, will not be eager to do their
work all over again, (on whose account 7 who carries this risk 7). If they were no
part in the source of the problem, and it is not their responsibility, why should
they make a sacrifice to help solve the problem ? Quickly the opinion might be
expressed that the party or person who has encountered the problem has to solve
the problem too (whatever the cost 7), instead of requiring other parties to carry
out additional work.

The building that is too heavy, and cannot be placed on the foundation which
has been designed for a much lighter building is a classical example.

o Should the building designer reduce the weight of the building ?
e Should the geo-technical designer responsible for the foundation
produce a new design?
To begin with, both parties will start by claiming that the other party has a
problem.

Learning from past experiences, a tendency might be triggered to exchange
conservative values of relevant information, instead of mean values. One design
team might propose an upper bound value, of which he or she is certain that their
team can meet it, whereas other teams might interpret this value as a lower bound
value. Unwillingly this might lead to an uncontrolied and unwanted combination
of necessary and unnecessary partial safety factors, which together make the
design too expensive for its purpose.
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For a characteristic hydraulic structure, such as a shipping lock, in the structural
phase of a design, boundaries for interchange of information might occur
between:

J Soil mechanics advisor
J Foundation specialist
e Concrete designer

® Hydraulic engineer

o Streel structure advisor

® Mechanical Engineer

Similar boundaries of interchange of information might arise if the spatial and the
structural design are partly performed in parallel. Generally with respect to
information control it is recommended to limit the number of boundaries for
information exchange. However, If there is a strong demand to process within a
very limited time schedule, parallel execution cannot always be excluded.

In the project managed work scheme according to Wijnen (1984), five control
parameters are recognised; to begin with the trio, time, cost and guality, and
subsequently the duo; organisation and information.

In the first trio, the benefit-cost aspects may be recognised, whereas within that
frame quality is a weak parameter to control. The latter is awkward as the benefit
of a project is related to this parameter. Maybe quality is a too abstract
formulation for the control of the benefit of an investment.

In the latter duo, the problem of sharing information and of decision making is
controlled. If it is recognised that optimisation is an important issue for design,
the necessity to give a strong emphasis on organisation would not be necessary.
The problem of sharing information however would deserve much more attention
and would give a more direct link to the way in which an organisation to carry
out the design is selected.

2.5.1 Auwtomating as an objective means of sharing information
With respect to the communication problem, in a time that automating and the
development of an IT infrastructure in offices is strongly developing, these
developments can also be used to solve the problem of sharing information. If ali
the relevant information related to the development of an object could be stored
in a central database, which 15 available for all the project partners, the
cormmunication problem would be strongly diminished. However, a requirement
for success in such an approach would be that it is a structured database, where
all the information is stored only once in an objective way. The advantage of such
a development would be increased, if the various design analyses took their input
directly from the data in this database. The availability of coupling-interfaces,
between this structured database and application software to perform sub-
optimisations such as discussed in the preceding paragraphs, would be necessary.
The CUR/LWI development program is a step in this direction. In practice, this
technology is not yet operational, as most of the necessary application software is
not yet available.
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Although this type of working is not available in its completeness, small steps in
the direction of a work procedure like this might be taken, and taken advantage
of.

Especially if we focus on structural analysis, and within that frame on the main
subject in this thesis, geo-technical analysis, the application of one spatial
mechanical model to analyse

s deformations

® stability

° dynamics

® time depended behaviour

For successive steps in the staged construction of a civil engineering work, is an
example of a successful approach for this problem.

Seen from the more broad perspective of integral design this example is only a
small step. For the advancement geo-technical engineering however, this
development is an important step.

Where formerly for each point of evaluation it was necessary to apply a
different model:

e stability; Slip surface analysis (according to Bishop)

s stress distribution, Boussinesq, solar of Newmark etc.

o deformations Empirical; e.g. settlement trough proposed
by Peck

e structural analysis Subgrade reaction models (Hetenyi)

For each aspect a different model 1s needed to test whether requirements related
to this aspect can be met. Quite often in this process, inconsistencies with respect
to the use of parameters in the models cause a difficulty. Sometimes more than
one parameter is used for what essentially is one property, e.g. the Young’'s
modulus Esg, the shear modulus Gs,, the compression modulus according to the
Oedometer test E,,,, m,, or related to stiffness, the consolidation coefficient.

To add to these difficulties, sometimes completely different parameters are
denoted by the same character, e.g. k for spring modulus, as well as k for the
Darcy permeability of soils or for the subgrade reaction modulus.

With the introduction of Finite Element analysis, material behaviour based on
continuum mechanics is introduced. Besides that, Finite Elemnent analysis can be
used to analyse most of the aforementioned aspects within the framework of one
spatial model. With this, the difficulties in interpreting the relevant input
parameters and in communicating information about these is strongly diminished.
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2.6 SUMMARY

In this chapter, different aspects related to the design of civil engineering works
have been discussed. Designing is not only seen from the perspective of the
design process, or as a creative effort. Designing is also discussed from the
perspective of optimisation by employing the economic approach.

In the latter perspective the interaction between creativity, (the skill to generate
alternatives which meet requirements), and the evaluation of alternatives, leads to
a systematic approach in which alternatives are ordered according to their merit.

Observed from the cconomic perspective, the common approach, which is
applied in the initial phase of a project, can be classified as a total benefit-cost
analysis. Whereas in subsequent design stages, the evaluation of alternatives
shifts to marginal benefit-cost analysis in the functional-Spatial design phase,
where the type of structure is determined. Finally in the structural design phase
the optimisation usually is limited to optimising the solution with respect to cost.

Among structural designers, those who explicitly realise that the evaluation of
alternatives is being performed according to these procedures form a minority.
This lack of appreciation is enhanced by the common practice of introducing
partial safety factors, conforming to the standard requirements for structural
design, the ‘Bouwbesluit’ and the "TGB’. The introduction of partial safety
factors masks the way that alternatives are being evaluated.

As a common shared view on how an objective approach for an optimisation
process would have to look like is lacking, there is no strong hold on the way the
optimisation process is applied in practice. Especially for the design of public
works, society would benefit from the choice for a marginal benefit-cost analysis.

Based on the assumption that structural design is essentially a form of cost
minimisation, two aspects have to be named which might influence the choice of
models to be used in structural design. Aspects which need a more refined
evaluation before a final position with respect to the use of models, is being
taken,

® Model uncertainty
¢ Cost of analysis

In the following chapters, both aspects will play a role in the evaluation of the
development of models.




CHAPTER 3

Development of models for structural analysis

3.1 INTRODUCTION

In chapter 2, structural design has been discussed in general terms. What we have
seen is that the design process is composed of a creative effort, where feasible
alternatives are brought forward, and analytical effort, where the alternatives are
optimised. The second aspect of structural design that we have seen is that in the
optimisation step a balance is sought between the value of the function being
created, and the investment.

Development
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Figure 3.1 Design; two steps forward, creating an
alternative, one step backward evaluating its
performance.

For structures, where the risk of structural failure, i.e. collapse, always plays an
important roll, it has to be remembered that the risk of failure is implicitly
mcluded in the cost. This risk might dominate above other value components if
not taken into account properly. Therefore it is a common acknowledged fact that
structural analysis is an important part of the design. The evaluation of the
ultimate limit state is therefore mandatory.

Another important consideration in the optimisation is that if the structure is
not able to sustain its structural integrity in a proper way during its lifetime,

29
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(although not failing), the functions it has to fulfil might not be guaranteed. The
serviceability of the structure is then at risk.

After the creative step taken first, inevitably, a second step follows where the
feasible alternatives are put to the test, and optimised with respect to their
performance and cost. Metaphorically, one might say that the creation of a design
alternative takes us two steps forward, see Fig. 3.1, whereas subsequently the
optimisation and evaluation of the alternative takes us back one step.

The two steps forward is strongly related to the human capability to synthesise
a solution, based on a thorough knowledge of all the demands and the resources
available. This synthesis is related to our intuition to what is feasible. The
backward step is much more analytic and relies on deductive processes and
understanding of behaviour. Although we have been put back one step, on the
whole the design has made progress.

Structural analysis has to be placed in the context of the backward step; putting
design alternatives to the test. That is, analysing whether the behaviour of the
structure satisfies the relevant criteria.

3.2 STRUCTURAL ANALYSIS

Here the adjective ‘structural’ is used if the analysis is related to a coherent
mechanical system. Though a dike or an embankment is a structure according to
this definition, here in this study, the description ‘structural’ is mainly used in the
context, where a soil body is combined with a structure, not being a soil body,
such as a building on top of the soil, or a structure build up of steel or concrete,
on top, or in the soil, such as a sheet pile wall. As there is a large difference in the
length scale of a structural element and a soil particle, and related to that a large
difference in strength and stiffness, soil retaining structures often show a
mechanical behaviour which is distinctly different to that of a soil body, such as a
dike or an embankment.

Common acknowledged aspects for the evaluation of a structure in its Hmit
states are:

s Strength

s  Stiffness

o Stabiliry
These aspects relate to the behaviour of a structure both in the ultimate limit
state, and for the serviceability limit state.

In order to test a feasible structure for its limit state conditions, models are
used. The time when a structure was built and then verified by a loading test, i.e.
a predefined overloading of the prototype, has now passed. Therefore, modern
structural analysis relies on models.

Since the introduction of computers in the second half of the 20® century, the
development of numerical models has been strongly enhanced. For structural
analysis, and also for groundwater-flow, the development of numerical models
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based on finite element techniques has strongly enhanced the use of these models.
The development and tailoring of such for practical purposes is the main topic of
this thesis,

3.3 SOURCES FOR MODEL DEVELOPMENT

3.3.1 Limit state analysis
Structural models have to be able to describe the limit states for structures, 1.e.
the ultimate limit state, and if possible be able to describe behaviour to evaluate
the serviceability limit state(s). To begin developing structural models a certain
amount of knowledge about the modes of failure is needed. A behavioural model
that is unable to describe failure modes is a weak model.

Examples of models based on the description of a single mechanism are

e Bishop’s slip circle analysis for the stability of sloping surfaces
Prandil’s theory of bearing capacity

e Brinch Hansen’s empirical model for bearing capacity

s  Blum’s theory for sheet pile walls

Knowledge about failure modes directly or indirectly comes from observations.
Case histories describing real failures, for example, are an important source.
Laboratory tests on samples or on structural parts may also develop insight into
the way that a structure might behave. Based on that, mechanical concepts might
be used to evaluate the probability of a feasible mode of failure.

Both direct observations as well as mechanical concepts might be a source for
model development.

3.3.2 Development space

In addition to observations only, which are a primary source for knowledge about
limit states, another source for model development would be the evaluation of
models, used and applied in practice, in combination with observations related to
these structures. If these observations relate to failures they even have a higher
value. Back-analysis of case histories might give us another source.

If one would recognise the existence of a mathematical domain, to develop
models to describe structural behaviour, such a development space might be
spanned on a finite number of parameters. If there would be an insight where in
this development space, the models show an inability to describe observed
behaviour, further model development could be directed on this part of the
development space.

In this context it is important to have a view on models developed in the past
and also on the shortcomings of subsequent models. If a hierarchy, a
classification of grades of performance of models, was apparent between
subsequent models, this might help to distinguish promising further
developments.

The parameters being used as a base for a model are decisive for the model
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space that comes forward from a model. The addition of additional parameters
expands the solution space. Contrary to the arbitrary use of parameters, from a
physical point of view a specific hierarchy in the use of parameters is also
possible. Based on this the development space for model developments, creating
a sequential hierarchy between models along the following lines of model
extension, might be recognised:

1 static

2. cyelic

3. dynamic

a discrete

b continuum

A. elastic

B. elastic plastic

C elastic visco-plastic

D visco-elastic visco-plastic
{ one dimensional

i plane strain/plane stress
i axi-symmetric

iv three dimensional

B.1 Coulomb friction

B2 Mohr Coulomb strength
B3 Tresca

B.4 Von Mises

B.S5 Cam-Clay model

B.o Friction hardening model

A one phase model

P. uncoupled two phase; (groundwater flow - stress analysis)
I coupled two phase; (consolidation analysis)

O three phase

Each line of extension might be regarded as an axis in a multi dimensional
development space. A coordinate in this development space would characterize a
model type.

If weighting would be assigned to each axis in the development space, an
explicit hierarchy would become apparent between models. As the weighting
assigned to an axis is arbitrary, the only hierarchy recognized is that between
models, (which have a similar co-ordinate) only differing on one development
axis. To develop an opinion to decide for promising development directions, the
evaluation of subsequent models, and observed discrepancy of these models with
observations is valuable, taking into account the position of a model with respect
to its position in the development space.

Within this concept of a development space, development might proceed by
making new combinations, where feasible new models move further away from
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the origin in this development space. Theoretically this process might proceed up
to the point that the space is filled up with models, then the process halts until a
new development axis is recognised.

If one chooses a careful position for observation of the models, a certain
hierarchy between the models may be recognised. If one validates models of
subsequent hierarchy, a diminishing error between observations and model
should be observed. Although it must be recognised that the absolute error of a
model will not necessarily become smaller when a model is refined. A complex
model will only give a better prediction if all the parameters are correctly
estimated.

The additional parameters in a complex model may introduce additional
uncertainty that counteracts the improved accuracy of the model.

3.3.3 Verification
An important step to be taken when developing a new model is verification.
Verification in practice means making a comparison with previous models. For
these previous models, which are assumed to be lower in hierarchy and therefore
simpler, it is assumed that there are a sufficient number of commonly accepted
solutions.
Verification is a logical test.

The following models for verification are available
Analytical solutions, often elastic solutions
Upper bound solutions applying plasticity theory
Lower bound solutions, equilibrium solutions
Hierarchical models of lower order

@ ® ¢ e

For a specific case, one or more of these models may be used to compare with the
new model. For an elastic analysis, the new model should provide a close match.
If the material model is used to model associated flow plasticity, then it should
provide a solution that is between the upper and lower bound solutions. For non-
associative material behaviour, the new model should provide a close match with
models of fower hierarchy, for the case that new parameters are assigned neutral
values. The new model should be able to exhibit the behaviour of the preceding
models in the hierarchy.

3.3.4 Validation

The final stage in the development of a model is validation. The term ‘validation’
describes the effort to establish insight into the capability of a model to describe
prototype behaviour. This means that a different type of comparison is made, not
with other models, but with observations. The following observations might be
used for this purpose:

s Empirical relations (implicit observations)
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o Physical model tests; e.g. 1D lab tests; centrifuge tests
e Prototype tests;

e Prediction/evaluation

e Back-analysis

Empirical relations are judged here as a form of condensed observations and
therefore applicable for validation. Laboratory tests might be used for testing the
integrity of important components of a model. Essentially in laboratory tests
relatively homogeneous processes are tested, for which the model needs to be
able to describe observed behaviour.

Finally prototype measurements, and preferably in combination with a set up
where the model is used for predictions, make it possible to do real validation.
Where a back-analysis gives an impression about the integrity of a model, the
combination prediction versus measurement; evaluation gives a view on the
practical value of a model; the power to use the model for design purposes.

If a model is used to investigate the variations of the parameters, the
comparison of the results with the measurements might give an impression about
the mode! accuracy. Though this variation implicitly includes the uncertainty of
the parameters, the band-with in model outcome gives an impression of the
stability of the model. If this band-with is large, it means that a small variation, or
uncertainty, in a parameter means a large shift in the outcome. If a parameter is
difficult to establish, and the model is sensitive for such a parameter, this would
mean that the model is unfit for design purposes, though the model might still be
useful for back-analyses purposes.

3.4 THE MERIT OF A MODEL

The merit of a model consists of several components. Good agreement with
observations in a back-analysis is the first one. If a model is able to predict tests
with a high accuracy, such a model becomes useful for design purposes.

Another aspect is the cost of the development of a model. The specification of
a model is developed much faster than that the model is formulated, tested for
integrity, verified, and validated. Furthermore if the model will be used by a
larger group of users, the cost related to making the model accessible to others
must be considered. Efforts related to user-friendliness and education; seminars
and workshops needed for the transfer of information to prospective users have to
be considered. If the model has to be maintained for a long period, cost related to
maintenance of the model and also updates involving adjustments and corrections
have to be considered. If the model is a numerical model, the source code has to
be maintained and kept up with new releases of compilers and operating systems.

If there is a necessity for a model, such as if the proposed structure cannot be
designed and realised within a low enough probability of failure without the
accurate model (e.g. rocket to the moon, storm surge barrier), the aforementioned
cost are relatively small in comparison to the investment in the main project.
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Without a necessity for a model or if the investment is not small in comparison to
the main project, the economic evaluation such as discussed in chapter 2 has to
be taken into account again.

3.4.1 Finite element analysis

The development of numerical models; e.g. finite element analysis, based on
continuum mechanics, enables the development of a consistent concept for a
unified approach for structural models; i.e. one single concept for all types of
structures.

One of the main features of the finite element method is that it is general
enough to produce failure mechanisms that have not been included as such in the
model, but are incorporated on a deeper level, by using a general field of
deformations.

The advantages of such an approach are:

¢ Unification of model developments. The effort being put in model
development for different criteria is less. Developments are not primarily
aimed at one application or criteria to evaluate.
e Education. The structural analyst only has to know one type of model
s Maintenance of source code
In this thesis a secondary aim is to evaluate the power of the finite element
method to cope with different types of engineering problem. One of the crucial
questions then is whether the consistency of the finite element method is more
reliable than the implicit strength of empirical models. Empirical models
implicitly include aspects such as 3D, dynamics, creep, ageing, which have to be
included in finite element analysis in an explicit way.

In the cases treated in chapter 5, 6 and 7, the composition of the finite element

method to adjust to a number of practical problems is analysed and evaluated.

3.5 DEVELOPMENT STRATEGY

The development strategy followed in this thesis is related to the development of
finite element techniques for practical purposes in civil engineering; i.e. soil
retaining structures.

The strategy is composed of the following steps, see Fig. 3.2

Knowledge of the mechanisms and modes of failure.

Knowledge of the hierarchy of existing models for structural analysis.
Insight into the inaccuracy of existing models.

Proposing new models, within the framework of finite element techniques.
Verification of the models, comparing the results with models of lower
hierarchy.

6. Making predictions with the new model.

Performing tests.

8. Validation of the model eveluating the new model with respect to the tests
results.

N

=~
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3.6 CONCLUDING REMARKS

In this chapter, a strategy to develop models for structural analysis is discussed.
The application domain for developments is mainly aimed at soil retaining
structures. Structural analysis is discussed in the context of design of structures.
Design of structures is considered as being composed of a creative effort

producing feasible alternatives,

alternatives are being put to the test and optimised.

followed by an analytic effort, where the
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Structural analysis is an important part of the optimisation of a structure. Without
knowledge (using models) of the behaviour of a structure, the optimisation
merely would become an arbitrary extrapolation, which would be a high-risk
process. The sources for the development of models for structural analysis are
discussed. The merit of finite element analysis, as a development domain for
models for structural analysis was discussed. Finally the development strategy is
sumumarised.







CHAPTER 4

Soil mechanics and groundwater flow

4.1 INTRODUCTION

Thus far in the first three chapters the main focus is on methodology, the
methodology to optimise the design for a civil engineering structure, and on a
different level the methodology to develop models for structural analysis, The
latter will be looked upon in more detail in the second part of this study, i.e. in
the chapters 5, 6 and 7. In these chapters, the development of models for three
different types of civil engineering structures will be studied and evaluated. In
between these distinctly different parts of this thesis, here in chapter 4, a
crossover s being made between the part that is related to methodology and the
part that is related to technology. In this chapter a review is given of the main
principles that are being used in the development of models for structural
analysis, t.e. for the approach mainly taken in this study applying the method of
finite elements. Apart from the review, two items that are not being found in the
textbooks will be focussed on. The first is that for large volume strains higher
order terms should be taken in consideration. The second is, that groundwater
flow may be analysed applying the principle of virtual work.

In this chapter, the main principles of soil mechanics, i.e. continuity of
particles, groundwater and stress will be discussed. When the structural design of
a soil retaining structure is considered, i.e. the analysis of stresses and strains,
this is mostly atmed at the analysis of strength and stability of the structure and in
some cases this includes the analysis of stiffness and displacements. In this thesis
it is generally assumed that soil particles are small with respect to the scale of the
problems analysed and therefore soil 15 analysed using continuum mechanics.

The main principles for soil mechanics are:

s conservation of mass of the components (solids and water)
e conservation of momentum
s constitutive relations

These principles will be discussed in a coherent frame of reference; i.e. the
balance equations needed to develop mechanical models for analysis will be
derived using the same line of reasoning.

Since the strong formulation of stress equilibriom and or the storage equation
(which will be discussed in paragraph 4.2, involves differential equations that

39
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cannot be integrated directly, (to give a linear system of algebraic equations), an
alternative scheme related to physical aspects is discussed. The approach taken,
both for stress analysis as well as for groundwater flow is the principle of virtual
work. This approach was chosen, in order not to lose a relationship between the
numerical schemes and the physical background of the problems analysed.
Moreover, it will be shown that groundwater flow, in a weak formulation, can be
handled by the principle of virtual work.

With respect to groundwater flow, and in relation to equilibrium of stresses,
consideration will be given to the effects of groundwater flow in a static analysis
of ground deformations, and stability analysis.

Finally the elementary derivation of the partial differential equation for elasto-
plastic constitutive behaviour of soil, ie. the Mohr-Coulomb criterion, is
reproduced.

4.2 THE STORAGE EQUATION

To begin with the balance equations for a soil mass will be evaluated, ie.
conservation of mass for both pore-water and soil particles. A continuum
approach to derive equations will be used.

Conservation of soil mass
For the soil particles this requires

pli-n)p,) a1-np, ) o1-mp ,v;)

Dr ot ox;

=0 4.1

Where p, is the density of the soil particles, n is the porosity (the relative pore
volume), v; is the velocity vector of the soil, and x; is the position vector of a
material point, the spatial co-ordinates. As a first assumption we assume that soil
particles are incompressible, so p, 1s a constant and we can divide equation 4.1.
by p, to obtain

on_ ((1-n;)

=0 (4.2)
8! 8xi
or subsequently if we apply differentiation by parts:
aly: -
L (Vl)—vfa(] n)_g (4.3)
a[ axi E)xi

which can be rearranged to give:

__.“(]»”)_i;zo (4.4)
Dt i
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where 2" is the material derivative defined by 2"},,—_9_}3,.}.\,’..9.’3_
Dr Dr dr Cdy

Conservation of pore-water
Secondly we demand conservation of mass for the pore-water

Dnp,, —dnp,, dnp,w;
m o
Dr ot dx;

=0 (4.5)

where p,, 1s the density of the pore-water and w, is the velocity of the pore-
water. After Verruijt (1969), we will introduce the hydraulic discharge as the
difference between pore-water velocity, and the velocity of the soil particles,
taking into account the porosity: g, =n{w, -v,)

Substituting this in equation 4.5 gives:

anpw ) 5(pw‘t'i>§ 8npwvi =0
ot ox; dx;

or

a’?@w . a@w%)% v, aA”pw +(ilpw)“_a“}:é” =0
dt 5,\; (}X[' ()XI'

or

Dnp,, ; a(pw%’)[ (np \&Vi =0

¥ 1

Dr dx; Y79 X;

or

o (4.6)

Substitution of equation 4.4 in equation 4.6 will give

Dp,, av, dp,q:) dv;
N (1—nlp,, —tp WL V2L )
Dt ( )pn 8xl~ axi ( Py /8)6[
oF
” Dpw +p,, dvi +a®wqi )2:0 4.7)
Dt ax,; 8x,~

In contradistinction to the assumption that soil particles are incompressible, it is
assumed that pore-water is indeed compressible. Comparing the strains observed
in soil with the Young’s modulus of e.g. silica (for sand), in a tri-axial cell, it is
observed that the stress levels and therefore the strain levels in the particle are
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low. Therefore the conclusion is drawn that the main cause of deformations such
as observed during soil loading has to be attributed to rearrangement of particles.
Though pure water is essentially incompressible too, in practice the volumetric
deformation has to be accounted for the presence of air bubbles. This matter was
dealt with in more detail by Barends (1980) and Teunissen (1982). Only when the
overpressure takes a value of about three times the atmospheric pressure, the
compressibility of the pore-water reduces to a small value. This lies beyond the
pressure encountered in normal civil engineering practice.

As an intermediate step we will look into the character of the divergence term

—?i Here it should be realised that the soil velocity is defined as
UX;

Dy 0x(Xp,t
vy = Xl: rl( R ) (4.8)
Dt ot

where X, is a reference frame of co-ordinates so that:

Dx;_ 0 x; N dx; 9X; 49)
Dt dtr  JX; Ot

If we recognise that _%).(.L = 0 , because we assume that the frame of reference
t

does not change in time, this gives:

Dx; dx;

i 94 (4.10) -

Dt o
and therefore

dv; 2y

A 97 xi (411

dx; dX;ot
According to this derivation it seems as if it does not matter whether the
volumetric strain; ﬁ}_‘_l_ is calculated based on small deformations or on large

X

deformations. With respect to small or large deformations such a conclusion is
valid. The conclusion with respect to small or large strains however must be
different, as will be shown.
Considering the volumetric strain based on a kinematics perspective, the
volumetric strain would be:

ox;

; ox;0x;  0x;0x joxy

T, T axax ;T axax ox,

(4.12)
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If we ignore all terms of higher order (the terms within the brackets), a simple
relation between the deformations and the volume strain is found

. Maxi

£, = % (4.13)
For which by time differentiation the volume strain rate can be found
D ox;

Applying equation 4.10 and changing the order of integration, it becomes clear
that for small strains, the total derivative may be exchanged by the partial
derivative, even for large deformations:

2 2, a2,
De, o°x 07y, 0°c oe 4.15)
Dt 0Xor oYor oZor ot

Thus, for a small strain rate:

DSV 8\/’5

e (4.16)
Dt ax,-
If we combine this with equation 4.7 we arrive at:
0 ; D )
(pwq’)m (p‘”)+ De, =0 (4.17)

ox; D Pwpr T

Furthermore, after Barends (1980), a relation between density, and pore-pressure
will be used according to

p,.=pexp(Blp- py)) (4.18)

and therefore:

dp,=poexp(B( p-po)Bdp=Pp,dp (4.19)
Which gives:
D
Py _ 5 Dp (4.20)
Dt Dr

This equation may be used to derive the storage equaion in which grain
compressibility is neglected and volumetric strains are small. For that conditions,
the storage equation reads as:
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a(D wdi ) De, Dp

+n 421
ox; +9WD pwﬁ 42n

Which can be rewritten in terms of partial derivatives, considering equation 4.16,
as:

a(pr]l )

de,, dp
=0 4.22
o TPwT +np,,p [ } (4.22)

axi

The last term in the brackets ; _aﬂcan be recognised as the convection term due
ox
4
to large displacements (for small strains).
For most practical problems the velocity of the soil skeleton is very small.
Convection terms may therefore be treated as terms of higher order and
neglected. Equation 4.22 may then be simplified for the case of small

deformations according to:

a(pw%)

og,, ap
%y 12P - 4.23
ax P "*'”pwﬁ(az) 29

If the gradient in the pore-water density is small, this simplifies even further
according to:

dg;  o&, dp \
A 1= =0 424
Bxi+ar +nﬁ[a[] #29

which is recognised as the storage equation in the form described by Verruijt
(1969)

4.3 GROUND-WATER FLOW AND DEFORMATION INTERACTION

Equilibrium of stresses within a continuum requires that
—+pf ;= (4.25)

Where oy is the Cauchy stress tensor, p is the soil density, and f; is the
distributed force per unit of soil mass. According to Terzaghi’s principle of
effective stresses, see Terzaghi (1948), we divide the total stresses into an
effective part denoted with a dash (") and a pore-water pressure

Gij= Ojj + P & (4.26)

Where 6 is the Kronecker delta, for which 8; = 0 if i # j and §; = | if i = j. The
decomposition of the soil stresses into effective stresses, and pore-water pressure,
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and the subsequent assumption that the soil deformation is governed by the
effective stresses only, indicates the important role of groundwater in
deformation analysis.

The effect of this role is more clearly displayed if we assume a simple relation
for the strength of soil, e.g. the Coulomb relation for the shear strength.

Ter =0 tanQ + ¢ (4.27)

Where 1., 1s the critical shear strength, ¢ is the effective normal stress, and ¢ is
the cohesion of the soil and o is the effective soil friction angle.

Since the effective stress is the total stress minus the pore-water pressure;
o}j=0,-pd;, and since the total stress G;; is often dominated by the overburden
pressure, for drained soil, the absolute value of the pore-water pressure indirectly
influences the shear strength of the soil.

To calculate the deformations of the soil we have to combine the equilibrium
equations with the constitutive behaviour of the soil. Here to begin with, we will
not focus on the constitutive behaviour, but on the equilibrium equation. Written
out using Terzaghi's principle of effective stresses this reads:

ﬂ_+ﬁ+pfi:0 (428)
dxj  Ox
The pore-water pressure gradient appears in the equations of equilibrium for the
soil mass. For a full understanding of the effects that are associated with this, the
relation between the pore-water pressure and the groundwater head will be
considered.
If the groundwater head, @, is related to the pore-water pressure according to

dp

’YM}

(4.29)

D=7+

Where v, is the unit weight of the groundwater; ie. v, = p. £ , and z is the
geometric height, with reference to a system of co-ordinates; the z axis is
upwards.

This means that p=(®- z)y,,» and therefore:

.QK_ ob oz

= (4.30)
oy Yoy oy

If the groundwater condition is only described by a water table, assuming a
hydrostatic pressure below the water table, then the gradient in groundwater head
in the z direction is often neglected, see Dupuit (1863). For cases where this
vertical groundwater head gradient is small, with respect to unity, this is
acceptable. For many sea dike and river embankment problems, this assumption
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is valid. If we look at groundwater flow under a sheet pile wall in sand, however,
the seepage might create large vertical gradients.

Consider for example, a deep excavation where there is a danger of collapse at
the base of the excavation when there is high pore-water pressure in deeper sand
layers. In this case such an assumption is clearly not valid. For the common semi-
empirical models often used in practice, this aspect has to be considered
explicitly. For the continzum mechanics based finite element models, this feature
of behaviour is included implicitly.

4.4 EQUILIBRIUM OF STRESSES; LE. VIRTUAL WORK

Consider a stress field, and let o;(x,y) be the equilibrium field of the Cauchy

stress tensor in plane strain. Equilibrium being governed by the equilibrium

equation 4.25, which means that in the body of a continuum V it is demanded that
d ;i

inV —24pf =0 (4.31)

dx; J

Where on a boundary with a stress boundary condition, denoted as §,, an

equilibrium boundary condition for the stresses is given according to:

on Sy Ojjn=; (4.32)

Whereas on a boundary where the boundary condition is determined by
displacements, denoted as S, a kinematics boundary condition for the
displacements is given according to:

on Sy uj=g (4.33)

The solution for these equations is sought, such that an admissible deformation
field u; 1s assumed which satisfies equation 4.33. Subsequently a perturbed
deformation distribution u; + du; is assumed. The deformation field u; and the
perturbed deformation field u; + 8u; are not necessarily correlated to the stress-
field o;. This perturbed deformation field is subjected to the condition that dujls,
= 0. That is, the variation becomes zero for those parts of the domain where a
boundary condition is imposed upon the solution. If we now form the scalar
product of (the vector) du; with the left-hand side of equation 4.31 and integrate
over the field, we obtain

J’[agci.j )Buj +pfj-5uj }ﬁ/ =0 (4.34)

X
v i

Applying integration by parts on the first term we obtain:
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J‘i(c;*?)5ujdv=ja(0ijjuj)dv J‘ U%d‘) (4.35)
1%

where the first term can be transformed into a boundary integral according to the
divergence theorem

facl] Bu jdv= §(6 S nzds- j U(SBSM 851{5 v (4.36)
)X 5 xj

Where:

odu; _0bu; }
e (4.37)

Se; = | 52
2 8\71 Bxi

The boundary integral can be simplified due to the assumption that &zjis

necessarily 0 on S,, which gives that:

d0j;
J. 5u cdv= §(Glj5uj)-n,~ds—jc,jﬁeﬁdv (4.38)
i g v
Sy

Substituting this in equation 4.34 and making use of equation 4.32 gives the
equation of virtual work:

o 08 pf; Ou ¢ Su - ds (4.39)
e 51 bfy
v

4.5 CONTINUITY OF PORE-WATER

The strong formulation of the storage equation, 4.24, i.e. the groundwater flow
equation, cannot be integrated directly to give a linear system of algebraic
equations, as required for numerical analysis. As this drawback also applies for
equilibrium of stresses, in practice for elastic systems, the principle of minimum
potential energy is preferred above direct integration of the stress equilibrium
equations, for the development of numerical analysis. For systems dissipating
energy, the equation of virtual work is used.

For groundwater flow, which is also an energy dissipating system, a water
particle moving along a streamline follows the negative gradient of the energy
potential. The principle of virtual displacements is therefore not applicable. For
practical purposes the mathematical principle of Galerkin is often applied, which
gives the same equations as when applying Hamilton’s principle, see the next
section. It will be shown in the next section that groundwater flow, both for
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steady and transient flow, may be analysed according to the principle of virtual
work in the same way as for stress analysis.

4.5.1 Hamilton’s principle for groundwater flow
Consider a groundwater particle moving in a field of groundwater flow, and let
p(x.y) be the vector of groundwater pressure. According to the storage equation
for small deformations, the continuity of groundwater flow in the body of a
continuum V is determined by, see equation 4.24:

inv gﬂ + % + nBr(%{—}: 0 (4.40)

X i

For the boundary where a continuity boundary is demanded, denoted as 5; a
continuity boundary condition for the discharges is demanded according to:

on Sy g npeg (4.41)

for the boundary where a condition with respect to the groundwater head is
imposed, denoted as 8, a boundary condition for the pressure according to:

on Sy p=f (4.42)

The solution for this equation is sought for in such a way that an admissible
pressure p is assumed which satisfies equation 4.42,

Consider a pressure distribution p + 8p where dp is and arbitrary function of x,
v, z and 1, except for the fact that §p =0 on S,, i.e. the variation becomes zero for
that part of the field where a pressure boundary condition is applied. If we
subsequently form the scalar product of (the vector) 8p with the left-hand side of
equation 4.40 and integrate over the field, we obtain:

. 3
j —a—g’—5p+ -Qgi+rzB’ 9r Op ldv=0 (4.43)
’ dx; ot o )|
Applying integration by parts on the first term we obtain:
dq; _dlg; 8
| U Spay= J (a:3p )dv-— [q; iéfidv (4.44)
vox; v ox; v ooox;

The first term can be transformed into a boundary integral according to the
divergence theorem:

dg; 3 [ 0%p
‘J;S;ZSp(lv~§f(qi8p) n;ds iq:é;;dv (4.45)

The boundary integral vanishes for S,, due to the assumed properties of 3p,
Hence Equation 4.45 can be rewritten to give
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abp (8&, (oo |, ) ”
f{qi o 15 + nﬁx—é—f—} p |dv = §(g5p)d3 (4.46)

14 \ 5

In similarity with equation 4.39, and recognising that the product §gpds has the

equation 4.46 may be recognised as the virtual work (per unit of time) of the
discharge on boundary S;. In addition to that, the volume integral may be
recognised as the virtual work in the soil mass.

If groundwater flow is being considered as such, i.e. if the storage part of
equation 4.46 is of minor importance, this equation can be rewritten in terms of
the groundwater head only, applying equation 4.30, which gives:

IQi aS(DdV = §(g5®)d§ (4.47)
a,‘fi g
Sy

It may be recognised with this, that continuity in groundwater flow in a weak
formulation can be modelled following the same line of reasoning as for
structural mechanics, i.e. by applying the principle of virtual work.

4.6 SOIL BEHAVIOUR AND CONSTITUTIVE MODELLING

For the modelling of soil behaviour several options such as perfect plasticity,
isotropic hardening, Hard-soil model and Cam-Clay, are feasible. In this section,
for clarity purposes, only one of the simplest options for perfect plasticity is
discussed, as for retaining walls, the marginal benefit of stepping from subgrade
reaction models up to 2D elasto-plastic analysis is greater than any other
subsequent step.

The equations for elasto-plasticity are derived by assuming that the total strain
rate is the sumn of an elastic part and a plastic part, i.e.

g=¢°+eP=D"g+e? (4.48)
The matrix D denotes an elasticity matrix which for plane deformations with
&%, =0, is derived using Hooke’s law to give:

[1-=v -v 0
1

Dl=—— v 1-v 0 (4.49)
2(1’5
| 0 0 2
where:
G = elasric shear modulus

VvV = Poisson’s ratio
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Figure 4.1 Characteristic sotl behaviour according to
the elasto-plastic modelling of Mohr-
Coulomb constitutive behaviour.

Plastic strains are derived from a plastic potential function g according to

gl :xi’-g; (4.50)

dc

under the assumption that for plastic straining, the stresses lie on a yield surface f
1.e. that for the development of plastic strains it is demanded that the yield
function f= 0.

The yield function f'such as used in the main parts of the analyses in this thesis
are defined according to the Mohr-Coulomb criterion:
_01~-63 ©;+0;3

2 2

The plastic potential function g is similar in form to the yield function:

f SINQ — ¢ ¢Os @ 4.51)

o) — O3 +03 .

=51 26,« G 20"3 siny (4.52)

The value of f is zero, and remains zero during plastic deformations; fg) = 0
and f(c)=0

Partially differentiating f, and combining this with equation 4.48 gives:
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T et og
=t §=— | DEF ~AD=—2 =0 4.53
/ 1o ° oG ¢ do (433

From which A can be solved to give
T
9/ g
A=00 (4.54)
d

Where

T
=L p2& (@55)
do oo
The plastic flow is non-associated, as the angle of dilation, v, is generally much
smaller than the friction angle ¢ (see, for example Smith (1982)). If both ¢ and v
are taken as genuine constants, then d, can be simplified to give the auxiliary
constant;

T R R
9/ p98 _ o Snesiny, (4.56)
oo ] 1-2v

Combining this result with equation 4.48, the following incremental differential
equation 1s derived:

T
9/ pe 5
De=6+-99 ___p2& (4.57)
d Jc

If this equation is integrated over a ‘time’-step, where the simplified notation is
4

4
used that Ag = Jddl ,and Ag = J.éa'[, then an incremental stress strain relation

RN 1—Ar
can be derived according to:
Dag [:[a T
Dae=Ac +—99 [ 91 pey (4.58)
d . 0o
r=(

T
Where it is estimated that the integrand part is approximately %{—Dé ~ f(0).
)
The integrated equation therefore becomes:

28

DAe=Ac +—-3~°~'~{/’(0’ -£(6°)} (4.59)
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If we recognise, that for plastic straining, {c”) = 0 this can be simplified to give a
relatively simple incremental stress strain relation for elasto-plastic deformations:

ot
DAE =AG &—l})—aﬁ (4.60)
d do

In elasto-plastic analysis the finite increments Ag and Ae are used rather than the

rates & and & . Similarly we use Au for the nodal displacement increments and
Ag for the force increments.

4.7 FINITE ELEMENT IMPLEMENTATION

The implementation of basic equilibrium equations into the framework of finite
Elements is illustrated for the equations of equilibrium of stresses, (see de Borst
& Vermeer (1984)):

I&Tﬁw&szfdv: éﬁuTtds (4.61)
14 52

Where here  is used here to denote the tractions on the boundary, according to:
t; = o;*n;. In order to proceed, the relation between stresses and strains has to be
formulated. Here the eguations as described in paragraph 4.6, for the elasto-
plastic version of the Mohr-Coulomb constitutive equations are adopted,
according to equation 4.60 ‘

Ac=DAg -

ot
f(6) o8 (4.62)
' oo

Applying the assumption that ¢ = ¢° + Ac, and substituting equation 4.62 into
equation 4.61 we arrive at:

| 8¢’ Dedv- jﬁqufdv:
1% 1%
At (4.63)
—fﬁaTGOdv+ §5uTtdS+ f&i&—)Déi{’idv
v Sy v d 9o
To proceed with the discretisation, a set of interpolation functions is adopted for
a finite set of sub-domains, (or finite elements), according to

ulx,y)=N a (4.64)

Where u is the continuous deformation field: » :(ux,ay )] and a denotes the

nodal displacements at discrete points. The matrix N is a set of interpolation
functions.
The relation between displacements and strains is given by
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g=Lu (4.65)

Where L is the operator matrix

d
- 0
dx
0
L=l o0 2 4.66
> (4.66)
9 9
|9y Ox |

Taking B = LN and substituting equation 4.64 and equation 4.65 into equation
4.63 gives

jBTDB Aa dvm«JNTp £dv +

v

ye v
8a’ () 5, (PO @6
+ BT 60— N tds- jBT-L)f D84y
d do
v $9
As this equation must hold for any virtual displacement da, we obtain
j B DB Aa dv= -jBTcodv + j N7 pfdv +
v 1
(4.68)

14
gl
+§NTtds+jBTA9~)D-aﬁdv
E ’ d oG
i .

One of the interpolation schemes used in the finite element code PLAXIS is
based on a fifteen-noded triangular element employing a fourth order polynomial
displacement interpolation.

To integrate equation 4.68, according to the scheme developed for iso-
parametric elements, such as the 15 noded elements of Fig 4.2, attention should
be paid to the fact that for the interpolation of co-ordinates and functions, local
co-ordinates; &, and n are used.

*(EM)= D i (€ 1)x; (4.69)

i=1
Which means that the Interpolation functions g7 =rz ), are a function of local

co-ordinates, & and 7.
The derivatives % are required to formulate the matrix B, where in practice
X

it is the derivatives y

- that are available. Using the chain rule of differentiation
)
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Figure 4.2 Fifteen noded triangular elements. Left: nodal points,

Right: the calculation points.

however we have

9 ||9x dy|d

08 | | d& 9E | dx

__?___ = _@f_ _E_}_}i _?_ (4.70)
onflon onjdy

Or, in matrix notation:

0 J

e s 471
5 o .

Where J is the Jacobean matrix relating the global co-ordinate derivatives to the
local co-ordinate derivatives. The Jacobean matrix can easily be found, using the
interpolation functions

H” = £(&m). The required relation for ——Ei— can then be found according to

X

_E_)_,_“le_?__

= 472
7% 0 3 *-72)

For the linear interpolation, being used for the triangular elements with straight
boundary edges, the inverse Jacobean may be obtained analytically. The B matrix
can than be obtained by applying a modified version of the operator L, given by

9
9&
L=0 — (4.73)
9
an

The B matrix can then be found from the equation:
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B=J'L'N (4.74)

Similar approaches are needed to deal with integration’s over the element when
those are required. Those integrals may be evaluated using the substitution
illustrated below.

j (Ydxdy= j ( YdetJdEdn (4.75)
Vv 1%

For boundary integration, the appropriate boundary interpolation functions have
to be used, and the appropriate Jacobean of the line interpolation function needs
to be applied.

In practice these integrals are mostly performed numerically, by applying
Gauss’s, or Newton-Cotes integration rules, (see among other textbooks Bathe

(1982)).

Finally, when all aspects have been considered, the matrix equation for a loading
step may be written as:

AAa = q,;+Ap (4.76)
Where A is the elastic stiffness matrix and Ap is a pseudo load vector

A= j B’DBdv 4.7
v
- _jBTcOdv (4.78)

14
qzz.[NTpf v (4.79)
14
s = §NTtds (4.80)

Ap jB ( @) }av (4.81)
do

This procedure may be classified as an elastic stiffness approach or, alternatively,
as a modified Newton-Raphson scheme or the Initial-stress method. This method
is adopted here, because for the simple Mohr-Coulomb law with a non-associated
flow rale; it has proven to deliver an efficient scheme.
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4.8 SUMMARY AND CONCLUDING REMARKS

Some elementary principles of the mechanics of soils have been discussed. The
storage equation is discussed within the framework of large displacements.
Continuity in groundwater flow is discussed within the framework of variations.
For small displacements it is shown that continuity in groundwater flow can be
conceived in a similar framework as used for equilibrium of stresses, with the
principle of virtual work.

Finally, some aspects of the numerical modelling of elasto-plastic soil using
the Mohr Coulomb failure criterion is discussed.




CHAPTER 3

Block revetments

5.1 INTRODUCTION

In this chapter the stability of block revetments under wave attack, on dikes or
embankments is discussed. Revetments of placed blocks or block mattresses are
often used to protect soil against erosion. The waves may be caused by shipping
activity in canals, or by wind action on river dikes, dikes of larger lakes and sea
dikes.

In the Netherlands, there is little natural stone and therefore the available
material has been used efficiently. It was soon realised by our ancestors that the
stability of regularly placed blocks is much better than if the stone was placed in
a random fashion. It was realised further that placing a block with its largest
dimension perpendicular to the slope further increased the stability. Placing
blocks from early days has been a personal skill, executed by hand power, see Fig
5.1. The block weight in this construction method was 20 - 50 kg, which was the
maximum that could be placed by hand.

Based on these principles an empirical revetment design emerged which could
withstand a wave height of up to I - 2 m. The development of this design was
based on trial and error. Empirical knowledge was the driving force for

Figure 5.1  Block revetment of basalt collumns
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development. The structure type finally coming forward with the largest capacity
was a cover of pitched stone, often of basaltic columns closely put together, with
lengths of the column of up to 50 cm where the attack was strongest.

The main construction method, see Fig. 5.2, consisted of placing mattresses of
straw on top of a clay cover on the dike. A bricklayer was then placed on top of
the straw mattresses, the brick layer being combined with broken stone material.
On top of this the basaltic columns were placed. The broken stone material
between the brick material and the columns was used to adjust for differences in
length between the basaltic columns.

This empirically developed revetment type ensures stability for normal
conditions. Since the execution of the Delta plan, the water defence system for

Figure 5.2 Construction of a block revetment on the Afshuitdijk, near
Kornwerderzand (1927), © municipality of Wieringen

the Southwestern part of the Netherlands, the design philosophy has adjusted to
evaluation of the ultimate limit state. Depending on the design philosophy for a
dike, the revetment might be thought of as decisive for the stability in the
ultimate limit state. The leading design philosophy for dike revetments follows
the argument that if the revetment fails, an erosion process is likely to cause
failure of the dike after a period of time. Therefore the stability of the revetment
is considered to be crucial for the ultimate limit state of the dike. If this reasoning
is extrapolated into the requirement that revetments should be capable of resisting
wave attack caused by storms with a probability of occurrence of P, = 107 a
problem arises, because the available data do not extend to this level of wave
attack. Therefore, to evaluate revetments up to their limit state, models are
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needed to describe the revetment behaviour.

To achieve this requirement much effort has been spent in the derivation of an
adequate design model for block revetments. To develop such models, adequate
insight into the limit states of a revetment s needed. Several modes of failure are
dentified, including uplift, sliding, and the stability of sub-layers.

In this chapter, generally accepted modes of failure are described in section
5.2. In section 5.3, the groundwater mechanical aspects that determine the
transfer function between wave pressure on top of a revetment, and the uplift
pressure underneath a revetment are described.

In section 5.4 an evaluation is given of the partial stability contribution
associated with restricted inflow of water into the cavity created by an unstable
single block. This partial stability contribution is evaluated for the case of a
revetment under oblique wave loading.

In section 5.5 a method of analysis for the stability against shiding of
revetments is described. As an example, the failure of block mattresses at the test
site near Lelystad is discussed in section 5.6, taking into consideration the
necessary stability requirements.

Final conclusions regarding block revetments are given in 5.7,

Parts of this chapter have been published earlier by Bakker (1988) and Bakker
(1989), The contents of both papers have been ordered anew to avoid an
irregular composition of theory and analysis.

5.2 THE STABILITY OF BLOCK REVETMENTS

To evaluate the stability of block revetments against wave attack, knowledge
about the pressures above and below the blocks is needed. This requires an
analysis of groundwater flow as well as geotechnical stability.

The failure mechanisms to be considered in designing flexible revetments on
banks and dams are:

1. uplifting of blocks,

2. sliding of the revetment

3. instability of layers underneath the blocks, e.g. filters or the subsoil
Until the last decade, design of revetments was based on local experience or the
results of model experiments. Since then, design has shifted to the application of
theoretical models.

5.2.1 Stability against uplift
The basis for the evaluation of the stability of stones in a blocks revetment is:

1. Hydraulic loading, resulting in a pressure difference above and below the blocks.
The pressure difference:

PLeAD)=f(p,gH,) (5.1
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is a function of the wave height (H;). This pressure difference is often the
main active loading on a revetment, where:
A(D) = difference in pressure head below and above the blocks [m]

Dw = density of water [kg/m’]
g = acceleration of gravity [m/sec]
H, = the significant wave height [m]

2. Strength components such as
Block weight:

Ap,gDcosa (5.2)

which is related to the component of the weight due to gravity of the block,
perpendicular to the plane of the revetment, see Fig. 5.4, where:
Aw = relative density ratio of the submerged block AW:M&; [-]
W
block thickness (perpendicular to the revetment) [m]
inclination angle of the revetment with respect to the
horizontal axis [°]

D
o

i

i
!

A partial stability factor, Iy, is calculated as the ratio between block weight
and pressure difference according to:

o ZA wPw gDcos OLxL\ w Dcos o (5.3)
PweA(®) Al®)

The difference in pressure over the revetment is often a direct function of the
wave height, e.g. A(®) = (0.2 - 0.6) H,. In practice therefore a common type
of characterisation for the strength of a revetment is the ratio H/(AD), the
inverse of equation 5.3. Practical values of H/(AD) range between 2 and 4.

This equation may be further enhanced by, including the influence of the
slope inclination, and the wave steepness, characterised by the parameter &.
As the resulting design rule is strongly empirical, a number of effects might
be included implicitly in this relation, for which the guantification needs
attention. Effects such as in the next three sub-contributions to strength, 2.1
to 2.3.

2.1 Interlocking, or friction. Due to friction between blocks, a resistance is
activated which leads to an increase in pressure difference needed to
destabilise a block. If the block is not interlocked, a partial contribution T
may be calculated analytically as:

Pl gDsinatan @

r = tan oltan ¢ (5.4)

ul

A wh wgDCOS o

This might be regarded as an additional component added to the force applied
by gravity. In this relation the lateral force is assumed to be governed only by
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the gravity component of the block. For this situation the relative contribution
of I,y 1s small, 0.05«<T,; <=0.10..

For most revetments in practice the cover layer behaves as a plate with
plate bending and shear force distribution. In this situation, interlock of the
blocks might increase the lateral forces. Frissen (1996) and Gerresen (1997)
have completed research on this topic. Due to uncertainty in the parameters
governing plate bending and interlocking there is reluctance to adopt high
values for the coniribution of interlock. In practice any revetment of
substance proves to exhibit loose blocks when inspected on this.

Another reluctance to adopt friction as a dominant parameter determining
the stability is the knowledge that at a certain point of loading the revetment
as a layer becomes unstable for larger areas, giving rise to rearrangement of
particles in layers underneath. If this situation develops, the integrity of the
revetment will become undermined in the long run.

2.2 Inertia forces. The block has to be accelerated in order to initiate movement.
If it 1s assumed that the block is accelerated for up to half the wave period
and if failure is assumed if the block displaces for 0.1 D, than the inertia force
can be approximated, as

2
0.1p 0.2p,D"

0.51, T,

5.5)

fZ:ppD

Where p, is the block density, and 7, is the wave period. Based on this, a
partial stability contribution, I',;, scaled with respect to the block weight, can
be derived as:
2
0.20 I,D
T, 02p,D

p WAW gDcosa Tpp Wiy, gcosa

T, (5.6)

The relative contribution of T',; is minor, (see for example Klein Breteler
(1995)), and will not be discussed in further detail.

2.3 Restricted inflow of pore-water to the cavity that will develop if a block of the
cover layer is ‘lifted” due to a pressure difference which exceeds the effective
block weight (i.e. Iy <1.0). The restricted inflow of water is a function of the
pressure field above the cover layer, the permeability of the cover layer, and
the permeability of the subsoil (the filter). If the velocity of an unstable
moving block is known, the pressure drop can be calculated. This pressure
drop, divided by effective block weight, may be expressed as an additional
partial stability factor. I',3.
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Where I'31s calculated as:

Al F
roo_ AP {Pws 57
u3 ApygDcoso A, Dcosa

The derivation of T',; will not be described in more detail because this is a
complex issue. An evaluation of the acceptability of considering I',;; > 0 is
described in section 5.4,

The assessment of potential uplift, assuming that the partial contributions are
independent, is made by assuming addition of the partial contributions. Based on
this, a total stability ratio is calculated, according to:

L, = u( (1 + r‘ul + le2 + le3 ) (5.8)

U

The revetment is considered to be stable against uplift for ', 21.0.

The method proposed here deviates from that described by Klein Breteler
(1995). The advantage of the formulation described here is that all partial
stability factors I'; are dimensionless and have a clear physical meaning. There
might however be doubts about the validity of calculating a partial contribution
with respect to restricted inflow; this aspect of the method is discussed in section
54

5.2.2 Stabiliry, against sliding of the revetment

The danger of sliding exists as soon as a pressure head difference above and
below, causes a considerable reduction of the friction between the cover layer
and the subsoil. For an evaluation it 15 therefore necessary to know the
groundwater head of the pore-water in the filter underneath the revetment. It is
also necessary to consider some aspects of the analysis of the revetment against
uplift as well. Other important phenomena such as the stability of the filter layer
underneath the cover layer will not be considered here, because these are beyond
the scope of this study. Stability factors with respect to sliding will be described
in section 5.5.

5.2.3 Geotechnical stability under wave impact.

Sliding instability is associated with a shallow failure mechanism at the interface
between cover layer and the first sub-layer. Other failure mechanisms associated
with deeper slip surfaces however, cannot be ignored. It is assumed here, without
proof that, for a water level drawdown or for a retraction of the wave during
wave attack, that shallow sliding is the dominant mechanism for a revetment on a
filter. For wave impact however, which might be regarded, as a strip-load on the
revetment, geotechnical instability may not be disregarded. However the analysis
of this phenomenon lies beyond the scope of this study.
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5.3 GROUNDWATER FLOW THROUGH REVETMENTS

5.3.1 Introduction

As indicated in section 5.2.1 the pressure head difference acting on a block
caused by the hydraulic loading has an important influence on the stability of the
block against uplift, as well as on the stability against sliding of the cover layer.
As a next step, the calculation of the groundwater head distribution will be
described. To begin with an analytical formulation for the groundwater head in
the filter is described. The results of this analysis are compared with a 2D Finite
Element formulation. This finite element analysis includes the derivation of the
groundwater table. Tt is based on a formulation within a fixed mesh, in order to
simplify future developments of coupling groundwater flow with deformation
analysis.

The derivation is based on a non-linear relation between groundwater head,
and saturation. Saturation and permeability are assumed to be strongly correlated.
The constitutive behaviour is formulated, taking into account the non-linear
character of the groundwater flow in coarse grained filter materials, caused by
turbulence. For the determination of the seepage surface, a method updating the
groundwater head boundary conditions was used. This method consists of
tracking whether for a particular subset of nodes the calculated groundwater head
does not exceeds the height of that node. If this is the case the boundary condition
to the numerical formulation are adapted to a fixed groundwater head. However,
if in a subsequent iteration the groundwater discharge is negative, {meaning water
flowing into the domain) the boundary condition is changed the other way round.

In section 5.3.4 the computer code is applied to model turbulent groundwater
flow in a filter layer underneath a revetment under wave attack. The constant
matrix scheme enables the calculation of turbulent flow without changes to the
iterative procedure. The analysis presented here was used to verify the
linearisation method for a semi-empirical design formula for the calculation of
uplift pressures. The secant formulation, combined with a simple analytic
solution based on a one-dimensional model of the flow in the filter layer, was
compared with the FEM results for the maximum uplift pressures on a cover
layer.

5.3.2 Analytical formulation
Modelling of rthe Flow: Starting from the principle of continuity, assuming that
for the characteristic situation the flow may be analysed according to a scheme of
static flow and assuming that the flow through the revetment and the filter layer
is linear, the following differential equation for the groundwater flow problem
may be derived (see Fig. 5.3).

dq, . K (®-D, )
dy D

0 5.9
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In this formula @ is the groundwater head in the filter layer, @, is the pressure
head on the outward side of the revetment, g is the specific discharge in the filter,
&’ 1s the linearised revetment permeability parameter, 40 s the derivative in v
dy

direction and D is the cover layer thickness.

For linear flow in the filter the Darcy formula can be used:

d® .
g, = —kb—-- (5.10)
’ dy

Where b is the thickness of the filter layer.

Combining the equations 5.9 and 5.10 gives:

2 x x
a’e K ok (5.11)

dy? bDk  bDk "

An important parameter for this differential equation, the leakage length, can be
recognised as:

Ax\/—-@g (5.12)
k)

Equation 5.11 may be rewritten to give:

o ¢ o,

- = (5.13)
dy2 A? A?

Eqguation 5.13, can be reformulated to include the vertical co-ordinate with
respect to gravity. This is achieved by using the kinematics relation between the
second derivative of y, and the second derivative of z, which gives:

Figure 5.3 Scheme of the flow through and under the reveiment
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ﬁ?zsmz adz(f (5.14)
dy” dz-
If an alternative parameter, the leakage height A, is introduced, where:
A= Asino (5.15)
than equation 5.6 may be reformulated to give:
d2€D ® “‘*mgﬂ- (5.16)

dz2 A W
The derivation of a solution to this equation is discussed in section 5.3.2

Modelling the wave boundary condition

The groundwater head distribution, in the filter, can be derived if the pressure
head distribution on top of the revetment is known by applying equation 5.16. For
this boundary condition, the pressure head distribution on top of the revetment,
registrations of wave pressures such as obtained by the Delft Hydraulics
laboratory in the Delta flume in De Voorst {The Netherlands), can be used.

With these measurements it is possible to obtain the pressure differences in

time over the revetment at any place, by using the numerical model
STEENZET/1 Bezuijen (1987). From analysis and evaluation of results obtained
from this model, it is found to be possible to apply a simpler model where only
the most critical situation in time is needed.
The main characteristic to the simple evaluation model is that a time-averaged
rise in the water table can be assumed in combination with the distribution of
water pressures on a characteristic point in the time domain. The rise in the level
of the water table in the filter is denoted by a rise Z; above the Rundown point.
Measurements indicate that 09 H, < Z, £ H,.

For the groundwater flow, according to Wolsink (1985), a static scheme of a
breaking wave, modelled as in Fig. 5.10, is characteristic for the groundwater
flow conditions.

For this scheme, four parameters are needed:

e g maximum head above rundown point Hy,

o abreaker angle 3,

e rundown Ry

8 the rise in water table in the filter 7,
For the application of this model we have to translate the wave information on
deep water, the incoming wave height H;, and the incoming wave period 7, to
values of H, and [ as defined previously.

Here the work of Banach (see Klein Breteler et al. 1988) can be used. Banach

performed a regression analysis on wave pressure registrations, obtained on a 1.3
slope in the Delta flume, and also on scale model measurements in the Schelde
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tan octan BH,

i
f
i
'
Figure 5.4 Wave scheme according to Wolsink

flume for 1:2, 1:3 and 1:4 slopes. He derived relationships between the incoming
wave information, H; and T, the water depth d, and the parameters H, and B
required here. Rundown values R, where taken from laboratory tests such as
presented by (Klein Breteler et al. 1995).

The water level depression in a canal due to a passing ship may be modelled by
taking Hy, = 0.0 and a breaker angle = 90" .

Solution of the differential Equation

For the wave boundary condition such as described in this section, the
groundwater head distribution was solved by Wolsink (1985). The solution of
Wolsink is repeated here because it will be used as a partial contribution to the
problem of sliding stability. The derivation of shiding instability is described in
more detail in section 5.5.

Because of the different boundary conditions on top of the revetment, three
zones can be identified (see also Fig. 5.4): the zone below the point where
@, = H,, the zone between this point and the rundown point and the zone between
the rundown point and the water table in the filter.

The solutions in these three zones, are:

1. forz<-H,tan o.tan B - Ry, see Fig. 5.4, zone A:

A(@) = C, exp(S +de ) G.17)

2. for —HytanottanP— Ry <z <—R,see Fig. 5.4, zone B:
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Z+Rd)
A

3. for-Ry<=z<z - Ry see Fig. 5.4, zone C;

Z+Rd

A(D) = Cy exp( Y+ exp(— ) (5.18)

—-{(z+R
)+ Cy exp(w-%-—@-) (5.19)

z+R
A(D) = C5exp( d

A
In these equations A(®) is the head difference between the groundwater head in
the filter under the cover layer and the pressure head on top of the revetment
perpendicular to the slope. The coefficients C; to Cs are:

A exp(—tanatan B%)

C=- (5.20)
2tanotan

H
A (I-exp(—tanotanP Tb)

Cy=-— (5.21)
P4 i k
2tanoctan P + A
- ' Z,
Cy =-Cy +Cy(1—exp(— 7\)) (5.22)
Cy=C3+C anp b
4 =C3 +Cexp(2tanatanP n ) (5.23)
- Z
Cs =—~Cyexp(-2 }k) (5.24)

The z-axis is taken vertical, as shown in Fig. 5.4, where z = 0 corresponds to the

still-water level. It was decided that the solution is solved directly in terms of the

pressure head differences, as for the evaluation of the stability against sliding this

is the quantity of main interest. The maximum pressure head difference can be

obtained at breaker point (; = ~g, ) on the boundary between zone 2 and zone 3.
The solution for this maximum pressure difference is:

max(ADP) =—(1+
’ 2 ( tan o tan B
A graphical presentation of equation 5.25 is given in Fig. 5.5, for Z; = H}, and
tan{o) = 1/3.
A long leakage height and a small value of B will result in high uplift
pressures.
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Figure 5.5  Graphical presentation of the maximum relative head-
differences, as a function of the relative wave-height
for z, = g, and tan{o) = 1/3

Equation 5.25 can also be presented in terms of the leakage length and this gives:

Asino, | -exp(-tanf e 27
max(A®) = (1+ ACOSQL_ ) exp(—=2L (5.26)
2 tan o tan Asino

This analytical solution is convenient for use in practice. Without much effort,
uplift stability can be evaluated. The reliability of this solution was validated
experimentally on large scale in the Delta Flume of Delft Hydraulics, see
Bezuijen et al. (1987). This validation confirmed that there is a reasonable
agreement between measurement and analytical model. The only drawback to the
application of equation 5.26, is that the cover layer permeability &’ is difficult to
determine.

Another required verification is the way the flow of the groundwater in the
filter is linearised. More details about this linearisation are discussed in section
534

5.3.3 Numerical, 2D formulation and constitutive behaviour

Theory; the problem of formulating the boundary value problem for the
groundwater flow is solved, by assuming the continuity equation in the form:

% _y (5.27)

S)Ci

Where g; is the vector of groundwater discharges: [ g, g, |.
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To solve the problem of a groundwater table in a fixed mesh, the following
extended constitutive relation is applied:

qi=K”ng5-— (5.28)
Xi

where Kj; is the permeability matrix:

Ko Ky
K, K

yx

(5.29)

yy

or, for isotropic flow:

3'30)

The parameter K in equation 5.28 is a scalar called the ‘relative permeability’
that can take values 0.0<K"<1.0. The relation between relative permeability and
water pressure P is shown in Fig. 5.6

Substituting equation 5.28 into equation 5.27 gives:

- od
d - K K{jé‘“xf
J

=0

dx;
This differential equation may be reformulated according to the principle of
virtual work, as discussed in section 4.5.1, or alternatively by applying Galerkin's
scheme, to derive a functional. Minimising this functional we arrive at a system
of equations for nodal points:

(534

KP®=Q (5.32)
Where:

KP'=[,BT kK" KBdV (5.33)
and

Q= - JSHT%CZS (5.34)

The superscript ' on the matrix KP means that in the permeability law the tangent
is used. By adopting the approach described by Desai (1983), this equation can be
solved, in an iterative way by updating the constitutive model and recalculating
K" until the solution converges (see also Bathe 1979). An alternative way to
formulate this process is:

KP'®=KPO+Kp'®-KPD=KP®-{, BT (/-k" ) KBIV® (5.35)
ly
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Figure 5.6 Pressure permeability relationship

Where KP is the matrix which would be derived for the condition of full saturati-
on. The last integral in equation 5.35 can be recognised as the part of the system
matrix that was originally attributed to the non-saturated part of the mesh, KpY.
Substituting this in equation 5.35 gives

KPO=Q+ Kp“dP (5.36)
Solving this equation incrementally gives:

KPS +/=Q-KPp* + Kp*@* (5.37)
If we note that KP - KP" = KP', then this formula can be simplified to give:

KP3@*+/ = Q- KP' @ (5.38)

For the iterative solution, only one vector, Kp'®* has to be calculated for each
iteration.

If we evaluate the vector 3, we may recognise that this vector has to be
derived only once. Either the vector is determined due to the fact that a discharge
boundary conditions is given, or a groundwater head boundary condition is given.
In the latter situation the contribution to Q is derived only once too, taking this
condition into account adapting the system of equations for that.

For each iteration, we only have to calculate:

KP' @ = [, BT K" KB  dv =- [, BT g*dV (5.39)

Firstly we calculate qif , that is, the discharge based on the initial permeability at

the integration points. Then ¢" is derived by multiplication of q’e( with K*
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Turbulent flow within the bounds of numerical analysis

The iterative numerical formulation presented here permits the calculation of
turbulent flow. Turbulence reduces the intrinsic permeability with an increase of
the filter-velocity and the intrinsic permeability is written as a product of a
relative permeability, K, and an initial laminar part of the intrinsic permeability.
The permeability relation used is according to Forchheimer, see Den Adel (1986),
with a laminar part, which is proportional to the filter velocity and a turbulent
part which is quadratic with the hydraulic gradient

= Aq+Blg’ (5.40)

Where i is the hydranlic gradient of the potential head, and g s the groundwater
discharge along a streamline. The coefficients A and B can be derived from
permeability test results, or if direct tests are not available, empirical formulae
can be used to derive A and B from the grain-size distribution as will be discussed
later in section 5.3.4. Equation 5.40 can be inverted to give:

(-A+.( A2 +4Bli]) ) <
(541

2B

4=

Then use of a secant permeability, K* for % gives:
]I

. 42 ;
e A+ A% +4Blil (5.42)

28]

If we define K" as K'/K', where K' is the initial permeability, and take into account
that for small values of the filter-velocity the quadratic part in the turbulent
permeability relation vanishes, the initial permeability is found as: K' = 1/A. For
isotropic flow the relative permeability is given by:
p 2
K =~ (5.43)
4Bli|

A2

I+ 1+

To verify the scheme as proposed in this section, a Newton-Raphson approach
was used. For this approach it is not sufficient to calculate the secant of the
permeability because the tangent to the permeability is also needed. The relative
permeability with respect to the tangent permeability, defined as K" = KYK', is
given by:

o

(5.44)
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5.3.4 Turbulent flow through revetments

For the analysis of the stability of block revetments, as discussed in section 5.2,
the pressure head difference over the cover-layer, is an important parameter.
Turbulent flow is of importance when modelling the flow through revetments
because the filter material is mostly coarse. When a filter layer is present, the
effects of elastic storage or consolidation are only minor and can in practice be
neglected. Because the effects of changes to the water table on the maximum
uplift pressures are also small, the problem was solved according to the solution
for stationary flow. For the outward boundary conditions of the flow problem, the
wave pressure distribution on top of the revetment is transformed and
reformulated in terms of a groundwater head.

Linearisation of the groundwater flow
The analytic solution predicts that the maximum downward hydraulic gradient in
the filter layer is equal to the slope angle. The maximum upward hydraulic
gradient, however, is dominated by the breaker angle  damped by the cover
layer, and is of the same order as «. Thus a linearisation around / = o is practical.
To verify whether this linearisation should be secant or tangent, and to check the
accuracy of adopting a one-dimensional solution, a true turbulent two-
dimensional analysis was performed. For this evaluation an, imaginary revetment
on a coarse filter layer of pebbles, Df;s = 8 mm was analysed. The dimensions of
the problem are related to the tests that have been done in the Delta flume of
Delft Hydraulics. The relatively thick filter layer is based on the thickness used in
practice for mine stone filter layers underneath a revetment,

A comparison is made between two-dimensional and one-dimensional

water surface

simplified RS APT
potential head A

30m

g e e e e e o e e o S v gy o
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% i

900 m ! W
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Figure 5.7 Flow through a revetment. Dimensions of the tests in the Delta Flume of
Delft Hydraulics
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linearised calculations. In this example the assumption of a coarse filter is needed
to guarantee turbulence. An argument in favour of a tangent linearisation is that
the pressure difference over the cover layer is governed by the divergence in
discharge in the filter layer. As this divergence would lead to a change in
permeability in the filter layer this means an accurate description of this change is
needed. An argument in favour of a secant linearisation is that continuity should
not be violated.

Numerical analysis

To study this topic, the results of the linearised analytic solution are compared
with a 2D numerical analysis. The structure chosen for analysis is based on the
dimensions of the Delta Flume of Delft Hydraulics, with a slope of 1 : 3, a
breaker height, @y, = 1.0 m. and a breaker angle of § = 45° as shown in Fig. 5.7.
A revetment of blocks with a thickness of 0.25 m on a filter layer with a thickness
of 0.50 m and a porosity of n=0.4 was chosen. For the analytical solution
(cquatlon 5.26), the height of the water table Z; = @, = 1.0 m. is assumed. For the
deteftnination of the turbulent permeability the empirical relations for the
Forchheimler coefficients A, and B in equation 5.40 where used:

il NER . ) (5.45)  and, B = 22 (5.46)

A= 160" g
gn Dh gn~Djs

The permeability of the cover layer is chosen to provide a realistic range of the
leakage length, 0.3 m. < A < 1.2 m. For reasons of simplicity, the permeability of
the cover layer is assumed to be linear so B = 0.

The iterative solution technique as described in section 5.3.3 was verified with
a true Newton-Raphson approach in which the system matrix was updated every
iteration. The results of this numerical verification were in very close agreement
with those presented in Table 5.1, and therefore not displayed here.

As can be observed in Table 5.1, both the secant linearised calculations (2-D

and 1-D3) are in good agreement with the 2-D rurbulent calculation. The tangent

Table 5.1 Maximum potential head difference over the revetinent as a function of
the linearised cover layer permeability k’

AD
Numerical  Numerical Analytical Analytical
2-D 2-D 1-D i-D
Y A Almeent o AsEIt - yrbulent secant secant tangent
m/s s/m m m m m m m
I 821%107 12,19 032 042 0.241 0.250 0.252 0.195
2 2.05%107 4878 063 0485 0.421 0.402 0.420 0.343

309.11%107 10977 095 1.27 0.538 0.499 0.538 0.451
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Figure 5.8 Contour lines of the groundwater head and the Pressure head difference
distribution, as calculated for A = 0.95

linearised calculation however predicts too small values for the pressure head
difference. Fig. 5.8 gives the potential head difference distributions calculated for
solution 3 of Table 5.1. The groundwater head distribution in the filter layer is
given as contour lines. The agreement between the analytical and the numerical
solution is very close, except above the breaker-point, but for uplift this is of
minor importance. This difference is ascribed to the approximate modelling of
the water table in the two-dimensional analysis,

Recalculation of the analytic solution compensating for this aspect, assuming
the calculated water table in the two-dimensional analysis, that is for Z; = 0.57
gives an improved agreement with the linearised two-dimensional analysis. Even
the maximum pressure head difference drops to 0.506 which, though it is less
than in the 2-D turbulent calculation, is in better agreement with the result of the
2-D linearised calculation (0.499)

Conclusions regarding the modelling of turbulent flow in revetments
A computer code for the calculation of stationary non-linear groundwater flow
was developed and tested using an initial system matrix scheme (modified
Newton-Raphson). The calculation of a groundwater table in a fixed mesh,
including the calculation of a seepage surface was accomplished. The advantage
of implicitly solving the water table in this scheme of analysis does not comes
forward in this example, where other aspects such as turbulence are more
important. Though essentially it is not necessary to assemble the system matrix
once again because new boundary conditions have to be considered, the matrix
has to be decomposed every time that boundary conditions change. This
disadvantage might be taken away, incorporating seepage interface elements, see
Aubry (1988).

This numerical scheme was adapted to model turbulent flow. A simplified
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approach, for the calculation of potential head differences to evaluate the stability
of block revetments was compared with the results of a two-dimensional
turbulent calculation. It was concluded that this simplification is valid for the
calculation of the maximum uplift pressure. A secant linearisation of the
permeability relation according to equation 542 assuming that lil = o leads to
adequate results for the calculation of uplift pressures.

5.4 OBLIQUE WAVE IMPACT, AND STABILITY

5.4.1 Introduction

In the study on oblique wave attack on block revetments by Stive (1986) the
outward wave loading on the revetments was modelled using linear wave theory
and evaluated by a comparison with perpendicular wave loading. Based on this
study it was concluded that for the characteristic loading of a revetment, oblique
waves give a reduced loading situation. For the wave height and the wave
steepness, there is no reason to doubt this conclusion.

However, to think that oblique waves therefore are less dangerous than
perpendicular wave loading is unsafe. That depends on the criteria to design the
blocks with respect to block movements.

It is considered here, that as soil-loading interaction in the subsoil might
influence the ultimate limit state of blocks in the Delta flume, this interaction
might not be active under oblique wave loading. Therefore, the conclusion that
oblique wave impact may be disregarded is not valid. On the contrary, it will be
argued that oblique wave loading undermines the assumption that the restricted
flow of water under a block contributes to the uplift stability.

Although this assumption would be valid for perpendicular wave loading for a
2D plane-strain situation, for the 3D case of oblique wave loading, there is no
restriction for water flowing in from underneath adjacent blocks that were
uplifted and then guickly returned to their original position.

Figure 5.9  Groundwater flowing towards the cavity created by a moving block
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5.4.2 Obligue wave impact and criteria against uplift
In the derivation of T3, as discussed in section 5.2.1, it is implicitly assumed that
the inflow of water into the cavity created due to the displacement of an unstable
block is only possible from the subsoil. Direct inflow of water from a cavity
under adjacent blocks is not considered, as this situation is not feasible for a
revetment with perpendicular wave loading.

For perpendicular wave loading, where the permeability of the revetment
parallel to the cover layer is low ¢/ <x{?7, this assumption might be considered

valid. When the stability of blocks from tests such as in the large Delta-flume of
Delft Hydraulics have to be evaluated, this aspect has to be taken into account.

For oblique wave loading on top of the revetment, the assumption that inflow
of water is restricted to inflow from outside the subsoil has to be questioned. For
this situation assume a co-ordinate system which moves along the revetment with
the same speed, as the point of critical wave action is moving sideways. Two or
more blocks in a row might be in such a related combination of displacement that
some blocks might be pushed in the revetment by the incoming wave and other
blocks may be just lifted out of the revetment by the retreating former wave, see
Fig. 5.11.

Such a row of moving blocks have been observed, where it was appeared
similar to the keys of a piano touched upon each other in a row; the ‘pianola
effect’. Another description might be; a train of moving blocks along a revetment
just in front of the wave impact, see Fig. 5.10. This situation is characterised by a
system of ‘communicating’ vessels. The water ‘stored’ underneath the one block
is pushed into the cavity that is forming under another block. For this situation no
additional inflow of water from the subsoil is needed. A slight additional inflow
of water onto this storage volume might lead to an increase of the displacement of
the moving blocks, and therefore to failure.

i

s

Figure 5.10  Train of moving blocks in combination with oblique wave
loading
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Figure 5.11 Communicating vessels of water, underneath a ‘train’ of
unstable (uplifting) blocks

An additional aspect to be considered is the fact that the filter bed underneath a
moving block might be fluidised due to high local groundwater gradients
perpendicular to the subsoil interface. This leads to an increase in permeability
for water flowing into the cavity. Alternatively this fluidisation might be cease,
causing the water to flow less easily into the subsoil. This effect might contribute
to an increasing volume of water within the system of communicating vessels.

Due to the adverse transport of water flowing between cavities underneath
blocks, additional strength due to restricted inflow of water to a cavity formed by
an uplifted block is not obtained.

For practical purposes, oblique wave action may not be ignored if the design
philosophy allows displacement of blocks.

5.5 STABILITY AGAINST SLIDING OF FLEXIBLE REVETMENTS

In this section a method for the evaluation of the stability against sliding is
formulated. In contrast to uplifting where the stability of a single block is
evaluated, here the structure as a whole is regarded.

It must be understood that a local sliding criterion does not suffice because a
local criterion would always result in the requirement that the normal stress
between blocks and subsoil would be higher than a limit value; o, > p.. The
normal situation for the design of blocks against uplift however, is that ¢, = 0.

It is observed that revetments are stable due to interlocking, even when the
local criterion is violated. A more refined approach is therefore required.

In this section, the stability against sliding is considered in global terms, which
makes it possible to account for additional strength. Formulae are presented for a
revetment placed on a filter layer.
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5.5.1 Introduction

The literature on sliding of revetments is generally focused on local criteria for
relatively impermeable top layers. Using these criteria, much thicker blocks, or
less steep banks, would be designed than are actually used in practice. To
overcome this gap between theory and practice a global sliding criterion has been
developed. Using the pressure difference distribution, such as discussed in
section 5.3.2, the revetment is divided into zones which are potentially stable
against sliding, zones which are potentially unstable against sliding, and zones
which are potentially unstable against uplifting.

Assuming that the groundwater head distribution in the filter is given by the
analytical solutions of section 5.3.2 the revetment is divided into stable and
unstable zones. The stability of the revetment or the required strength of a toe
structure or an anchorage may be evaluated by comparing the net resulting axial
force in the unstable zones with the net resulting resistance to sliding in the stable
zones.

As described by De Groot (1988), one of the basic assumptions underlying this
concept is the recognition of three transfer functions. The transfer function from
wave characteristics to pressure distribution along the slope surface, such as
discussed in section 5.3.2. The transfer function from this pressure distribution to
the loading on the elements of the revetment, (see sections 5.3.2 and the transfer
function from the hydraulic load to the response of the structure, (see the sections
553,554 and 5.5.5).

5.5.2 Revetment on a filter layer

Her in this section the attention is focussed on the evaluation of the stability
against sliding of revetments which are built of loose blocks or block mattresses
placed on a filter layer.

The flow in the filter layer is assumed to be parallel to the slope, and thus the
linearized relations for the groundwater head distribution, as described in section
5.3.2. are assumed to be adequate. This assumption is valid if the permeability of
the filter layer is large in comparison to the permeability of the subsoil. Only in
the top layer, the revetment itself, is flow assumed to be perpendicular to the
slope. The flow in the filter can in practice be linear or turbulent.

To derive a practical analytical solution, a linear relation for the permeability
is used. When the flow in the filter is turbulent, and therefore non-linear, a secant
formulation of the turbulent permeability relation as formulated by Forchheimer
(see Den Adel (1987), will be used. The derivation and validation of the secant
permeability has been discussed in section 5.3.4

5.5.3 Stability criteria for sliding
When evaluating the stability of revetments, two important stability criteria are
recognised: equilibrium of forces perpendicular to the slope (uplifting of the
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revetment) and equilibrium of forces parallel to the slope (sliding of the
revetment). In this section attention is focused on the latter criterion.

First, the local stability criteria for the revetment will be described. To derive a
limit shear stress between revetment and filter or subsoil the Coulomb yield
condition will be adopted with neglect of any cohesion:

T =0, tan@ (5.47)
Here 1, is the critical shear stress, ©,, is the normal stress, and ¢ is the friction
angle.

For the net weight of the revetment above the breaker point, the component of
the weight parallel to the slope has to be calculated using the dry weight of the
revetment. For the component of the net weight of the revetment perpendicular to
the slope the submerged weight has to be used. This in contrast to the revetment
below the breaker point for which the submerged weight has to be considered for
both components.

For the zone above the water table the dry weight has to be taken. For a small
transition zone where the blocks are partly above and partly below the water table
an average value of the weight has to be considered (see Fig. 5.12).

Accordingly the following limits for local stability against sliding are arrived at:
1. For the zone between the breaker point and the water table:

{A Deosa~A(P)tanp < (A, +DDsina

or

A(D) < D{A,, cos 0. — By *tDsine, (5.48)
tan ¢

2. Under the breaker point

{A Deoso—~A(@)jtanp <A, Dsina

or

sin o

tan @

AMD) < A, Dicost— } (5.49)

Figure 5.12  Water pressures for the revetment above the breaker point
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Figure 5.13  Characteristic pressure difference distribution, up and down the point of
lowest wave rundown, (see also Fig. 5.8)

3. For the limit against uplifting, both under and above the breaker point.

ADy=A  Dcoso (5.50)

w

Zones are distinguished where the resulting force parallel to the revetment is
smaller than the critical shear force, and zones where this resulting force is larger
than the critical shear force. The first zone will be qualified as potentially stable
and the second as potentially unstable. In the stable zone there is a reserve in
strength. In the potentially unstable zone equilibrium can only be reached when
there is a possibility of redistribution, introducing normal forces in the revetment.
This 1s a normal condition for placed block revetments or block matiresses.

Subsequently the potentially unstable zones have to be divided into zones
where the pressure difference for the revetment is smaller than the submerged
weight of the revetment (which means that there is still mobilisation of shear
stresses) and zones where no additional shear stresses can be mobilised, because
the block is potentially unstable against uplifting. To proceed, we have 1o
distinguish between zones in the run-up (above the breaker point) and zones
which remain under water (see Fig. 5.12 and Fig. 5.13).

As indicated in Fig. 5.13, based on the given limits, six zones can be identified:

1. From the lowest point of the revetment, or the toe structure to point D, where
point Dy, is defined as the position where, the second stability criterion is met:
sind

A(DP) > A, D{costt ——) (5.51)
tan @
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The potential shear stress will be bigger than the critical shear stress. The
resultant force parallel to the’ Siép@ for this zone is positive. This is a zone
with a potential reserve of strength.

2 From point Dy, to point D, , where point D, is defined as the lowesr position
where the criterion is met that the pressure difference is higher than the uplift
limit, so:

A(@)=A, Dcosu (5.52)

3. From point D; to-point D; , where point Ds, is défined as the highest pesition
where the criterion is met that pressure difference ts higher than the uplift
fimit, according to equation 5.52.

4. From point D, to point D, where point D,. is defined as the position where
the first stability criterion is met:

A +Dsing
A(®) < D{A,, cos o — Lo TSI, (5.53)
tan @

5. From point D,. to z = 7, - R, where the latter point is the water table in the
filter.

6, Fromz=2,-R, to Z=2,-R,;+ D cos &, the transition zone.

6y. Fromz =2, - Ry + D cos o , to the top of the revetmnent.

The resulting force parallel to the slope for each zone can be obtained by

integrating the stresses within each zone. Here, the following simplifying
expression is used:

g
jexp(%) dz = X{exp(“%} - exp{%)} (5.54)

For zone 1 this gives:
Dy
F=v, f{AW,l) sin o — (A, Dcos o~ A(D)) tan @}dy (5.55)
~Z},

or, by using the relation dz =sinw dy ,

Dy

A=t [ (8,022 22 g gp, (5.56)
7 fan o smo
]

To solve this integration it must be understood that A(®) is not a single
continuous function. The integral has to be split from -Z;, + R, , (the toe) to

- Hbtan o tan - Ry and from - Hb tan o tan § - Ry to D,. For the position of
D, the co-ordinate system of Fig. 5.4, with z = 0 on the Still-Water Level is
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maintained, where Z, the position of the toe of the revetment and S the top of the

revetment are fixed.
Finally after some mathematical manipulation, we reach solutions for the six

Zones:

Rl D=y + 2 +2YiCyfexptanaan o expe I (5 57
Q{exp{(D“ ;R‘i))~exp( tanatinBHb )} =Clexp(— Dt T ‘i} exp(tancttanB Hy, /A1) )
. _tano tan ¢
Fy =v,{A,D0 tan axDZ Dy)+ AT /n a (5.58)
. D . +R Dy +R
(Cslex p(iw7-19—> exp(——-’—;——in-c; iSXP(~-—2—}-:-£’~) ~exp(- 2L ))
F3 {a) = YWAW[)(—R(! - [)2) (559)
Fy(b) =Yy, (A, +DD(D3 + Ry) (5.60)
_ _tane@ _ tan @
Fy =1 (A, DA, +1-3"9 (D, —Dy+a( 9L ) s
Ds+R) Dy + R Ds+R Dy+ R,
(Cs [exp(%—% —exp( R - € exp(- ) —expt- L )
Fo=y.{D(A, +1-A_1"®/ vz R _D, )m(’a”@/ )
5 ® w w tan S sinee (5.62)
z D,+R D, B
{CS[EXP(EL)*&’CP(-ET)] C, /ew(-*) expf = ———" Ry 3
Fep =Y, (A, +%>D(;-‘a“ %n J(Dcoso) (5.63)
Fep =Y (A, + DI -1 %m S =Z+ Ry~ Deoso) (5.64)

To complete the model, the co-ordinates of D, to D, have to be obtained. For the
positions of D, and D,, if relevant, it is known that the co-ordinates can be found
between - Hbhtan ovtan B - Ry<z< - Ry

The position of the points D, and D,, such as indicated in Fig. 5.13, can be
obtained combining the equations for the pressure head difference with the
criteria for uplift, which gives the equations 5.65 and 5.66, written down for zone
2 of the solution.

auDicosa=sine = csexpP1 TR v cpexpr- P Rafy (5.65)

and
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Dy +R Dy +R <
AyDcoso=Cy exp(———g—x———d-) + Cy exp— (_—g—f—i) (5.66)

In a similar way the position of the points D; and Dy, can be found in zone 3
solving equation 5.67:

+ Dy + Ry

D3+ R
A, Deosa=Cy exp(———g——i——é—) +Cy exp— (—‘—K-——) (5.67)

and equation 5.68:

sina Dy +Ry

D(A,, coso— (A, +1) }=Cs exp(—l-)—élw{le—‘i—) +Cy exp—( ) (5.68)

tan @

However, to evaluate whether the points D, D, D;, and D, have a physical
meaning we have to distinguish 4 classes of stability as described below.

Stab = 1:
max(A(®)) < D{A,, coso— (A, + 1S (5.69)
tan @

For this class, the pressure difference is smaller than the pressure that
corrsponds with the lowest stability criterion for sliding. The points D, D,
Ds, and D, have no physical meaning. Mathematically they can be taken at
the breaker point Z = -Rd.

Stab=2,

D{A, cosa~(A, +1)

SN < max(A(®)) < A, D{coso - 0%} (5.70)
tan @ tan @

In the zone above the breaker point, the sliding limit is reached. Dy has to be
calculated, D), D, and D5 have no physical meaning and are taken at the
breaker point.

Stab=3:

AWD{cosa»:ma}<max(_A(<D))<Achosa (5.71)
an@

Both above and below the breaker point, the sliding limits are reached. The
points D, and D,, have no physical meaning and are taken at the breaker
point. Dy and Dy have to be calculated.

Stab=4;
A, Dcos < max(A(D)) (5.72)

Even the uplift Hmit is reached, so in a limited zone no shear stress can be
activated. All boundaries D, to D, have to be calculated.
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The analytical calculation of D), to Dy is not performed easy. For practical
purposes, a numerical approach, e.g. Regula-Falsi is suggested.

5.5.4 Stability of the revetment

As a result of the integrations described in the preceding section, F), [, Fj (a)
and Fy (b) will be negative, as these are the zones with a reserve of strength. F,
Fia), Fyb) and F, will be positive or zero, depending on the stability
classification. The values of these last integrations indicate the axial force in the
revetment that is needed to prevent these parts of the revetment from sliding.

Individual blocks

For a revetment constructed of an assembly of individual blocks, without cables
or a connecting geotextile, the unstable zone has to be balanced by the reserves of
strength in zone 1 force F. If there is not enough reserve of strength in zone 1,
the difference has to be supported by a sufficiently strong toe structure.

When there is not a special toe structure, the stability factor against sliding may
be defined as:

abS(Fl)

— (3.73)
(F) + F3 + F4)

Lgy
If there is no special designed toe structure, I'sy must be larger than 1. How much
larger can be estimated using probabilistic analysis.

Mattresses

If there are connecting cables or geotextiles, which make it possible to transmit a
tension force to the higher zones on the slope, reserves of strength in zones 5 and
6 can be mobilized. Another stability factor I's; can be defined according to:

_ Py +Fo)

- (5.74)
(Fy + Fy+ Fy)

§2
As is the case with Iy, I'so, must be larger than 1.

Anchorages or toe structures
If both 1, and 1, are less than I, an additional support such as a toe structure
or, for a mattress, an anchorage structure has to be designed.

The characteristic load at a toe structure in case of placed blocks can be
calculated from:

Floe :Fi +F2 + F3 “f“F4 (5.75)
For a block mattress the load at the anchorage is:

F

a

nch = FQ + F3 + F4 + Fj + Fé (5.76)
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5.5.5 Examples
To demonstrate the character of this model, graphs are presented for the required
revetient dimension for two types of hydraulic loading.

1. For a rapid water level depression, a wave loading considered characteristic
for the wave loading due to a ship is a canal.

2. For a standing wave front with a breaker angle B = 45°, a situation considered
to be characteristic for the loading due to wind waves.

For the analysis, revetment with an upward slope of 1 to 3 was assumed. A
revetment thickness of 0.2 m was assumed, with a dimensionless block weight
A, of 1.2 and a friction angle between revetment and filter of ¢ = 25°.

Ship wave

A rapid water level depression of 1.0 m with the assumption that the water table
in the filter stays on the same height (7, = 1.0 m) was chosen, as an example of a
severe wave due to shipping in a canal. The results of the calculation are given in
Fig. 5.14. The depth Z, (for the case of placed blocks) or the height § (for a block
mattress) required to give equilibrium is given as a function of the leakage height.
For this condition, the depth Z, required to make equilibrium is large in
comparison to the height 5. To compare cost, it must be realised that if

S N
12 Lo2b — !
2 4 LA g .2
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10 -
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9 - o= 1843 (10 3) -0.9
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Figure 5.14 Revetment exient needed to guarantee stability for sliding of a revetment,
loaded by a rapid water level depression, assuming equilibrium without toe
structures or anchorages
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equilibrium is achieved by making the height § large enough, expenses have to be
made for geotextiles or cables used to transfer the loading to zones higher up.
Construction of revetments of loose blocks deep under mean water level, on the
other hand, is usually not feasible. This explains why for revetments on banks of
shipping canals, shallow toe structures or block mattresses with anchorages, are
often used.

Breaking wave

The second hydraulic loading condition, intended to represent a breaking wind
wave, was modelled using the Banach formulae and the Wolsink model. The
characteristic wave condition, a static wave front height A, of 1.0 m, combined
with a breaker angle of 45° and a rundown of half H, was assumed.

The results of this analysis is given in Fig. 5.15. Comparing the results with
those obtained for the water level depression, we do not observe a significant
difference between the height required to maintain equilibrium, 7, and 5. The
reason for this is that the wave pressure H, applies a compensating pressure on
the revetment below the breaker point. Though the differences in pressure head
on the top layer are higher, smaller 7, and § values are found, because the
unstable zones are smaller than for a water level depression.

Notice the large depth Z,, or height § (measured vertically), needed in both
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a=1843(1:3)
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Figure 5.15 Revetment extent needed to guarantee stability for sliding of a revetment,
loaded by a breaking wave, assuming equilibrium without toe structures or
anchorages
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cases to guarantee stability. In practice these are often not available, which means
that toe structures, or in case of block mattresses, anchorages are needed.

5.5.6 Concluding remarks

Toe constructions and/or anchorages are often necessary. Without these, a large

extent of the cover layer might be needed to guarantee equilibrium for sliding.
Notice that the friction angle between blocks and filter or subsoil might be

smaller than the angle of internal friction of the material underneath the cover

layer. A safe estimate for this interface friction might be 5:%(9.

When the friction between blocks and a geotextile is necessary to guarantee
stability, it is advised to perform some simple shearing tests.

For relatively thin revetments, the stability for buckling should be considered
too.

5.6 FIELD STUDY OF BLOCK-MATTRESSES

In the autumn of 1986 soon after installation damage to the block mattresses at
the test site on the ‘Houtribdijk’ near Lelystad was observed, see Hernandez,
(1989), just south of the ship locks at the Isselmeer side. In a storm of
intermediate level, the local wave conditions were sufficiently severe, that the
block mattresses where loaded above their strength and, as a consequence were
severely damaged see Fig. 5.16

Figure 5.16  Damaged block mattresses at the test site near Lelystad
at the llsselmeer dike. Notice the fissure between the
upper and the middle mattress, where the middle
mattress has moved downward.
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Table 5.2 Dimensions of the block-matresses at the Test-site Lelystad
S B L D
. mm mm mm
V.O.B 25 375 310 150
Armorflex 20 300 340 150
Beto 204 400 320 170
Asam 15 300 380 170
Where:
§ = dimension of the crevices between the blocks
B = blocklength
L = block width
D = block thickness

At the test site, several types of block mattresses where placed, see Table 5.2
Because it was a test site, the revetments where constructed with a minimal factor
of safety, as it was feared that otherwise the relevant behaviour of the structure
would not show itself. The analysis afterwards was complicated by the fact that
the instrumentation for wave registration was not operational at the time of the
damage.

The case was studied by Hernandez (1989) with respect to

o Uplifting of the revetment
o Sliding stability
@ Soil instability (including liquefaction) o

Hssel lake

i VOB A ASAM . Ammerflex BETO \
' A € i

Figure 5.17 Block-mattresses at the test site near Lelystad
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Table 5.3 Position of the matrasses on the slope

Section Length Height with respect to N.AP.
nr. m
i 4 +25 - +1.5
6 +1.5 - NAP
3 & NAP - -2.0

For the evaluation of sliding stability, the theory as described in section 5.5 was
applied.

Hydraulic conditions: According to Hernandez, after back analysis and
evaluation, and taking into consideration wave registrations at the ‘Urker-Hoek’,
the wave height varied between /m < H, < 2m.. For the analysis it was assumed
that the most probable significant wave height was H, = /.6 m. in combination
with a water level rise due to wind of 1.0 m. The estimated wave period was T,=
5s.
Materials and geometry: Considering that the characteristic grain-size of the
filter-material is 8 mm. < Dps < 20 mm., the leakage height A was estimated to be
0.1m<i<0.13m.

The revetment was built on a slope of 1 : 4, and consisted of 3 sections with
a variable length (4, 6 and 8 m, as indicated in Fig. 5.17).

Uplifting: Based on the analytical model, see 5.3.2., using the Wolsink boundary
condition for wave loading, and the estimated leakage heights, it was concluded,
that the V.O.B. and Beto mattresses would be stable up to the maximum wave
height of 2.0 m, the Armorflex mattresses up to a wave height of 1.9 m and the
ASAM mattresses up to a wave height of 1.6 m. Therefore uplifting was not
regarded as a dominant mechanism which could explain the damage.

All mattresses where classified in the stability class 4 as defined as section
5.5.3, for wave heights above 1.4 m, (which means that the blocks where partially
depending on friction or restricted inflow of water for there reliance of stability).
For some parts of the mattress the uplift pressure was above the block weight. As
uplift is not the main topic of this section the details of the analysis are not
elaborated further.

Uplift alone could not be identified as the main cause of failure. Further
attention was therefore given to sliding stability.

Sliding: The mattresses where placed above each other on the embankment, and
the connections between the adjacent mattresses were improvised. The extra
length of the steel wires within the mattress where knotted around blocks of
adjacent mattresses but not in such a way that significant deformations where
prevented. As can be observed in Fig. 5.16, the middle mattress was displaced
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Table 5.4 Parameters, revetment Lelystad

Parameters Mean value Standard
(see also Fig. 5.11) [ deviation
o
Breaker height HE I.5m 0.25m
Breaker angle 8 40° 1°
Leakage length A 0.12m 0.0l m
friction angle (adhesion) o 21° 1°
Dimensionless submerged weight A 1.2 -
Slope angle o 14.036°(1 : 4) -
Block thickness D 0.15m -
Revetment downwards Zb 1.0m -
Revetment stretch upwards S 1.Om -
Water table in filter Zl 0.85 Hb -
Rundown Rd 0.4 Hb -

downward on the slope for distances of between 0.1 and 0.2 m. Therefore the
stability of the middle mattress was evaluated for the parameters shown in Table
5.4. (the variance o~ is added for the statistical analysis). Next the calculation of
the design point, the combination of parameters with the highest probability of
failure, will be described.

Using the mean value of Table 5.4 for the parameters, the stability factor
against shiding for the mattress is calculated as a I'; of 0.38, assuming that
compressive forces cannot be transferred. This indicates that the wave loading
exceeds the capacity for sliding of the structure.

To derive more insight into the extent of the overloading an AFDA
(Approximate Full Distribution Analysis, see Vrouwenvelder & Vrijling (1982))
calculation was made, where the design point is calculated by updating the
characteristic values, in such a way that the lowest Probability index, B (or safety
level} is calculated.

Applying the updated level II method, the design point is calculated using the
parameters of Table 5.4 and accounting for the standard deviation. The results of
this analysis are shown in Table 5.5.

The results show that a breaker height, Hb, of 1.12 m, in combination with the
other parameters, gives the most likely combination of instability. From this
result it 1s concluded that because the observed wave-front height is significantly
higher, that sliding is likely to be a dominant mechanism in the observed

instability.
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Table 5.5  Lelystad, sliding of revetment (lelystd1.dta); Design point

Date: 11/ 6/1997 Time: 14/5/3.9
fieration 6. Difference  Beta with former teration 1.OE-0009
Beta = 1933
Prob. Failure = 2.6E-0(K02
BTF = 1.863E-0009
Variable Diistr. A B C Mean vall () St.dev(o) Startvalue
Hb N LSO0E+DN0 2. 500E-0001 2OO0E-0001 LS00E+0O00 2. 500E-000 LODOE+O000
Bea N 4L00E+0001 LOGGE+O000  0L0C0E+0000 AL00E00 LOODE+O600 4.000E+0001
Lambda N 1.200E-(001 ZOM0E-0002  DU00E+O00 L200E-0001 2O00E-0002 1.200E-0001
Phi N 2 FO0E+000H LOGIELO000 GO0OE-0000 2 I00E+0001 LOGOE+OO00 ZOOOE+000]
Variabie Design point 97 3z 0z a7 2 u2
E"Xi P TGy —oy;
X axX; axX; 3%, ]
Hb 11257830 153424628343 13701245189 3425311297 117327.574R258 0.396
Beta 400247043 -226.2647776 -5.6531280 -5.6331280  31.9578365 Q000
Lambda . 1068302 S03RBOTETTR TS22.75R0U6S 150.4351619 226367557511 0113
Phi 220410395 -5250.6825767 - 2382230014 -238.2230014 56730.1983774 0.288
____________________ &
196746.4868107
oZy= 44335611 w2y =  859.7862
Number ierations = & Calculation Time =11969.999969 my

5.7 CONCLUDING REMARKS

Although in recent years more attention has been focussed on interaction between
blocks, the analysis of stresses in the cover layer, and its influence on the strength
of the cover layer, needs more attention. The influence of block arrangement on
the stresses in the cover layer, and a proper arrangement to enhance the pre-stress
in the layer might contribute to the overall capacity of the revetment to withstand
wave action. Blocks arranged in rows along an embankment might be less
advantageous. If the block arrangement would be based on rows that are arranged
perpendicular to the embankment, there is less chance on blocks without
interlock, because the normal force caused by blocks higher on the slope would
be more directly subjected to lower blocks.

The development of a numerical model for the analysis of groundwater flow in
coarse materials was described. The model includes the capability to calculate the
water table within the mesh, using a crude model for the interface between
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saturated and unsaturated zones. The model was verified making calculations
both with a Newton-Raphson as well as with a Modified Newton-Raphson
iterative scheme. The results were compared with more simple semi-empirical
analytical solutions. A sufficient agreement was found to adopt the numerical
implementation.

The attribution of strength due to undrained behaviour of a revetment, i.e. the
restricted inflow of water in cavities that are created when a block is uplifted due
to a positive pressure difference under and above a block, is not safe for the
situation of oblique wave loading. Since oblique wave loading is a natural
condition for most revetments it must be considered unsafe to account for the
undrained strength of revetments. The validation of models with experiments in
the Delta-flume has to be accounted for this effect.

A model for the evaluation of sliding stability of a cover layer for an
embankment loaded by waves was developed. The model is composed of
empirical sub-models that have been validated by experiments. The overall
behaviour of the model was evaluated in a back analysis of measurements and
observations of the Test-site near Lelystad. It is advised to develop appropriate
partial safety factors to be used for the application of the model for design
purposes.

The analysis of the test site at Lelystad, has shown that although, the apparent
strength against uplifting was sufficient, the overall strength of the revetment was
not sufficient. If the uplift pressure exceeds the block weight, the local capacity
against sliding is exceeded too. Therefore the revetment has to be evaluated as a
structure. Toe structures and/or anchorages should get proper attention and
should be evaluated as structural elements, giving attention to the forces acting on
these elements.

The situation that a cover layer is designed for uplift pressures, higher than its
self weight must continue to be viewed with suspicion, as this implies that there
are large hydraulic gradients perpendicular to the slope in the under-layers.

Considering the deformed surface of the revetments at Lelystad after the
overloading, and noting that the cover layer was considered stable for uplifting,
the substantial change in the contours of the cover layer surface can only be
explained by severe instability of the under-layers. If the sliding had been the
only mechanism, the mattress would only have shifted down the slope.




CHAPTER 6

Flexible retaining walls

6.1 INTRODUCTION

This chapter describes the development of models for the analysis of flexible
retaining walls, as completed by the author.

Since the work of Blum (1932), the analysis of this type of structure has been
based on a relatively simple, but powerful, concept. This concept consists of an
equilibrium analysis of the structure combined with a plasticity analysis to
estimate the horizontal stresses in the soil. The effectiveness of this approach is
indicated by the fact that it has been in use successfully for over 60 years, only
with minor adaptations to the method.

A drawback of the method developed by Blum is that it does not enable the
analysis of multi-anchored systems, or staged construction, without the need for
additional assumptions. A second drawback is that the uncoupling between the
deformations and the equilibrium analysis might lead to the calculation of
deformations that are in contradiction with assumptions on which the soil loading
is based. As an example the model cannot cope with the fact that active soil
loading is assumed for all levels, on the side of the flexible retaining wall with
the highest ground level. One of the premises is that the wall will move away
from the retained soil mass. Due to the rotation of the wall, the wall might
deform, and parts of the wall might rotate against the soil mass. For the zone
above the anchor, the assumption of active soil loading would not be valid
anymore then. To deal with this drawback in practice, additional relations for the
soil loading in the active zone were adopted. According to the EAU (1996), a
redistribution of the soil loading has to be taken into account as a function of the
depth of the anchor in relation to the retained soil height.

When in the late seventies and early eighties computer facilities expanded,
numerical schemes were considered to eliminate these problems. Among others
in the 1970’s the Dutch Public Works department developed the computer-code
DAMWAND, a subsystem of the Genesys computer system. DAMWAND was
based on Finite Element techniques. Verruijt (1983), developed an approach
based on Winkler’s theory (i.e. a subgrade reaction model). This development
enabled the analysis of, multi-anchored structures and staged construction. The
new approach calculates the soil loading depending on the loading path.

When 2D finite element analysis advanced sufficiently for Mohr-Coulomb
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models of soil behaviour to be available, the possibility for further development
of models for soil retaining structures, including 2D effects such as coupled soil
behaviour, implicit evaluation of groundwater flow and consolidation was
opened. The development of finite element techniques for the analysis of sheet
pile retaining walls is the main topic of this chapter.

To start with some functional considerations on flexible retaining wall design
is discussed, relating sheet pile design to a wider frame of reference. Recognising
that functional analysis, and spatial design, always precedes structural analysis,
some remarks on the functional value of the soil retaining walls are made.

Continuing the main line of methodology that is formulated in chapter 3 of this
study, modes of failure are discussed. The knowledge of failure modes is thought
to be fundamental for the development of concepts for the analysis of structures
in the ultimate limit state.

The modelling of the structural behaviour is also discussed. To begin with, the
empirical theory of Blum is described. Subsequently piecerneal developments,
such as the addition of subgrade reactions and 2D finite element modelling are
described. Within the framework of finite element analysis, the development of
structural elements for the combination with 2D finite elements, for the computer
code PLAXIS are discussed.

To give recognition to the fact that besides observation, logic is a powerful
source for the development of models, verification is also discussed. Upper
bound and lower bound solutions are derived and these are used to evaluate finite
element results.

Finally within the framework of validation, the sheet pile test in Karlsruhe
1993 will be discussed. The class A prediction, see Lambe (1973), which was
made will be described. Some of the main characteristics of the test itself, and a
back-analysis of the test, are described. Based on this, some remarks on model
uncertainty will be made, and finally some conclusions will be drawn.

6.2 FUNCTIONS OF FLEXIBLE RETAINING WALLS

A flexible retaining wall is a driven sheet, of wooden, steel or concrete piles or
plates with flexibility to interact with the deformation of the soil, to bear the
loading of the retained soil. Flexible retaining walls are mainly loaded
perpendicular to the length axis and are used to retain soil and/or water, and to
prevent erosion.

Flexible retaining walls are often used to stabilise the embankment of canals or
rivers, or to form a deep excavation, or a quay wall. As a secondary function, the
relatively low permeability of the wall as a screen is used. The latter function is
not considered in further detail in this study.
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L ——

Figure 6.1  Flexible retaining walls. Left cantilever, right single anchored

From the point of view of structural analysis, two basic concepts may be
recognised, see Fig. 6.1:

o The free standing cantilever wall
8  The anchored (or sirutied) wall
e free earth supported
o with a fixed earth support

Whereas the free earth supported anchored wall has a minimum of length, and
therefore does not have an additional capacity to develop a cantilever bending
moment at the toe of the wall, the fixed earth support has additional length and
therefore additional capacity.

Here strutted walls will not be treated separately from anchored walls. In view
of the mechanical performance, the behaviour is similar, and the slight
differences that might occur will not be discussed.

For permanent structures, anchors are often used to limit the deformations,
especially if the retaining height is large.

Although the free standing cantilever wall, and the free earth supported
anchored wall, may be analysed as statically determined structures, if rigid plastic
soil behaviour is assumed, if a more general view is taken, flexible retaining
walls are multiple statically indeterminate. Therefore the mechanical model has
to be simplified significantly, to reduce the calculation effort. These
simplifications must be justified by the modes of failure, which are appropriate
for the force distribution in the ultimate limit state. Before discussing failure
modes in section 6.2.3, some of the main functions for a flexible retaining wall
will be discussed in the next section.

6.2.1 Functional aspects of flexible retaining walls

For the development of the CUR Sheet-piling handbook (1993), functional
analysis was put forward to derive a logical order in the content of the book. The
extent of this functional analysis was only himited. Some elements of this
functional analysis with be put forward in this section.
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Table 6.1 Sheet piling configurations

Sheet pile - Canrilever
structures
- Anchored - Anchor rod(s) - Single anchor
- Multiple anchor
- Butiress type
- Stress relieve floor
- Celled wall type
- Other types - Double sheet pile type
- Multiple strutted

To begin with sheet pile functions were classified according to use and also in
terms of the form of the structure. This classification considered:

e The perspective of the user
e The perspective of the structural analyst

The user perspective was concerned with the functions of a flexible retaining
wall, The perspective of the structural analyst, which is summarised in Table 6.1,
was more concerned with the mechanical aspects of the structure.
The perspective of the user leads to a more extensive set of functions as shown in
Table 6.2

In this Table the structural types are listed on the vertical axis and the sheet
pile functions to be considered are listed in the columns.
From the user perspective, the following functions have been recognised:

e Soil retention

o Water retention

e Waterproofing

e Load bearing

e FErosion prevention
o  Guidance

The structural types are also classified with respect to time, i.e. temporary or
permaneni structures.

The necessary safety level is estimated from the functional characteristics and the
estimated life span of the structure. These safety levels are given in Table 6.2,
where one star (*) represenis a low level and five star (¥**%*) a high required
level of safety.

This safety approach might be made more objective, balancing the marginal
value of the functions with the marginal value of risk, as discussed in chapter 2.
The more functions a structure has to perform, the more the marginal value of the
risk shifts to higher safety levels. Assuming the economic ‘law’ of diminishing
added value, a higher marginal value leads to a higher safety level. Further




Table 6.2 Sheet pile functions

Retention Bearing  Erosion Water Guidance Temp./ Safety Steel  Concrete Wood Plastics Bentonite
Soil Water Vert. Hor. protection tightening Perm. High-M-Low

Deep excavations

Steel sheet piling m m s 3 s T *3 i

Berlin wall m s s s T K ke ® *

Piled wall m s s s s TP wHE % ok %

Deep wall m m ] s $ 5 T/P ok ok ok
Combined wall m m H s s 5 TP Hrk #
Locks

Chamber wall m m s s 3 B p EEa #% w5 9

Guide walls m 3 s $ s P ok *b * *k

Seepage screen m m s P ok ok ok ok
Anchor walls m p Aok % ®
Quay wall

Guide walls m 3 m § s g 5 P wkk s ok 9

Combined wall m S m s s S S P kR wE *

Coffer dam m § m m s7 S 8 P FRHE wE #7 *

Cell dam m s m s s s S P Kekok P
Bank protection

Sheet pile wall m s s m s P #* ok * sk *9

Toe protection s m m 5 P * * *

Seepage screen m m s P e sk 9
Environmental appl.

Excavation m s m? s T o o

{solation s m P ITTTT * . w3 -
Noise retaining wall $ m p * *i o o * %
Auxiliary

Deepened roads m m s s P wdok ok w w% w%
Dike reinforcement m m m p ok wk %

- Pillar § S s P EET T ok wok

Stream guiding m m P * ok 3

Skirts m m m m m $ 57 P wok ok

m = main function
s = secondary function

L6 Sjjpm Sunpiad 2]qixa]d
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discussion of this topic, however, is beyond the scope of this study.
In the next section, a discussion is given of the way in which functional value
may be quantified.

6.2.2 Functional value of soil and water retaining structures
Soil Retention: The value of soil retention is related to the soil surface gained by
avoiding a sloping interface between surfaces at a different level.

Figure 6.2 Sloping terrain

The functional value per length might be estimated as the area gained multiplied
by the value of soil per unit area, C,, to give:

Fw.milretain = bCa:' h Ca (6.1)
tan o
Where
b = width
C, = value per areq
h = retained height
o = slope of the intermediate surface

When the retaining wall is meant to fulfil an additional function, such as the
transfer of cargo for a quay wall, the analysis is more complex. This will not be
elaborated further.

Warer Retention: The value of water retention might be estimated in analogy
with the safety of a dike ring, for water defence purposes. For this situation an
added value per unit metre area protected by the dike is estimated. This area can
be identified by the length of the water-defence, multiplied by an influence
length, A,

The parameter A; might be estimated by considering the area enclosed of the
water, divided by the length of the dike ring:

A
§d1
!
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Where A is the area enclosed of the water, and § dl s the circumference.
!

For a rectangular excavation, )L’.z__ﬂ_ , whereas for a circular polder,
2%(b+1)
2 . . v . -
xi:EL:L. The added value must be related to the economic activity within the
2nr 2
area.

If the area is an excavation for an underground car park in a city, the value will be
different to that of an agricultural area such as a polder.

The functional value per length unit, with respect to water retention might
therefore be:

. =A;C 6.3
Vivater _retainment i~b (6.3)

where C, = added value for activity

Erosion Prevention:_The value of erosion prevention is the market value of the
rate of erosion depth, D,,.u.., multiplied by the retained height, 4, and the cost of
repair C,, giving:

1

=1 Wl)emsion hCr (6.4)

F =xn

erosion

Load Bearing: The functional value of load bearing might be diverse and cannot
be defined explicitly in advance. The value of bearing a crane on a flexible
retaining wall placed for the retention of a deep excavation for 6 months, for
example, is different from the situation that a flexible retaining wall is part of a
quay wall in the Rotterdam harbour, where a container crane has to be supported
for a life-span of, perhaps, 20 years.

6.2.3 Failure modes: mechanisms for flexible retaining walls

Introduction
In the preceding section external functions for the flexible retaining wall were
regarded. External functions are related to the use, the purpose of the structure. In
the next section the attention is shifted to mechanical aspects of the structure.
One might regard these mechanical aspects with respect to the fulfilment of
internal, (mechanical) functions.

To gain a better understanding of the mechanical functions, which are mainly
related to soil retention and water loading, various failure modes may be
identified as discussed below.
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< IR

anchor fails anchor fails

Plastic hinge Plastic hinge
4 [ ]

6.3a 6.3b 6 3c

Figure 6.3  Structural failure mechanisms for walls with a fixed earth support:
6.3a, Cantilever plastic hinge, 6.3b, anchored, failure of anchor,
6.3¢: anchored, combined.

Failure of flexible retaining walls can be classified in two ways.
e structural failure. Failure of the wall itself, i.e. the development of a plastic hinge
in the wall, or failure of an anchor or a strut,
s soil failure.

Notice, that structural failure of a retained wall, implies that the soil fails too. The
reverse is not always true.

Strucrural failure
For walls with a fixed earth support, the following mechanisms of structural
failure are feasible.

1. For a cantilever wall, a plastic hinge develops near the base of the wall, see Fig.

6.3a. The soil mass will move forward above the position of the hinge.
2. Failure of the anchor, followed by failure of the soil mass, see Fig. 6.3b.
3. Failure of the anchor followed by large deformations in the soil mass and the

> R
S _Plastic hinge \gggg hinge

6.4 6.4
Figure 6.4  Structural failure in the flexible retaining wall. 6.4a. For a free
earth supported wall, a plastic hinge in the ‘field’. 6.4b. for a
fixed earth supported wall, failure by two plastic hinges.
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fig 6.5a Fig 6.5b

Figure 6.5  Soil failure of a flexible retaining wall. 6.5a: Shear failure for wall
that is too shallow. 6.5b. Shear failure where the top bends over

formation of a plastic hinge near the base of the wall. See Fig. 6.3¢

Two more structural failure mechanisms may be identified.

1. For an anchored wall with a shallow penetration, i.e. a free earth supported wall, a
plastic hinge developing in the span of the wall. This leads to soil {ailure, and
therefore failure of the whole wall. {(see Fig. 6.4a).

2. For a fixed earth supported wall, two hinges need to develop for a mechanism 1o
develop, see Fig. 6.4b.

These mechanisms are rarely observed because anchor failure usually precedes
the development of plastic hinges in the wall. Apparently, in practice, anchors
were often under-designed in the passed.

Soil failure
For the case where anchors are absent, and the wall is sufficiently strong, two
more modes of failure may be identified.

e A traditional circular shearing failure in the soil, similar to the mechanism analysed

for slope stability, (see Fig. 6.5a).
® A wedge shaped failure zone behind the wall, combined with a rotational soil failure in
the sub soil, (see Fig. 6.5b).

Figure 6.6 Shear failure of an anchored flexible retaining
wall with a penetration which is too small.
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Finally the case of a shearing failure for an anchored wall may be identified.

e This shearing failure, which is similar to case 6.4a, might occur for the case of a wall
that is too shallow, where the passive zone in front of the wall is too small to provide
sufficient resistance (see Fig. 6.6).

This overview is not exhausting, e.g. cases where plastic hinges occur at the

anchor height were not discussed, because these are rarely observed in practice. It

is thought, however, that basic insight into the failure modes that are described
here contributes to a more objective approach for flexible retaining wall design.

6.3 STRUCTURAL ANALYSIS FOR FLEXIBLE RETAINING WALILS

6.3.1 Soil loading

In the previous section, fatlure modes for simple flexible retaining walls were
described. One of the observations is that the primary direction of loading, and
subsequently of deformation of the structure is horizontal. Only minor wall
rotations occur. Based on this, a first assumption for the derivation of the soil
loading on the wall is that:

‘ Interaction between soil and the structure has a negligible effect on the

vertical stresses in the soil’

A first estimate for the soil loading may therefore be derived using Rankine

NGNS SIS

wall :
surface !
z
Active 4—4-—i Passive
case case Ly
v
X
N Pl

Active Rankine state Passive Rankine state
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Figure 6.7  Active and passive failure for a smooth wall according to
Rankine’s theory, (see Craig (1978))
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theory, see Craig (1978). This theory considers two main ‘ultimate’ loading
conditions for the soil depending on whether the soil is compressed or extended.
Active soil stresses are assumed for extension and passive stresses for
compression, see Fig. 6.7.

As it is assumed that wall does not influences the vertical stresses in the soil,
the horizontal stresses on the wall can be derived from the vertical soil stresses
adjacent to the wall by only assuming equilibrium and the Mohr-Coulomb failure
criterion. The effective vertical stresses are obtained by integrating the soil
weight of the soil layers beginning at the soil surface and downward and then
subtracting water pressures.

According to this theory, the effective horizontal stresses are;

min(64) = AaG) - 2¢\/ha 6.5)
max(c}, )= 4,0 + ZC\/E (6.6)

Where c is the soil cohesion, A, is the coefficient of active soil pressure, A, is the
coefficient of passive soil resistance and @’, is the vertical effective stress in the
soil. Instead of A, and 7t.p these parameters are sometimes indicated as K, and K,
which have the same meaning. Using these assumptions, the soil loading
distribution for a wall without groundwater, such as shown in Fig. 6.8, can be
derived.

The examples in this section are for the case without groundwater. If static
groundwater is present, the influence can be included by assuming a hydrostatic
pressure distribution and adding this to the effective horizontal stresses acting on
the wall.

When deriving the effective horizontal soil stresses, the submerged weight of
the soil must be used because active and passive soil coefficients are only
relevant for effective stresses.

When there is seepage underneath the toe of the wall the approach described

lb'th &th

Figure 6.8  Effective soil pressures on a free earth supported
sheet pile wall according to Rankine’s theory
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here is not valid. In that case groundwater flow models have to be used.
Groundwater flow is discussed in chapter 5 and is not discussed further here.

Wall friction and the influence of curved shear surfaces
For a wall without adhesion, the coefficients for active and/or passive failure
defined in equations 6.5 and 6.6 are given by

_ I-sin( @) 67)
@ I+sin(@) '
I+sin(@)
= T° 6.8
P J-sin(g) L

Were @ is the angle of internal friction of the soil. If there is friction at the
wall/soil interface, the formulae have to be extended. According to
Miiller-Breslau (1947), (see also Gudehus (1980)), assuming straight shear
surfaces, if both soil surfaces are horizontal and if the wall is vertical, the
appropriate formulae are:

cos( @)

: 5 5 (6.9)
}+\/51n((p+ o )sinf @)

Ag =

cos(d, )

cos( @)
F sin( @ - BP )sin( @)
_ cos(ﬁP}

Ap= (6.10)

where 8 is the angle of wall friction. Normally it is assumed that Y20 < 8 < ¢. It
should be noted that for the more common cases, §, is positive and §, is negative.
When & is zero, the equations 6.9 and 6.10 reduce to 6.7 and 6.8.

From observations we have seen that for a high friction angle and/or a high
wall friction the shear surfaces are not straight anymore, but curved. At the
active, the soil retained side this will lead to a minor reduction in the soil loading.
At the passive side however, curvature of the shear surface may lead to a major
reduction in the capacity to give resistance. Therefore, for dense sand, which has
a high friction angle ¢, and consequently a high wall-friction angle & equation
6.10 may overestimate the passive resistance. For a soil friction angle of 35° or
higher a value for A, might be calculated with equation 6.10 of up to 10 or higher,
which is unrealistic. In fact, for friction angles above 30° it is more likely that the
soil behaviour will be determined by the curvature of the shear surface, which is
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also influenced by the boundary conditions of the problem and cannot be
generalised. In practice, any value of A, higher than 6 has to be treated with
caution. In that case it is advisable to derive values for passive resistance based
on non linear slip surface analysis, which tend to give a much lower value of A,.

Solutions for this problem have been published by Caquot & Kerisel (1948).
These solutions seem to account for the wall friction in a more consistent way, as
good agreement is obtained between empirical calculations based on Caquot and
Kerisel, and finite element analysis, see section 6.4.2.

These assumptions about soil behaviour give a first estimate for soil loading on
inflexible walls. The assumptions are based on the theory of plasticity.
Deformations are assumed to be sufficiently large for plastic strains to develop.
For a more refined model the development of stresses as a function of strains and
3D based material modelling is necessary. These advanced aspects are implicitly
taken into account when the 2D finite element analysis is adopted. With the
developments described in section 6.3.4, the material modelling such as
introduced in section 4.6 become possible. First, however, the empirical model of
Blum will be described.

6.3.2 The method of Blum

The first relatively powerful approach for the analysis of sheet pile walls was
derived by Blum (1931). Blum took two equilibrium equations: YH =0 (sum of
horizontal forces), and 2T = 0 (sum of moments), and combined this with the
Rankine assumptions for soil loading. For a cantilever wall these equations can
be solved analytically.

To extend this approach to anchored walls, Blum introduced the concept of a
concentrated force at the toe of the wall. This assumes that the forces resisting
rotation at this level are local and within the limits of engineering approximation
can be modelled as a concentrated force. This concentrated force, denoted as 7,
is the resultant of the passive soil resistance. Since this resultant force needs

r
¢ =

15w

Figure 6.9  Anchored sheet pile wall. Resulting force , Scheme
according to Blum (1931)
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some spatial length to develop, Blum suggested extending the flexible retaining
wall by 20 % of the height of the net passive zone. For the case shown in Fig. 6.9
this means 0.2 h’, This supplementary length should, therefore, not be considered
as extra in the sense of safety. It is simply needed to develop the force C".

The method of Blum is closely related to the graphical design method as
shown in Fig. 6.10, which enables the integration of local soil loading
recognising different soil layers, and the derivation of the bending moments
diagram. As the introduction of an additional force to model the anchor
introduces an over determination of the variables in the equations there is some
freedom for the structural analyst to choose an equilibrium state. This is
illustrated in Fig. 6.10 where the closing line in the graph may be chosen by the
analyst. In my view, a calculation according to Blum means, that, the ‘closing’
line is drawn such that the cantilver moment at the toe is equal to the moment in
the span. Subsequently, as discussed earlier, the penetration length is extended by
20 % of the height of the net passive zone.

Figure 6.10 Graphical scheme proposed by Blum, (1931)

Safety considerations in combination with the application of Blum’s scheme
After that the required pile length is determined the bending moments and anchor
forces may be calculated. The shape of the sheet pile sections and the anchor
‘thickness” can then be determined. For a wall in sandy soil it is usually practice
to reduce the component of bending moment in the span corresponding to the
effective soil stresses by a 1/3. For a wall in clay or peat, no such a reduction is
allowed. For all cases, both for sand, clay or peat, the anchor or strut force used
for design should be taken 15 % higher than values obtained from the analysis.
(see EAU 1996: E 77).

These modifications to the values calculated using the Blum method are based
on the observation, that prototype measurements indicate smaller bending
moments and larger anchor forces than calculated.
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6.3.3 Subgrade reaction models

According to Blum, active soil pressure is assumed for all of the retained side of
the wall, even above the anchor. A more refined analysis taking into account
deformations, however, might indicate compressive strains above the anchor,
suggesting that a passive soil reaction is more likely. Similar behaviour might
occur at the toe of the wall, although it is of minor importance because the
concentrated force C” implicitly takes this into account.

To include these effects, a more refined description of the structural
deformation and soil behaviour is needed. The concept of a beam on
elastic-plastic springs applying the subgrade reaction behaviour such as
illustrated in Fig. 6.11 enables the modelling of these effects. The gradient of the
inclined line between active and passive soil pressures is the subgrade reaction
modulus. The difference in displacement between active and passive soil
pressure, is denoted as the stretch. For sake of completeness, the neutral soil
pressure for the situation of zero deformation has to be specified.

In literature several formulae can be found for the neutral soil pressure. A well
known relation by Jaky (1944), for normal consolidation, is:

An=1-sin(@) = Kj¢ (6.11)

This parameter is often denoted as K, as well as A,
By Schmidt (1966), this relation is generalised, introducing the influence of
the Over Consolidation Ratio, the OCR, which gives:

An= Ko°VOCR (6.12)

The next step in the development of this model, is the adoption of a numerical
scheme. Several options are available including the use of finite elements. Where
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Figure 6.11 Spring characteristic for the calculation of
flexible retaining walls using the beam on
elastic-plastic springs concept.
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Figure 6.12 Flexible retaining wall modelled as a beam on elastic-
plastic springs

the Public Works department developed a model based on Finite Element
analysis, DAMWAND, Verruijt (1983) developed a mixed model (equations for
forces and displacements) using finite differences. In both cases the wall is
modelled as an assembly of small elements. The soil is discretized into a finite
number of springs, as shown in Fig. 6.12.

Neutral soil stresses are assumed at the start of the procedure. If that does not
result in an equilibrium state of stresses, then in subsequent steps the unbalance is
removed taking into account the bending stiffness of the wall. Checking for all
springs every iteration, this will lead to equilibrium.

Normally these programs have options to include more than one soil layer, and
more than one construction stage.

The application of this type of model is not confined to situations where the
analysis of deformations to verify the limit states of equilibrium is obliged. Often
it is convenient to use this type of model for less complicated situations. If the
model is used on a personal computer, the simplicity and speed of operation make
the model easy to use for routine analysis.

6.3.4 Finite element analysis for flexible retaining walls
A next step in the development of models for the structural analysis of flexible
retaining walls is the application of two-dimensional finite element analysis. Non
linear finite element analysis is used in which an elastic-plastic constitutive
model is used to describe the soil behaviour.

The basic equations for a finite element modelling have been discussed in
chapter 4, and are not repeated here.

Structural elements for 2D plane strain analysis

In 1983 the computer code PLAXIS was mainly a finite element code for the
analysis of problems in soil mechanics. Development of structural elements had
not been carried out. The first development of structural elements, an inflexible
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beam element is described below.
This development work began in 1983. The following two options were
considered at the start of this development work:

e an inflexible beam
e a flexible beam

Both options were investigated thoroughly, and the inflexible beam option was
implemented first. The inflexible beam option is appropriate for relatively stiff
sheet piling. When approaching a soil failure, the soil stiffness decreases to zero
as plastic failure develops. Hence the inflexible-beam option becomes more
accurate as a soil failure is approached.

Inflexible beam elements
A short review of the theory of the computer modelling of inflexible beams is
given below.

A rigid response of an element implies that nodes of that element if they are
part of a straight line remain on a straight line during loading. Therefore a linear
relationship between all the nodal displacements of the wall may be assumed.
Formally this can be expressed as:

a=Ta (6.13)

Where a is a vector of all nodal displacements a* is a vector of a reduced number
of nodal displacements and T is a linear interpolation matrix. If there are n sheet
piling nodes, giving 2n displacement components, then the difference between
the number of unknowns in u and u* is 2n-3. Note that three sheet pile nodes are
retained for a full description of the sheet piling movement.

If this relation is adopted and implemented in the overall system matrix for a
mesh, the following set of equations can be derived, (see also equation 4.76):

A TAa" = Aq+Ap (6.14)

Note that this new set of equations is not symmetrical. To obtain an efficient
solution procedure however, symmetry is required. To re-establish the symmetry,
both the left and the right hand side of equation 6.14 are multiplied by the
transpose of the interpolation matrix T to obtain:

A*Au” =Aq" +Ap” (6.15)
Where

A" =TTAT (6.16)

Aq* =TAq (6.17)

Ap  =TAp (6.18)
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Thus, in the solution procedure a condensed stiffness matrix and load vectors can
be applied. In practice the original dimensions of the matrix are maintained by
introducing dummy variables and equations.

The procedure described here was implemented and verified. The performance
of the model is described by Bakker (1987).

Hybrid beam elements

To improve the model, the computer code was extended with elements to model
the flexibility of the structural elements. To avoid the use of rotational degrees of
freedom, a hybrid formulation for a beam element was applied and implemented.
The theory of this element, is described by Bakker (1990) and is only discussed
here briefly.

In the derivation of the Euler type of beam element, the virtual work of
material points is integrated by using a kinematics relationship between the
strains and the curvature of the neutral axis of the beam. This is done by
assuming that the relative displacement of a material point lying away from the
neutral axis is determined by the change in rotation of the beam under the action
of load according to:

u(x, y)=u(x)—y6(x) (6.19)
Where u(x,y) is the deformation at a point y from the neutral axis and 6(x) is the
rotation of the neutral axis of the beam see Fig. 6.13. The longitudinal strain at a

material point is the change in displacement with respect to the length axis of the
beam giving:

dx

V.,

w(x)

v

Figure 6.13 Kinematics relation between displacements
and deformations in a beam element
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To satisfy compatibility between beam elements, for conventional 2D plane strain
elements, compatibility between the global displacements u, and u, of common
sides of adjacent elements is sufficient. However, as a beam element is a
condensed element, it is not sufficient to impose compatibility for points only on
the neutral axis. Compatibility of the rotation, 6 of the neutral axis is obliged too.
The introduction of compatibility of the rotation of the neutral axis, 6, is typical
for structural elements, where displacements and strains are determined by a
linear kinematics relationship such as given by equations 6.19 and 6.20.

For a rectangular beam element, the internal stresses can be integrated to
derive condensed properties, such as normal force N, and bending moment M, as
shown below:

1/2h 1/2b 1/2h i
N= | [Oxxdy= | Eb(gxx_)’x}{.‘:
=1/2h-1/2b —=1/2h (6.21)
1/2h
:Eb(s” —x ! 2] =FEbhe", =FAe"!
=) S
and,
1/2h 1/2b 1/2h
M= | [Oxxydy= | Eb&ﬁx)"")’z}f}’:
—1/2h-1/2b —1/2h (6.22)

1/2h
—Eblen 1/ 21/ 3 ) TR
_Eb&iné) KA} )_”2}1— 12Ebh k=EAx

Where A = b h is the cross-sectional area, and / is the beam moment of area,
1= bi?

12

More generally, for a symmetrical profile in uni-axial bending, the following
constitutive relationship for a line element in bending and axial compression may
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be identified:

N=EA d;x (6.23)
& o
and:
2
M=-E1%Y__Erx (6.24)
d x2

Where M is a bending moment, EI is the bending stiffness, x is the curvature of
the beam and w is the lateral displacement.
In addition to this, equilibrium requires that

dQ
— 4+ f=0 6.25
E i (6.25)
and
dM
B L O 6.26
E ) (6.26)

Where f'is a distributed load, and Q is the shear force in the beam.
Combination of equation 6.25 and equation 6.26 gives the relation between
bending moments and distributed load:

M
122

X

+f=0 (6.27)

In the approach frequently used in structural mechanics, the equations 6.24 and
6.27 are combined to give the following differential equation relating distributed
loads to displacements:
2
dYE12Y)
. f (6.28)
d x*
As most finite element codes used in soil mechanics, are based on linear
displacements only, (i.e. rotations at the nodes are not included), the combination
of beam elements and continuum elements is not straightforward. Either
rotations must be introduced as degrees of freedom, or an alternative scheme has
to be adopted.

The implementation of rotational degrees of freedom would lead to
modification of the existing code at that time (1985). An alternative scheme was
therefore adopted. The choice was made for a scheme based on a mixed mode
approach for the beam element, a hybrid element of the Reissner type. This
scheme offered the opportunity to trade the compatibility of rotation for compati-
bility of bending moments. Structural elements to model sheet pile behaviour are
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restricted to a small part of the mesh. This makes it feasible to adopt a
condensation procedure to remove the degrees of freedom for the forces from the
system matric.

The equations for bending 6.25 and 6.27 are used to derive the element
equations. Here the interpolation of the geometry and of the displacements is
based on the same functions, such as showm below:

n n n
(&)=Y N;x; , w(&=Y N;w;  and M(E=) Nim;,
i=1 =1 i=1
where x; w;, and m; are nodal co-ordinates within the element local co-ordinate

system, nodal displacements and nodal bending moments, respectively.
Applying Galerkin to discretise the equations 6.24 and 6.27 separately gives
the following set of coupled equations: D

—Fm+Dw=0 (6.29)

_pTm+0Ow=0Q (6.30)
Where:

#

F= jj{’% (6.31)

D=["/NIN dx (6.32)
and

Q=[7/Nifdr+ NEmr/ (6.33)

To derive a suitable set of equations for implementation in PLAXIS, the
equations 6.29 and 6.30 were combined to derive a system matrix. Equation 6.29
was rewritten therefore as:

m=F Dw (6.34)

Equation 6.34 is now introduced into 6.30 to substitute the unknown bending
moments m for unknown displacements w. This gives:

A stiffness matrix suitable for implementation in the computer code can then be
recognised as:

s=DTrlp (6.36)

A disadvantage of this approach is that this condensation procedure cannot be
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done for each individual element. As we have to impose continuity in the bending
moments, before that the condensation can be performed, the matrices F and D
have to be assembled for all of the adjacent beam elements. Fortunately, this
usually involves only a limited number of elements in comparison with the
number of soil elements. For the axial stiffness part, a conventional method based
on virtual work may be adopted.

Note that equation 6.36 is derived in a local co-ordinate system. Before
assembling the system matrix, a transformation to global co-ordinates is needed
according to A =TT S T. Here T is the transformation matrix relating the local to
the global co-ordinate system, as given by:

Tw=a (6.37)
Where w is the vector of local element displacements, and a are the global system
displacements.

This procedure was implemented in the computer code PLAXIS in 1990. A 5-
noded hybrid beam element, which is compatible with [5-noded continuum
elements was used. A detailed formulation of this element is given by Bakker and
Brinkgreve (1990).

Finite element modelling of flexible retaining walls in plane strain.

Since 1992 there is an increased interest in bored tunnelling in the Netherlands.
The structural analysis of the tunnel lining for such a structure demands that
curved beams are available. In order to meet this demand a further step in the
development of structural element in the PLAXIS computer code was taken. A
Mindlin type structural element was selected and implemented. The theory
related to this is described in more detail in section 7.4.2

The advantages of this element are:

e the curvature of a beam can be taken into account:

e the influence of a rotation of the cross section, which is important for a beam which
is short in comparison to its height, is implicitly taken into account, and

e Implementation of material non-linearity for the beam, (such as plasticity), becomes
feasible.

Modelling soil structure interaction at the toe of a flexible retaining wall

The use of beam elements with a virtual thickness in a finite element mesh might
lead to singularities in the deformation. Generally, if a stiff structure with edges
or corners is combined with a soil continuum, singularities in the displacements
might be introduced in the finite element mesh. This problem was examined by v.
Langen (1991), for the problem of plate loading and for the modelling of pile
penetration. The problem is not limited to those structures, also for a flexible
retaining wall modelled with a beam element with virtual thickness this problem
exists, as shown in Fig. 6.15. To avoid the problem of singular displacements at
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To)

Figure 6.15 Interface elements at the toe of a flexible retaining
wall. Singularities iri the displacement field

the toe, interface elements between soil and wall are used. The interface elements
should be extended at least one element beneath the toe to prevent this type of
singularity.

For the mesh used in the calculations discussed in section 6.5.2, a double line
of interface elements was used. Beam elements were placed between mesh blocks
and are therefore sandwiched between the interfaces. The material behaviour of
interfaces within the soil is based on the same parameters as used for the soil.

Theoretical studies have been carried out (see Bakker & Vermeer (1987)), to
verify this model. Parts of this verification are described in the next section 6.4.
Analysis of case studies have also been done including the back-analysis of the
deep excavation for the Rotterdam Willems-spoortunnel, see Bakker &
Brinkgreve, (1990). The Kalrsruhe sheet pile test is discussed in section 6.5

6.4 VERIFICATION OF THE FINITE ELEMENT IMPLEMENTATION

To check the accuracy of the inflexible beam elements described in section 6.3.4,
analytical calculations have been compared with the results of finite element
analysis. In this section two calculations are described. The first calculation is for
a cantilever wall in a cohesive material, where the wall is loaded to failure by an
external horizontal force applied at the top. The finite element results are
compared with lower bound and upper bound solutions.

The second calculation concerns a cantilever wall in frictional soil, loaded to
failure by a surface load. Here a non-associated flow rule is used, which means
that the bounding theorems loose their significance. Moreover the collapse load is
not necessarily unique. For this particular problem however, the range of
non-uniqueness is small, as the kinematics boundary conditions are not very
restrictive. This finite element computation appears to give a clearly identified
collapse mechanism and similarly a clear collapse load. The latter is compared to
the outcome of conventional engineering calculations.
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Figure 6.16  Anchor wall in cohesive soil

6.4.1 Rough anchor wall in cohesive soil

To verify the theory of section 6.3.4, for the inflexible wall implementation, a
problem with an exact solution was sought. As the application pursued in the
implementation was retaining walls, sheet pile problems in purely cohesive soil
for undrained loading conditions were investigated. For this situation, ¢ =y =0
and c=c, should be adopted. Ultimate limit states can than be bracketed by
lower and upper bound solutions because the flow-rule is associated.

The first problem to be studied was a sheet pile wall in a half space with a
constant undrained shear strength. The wall is loaded to failure by an external
horizontal force at the top, as indicated in Fig. 6.16

This problem may be analysed analytically by deriving upper and lower
bounds to the failure load. The statically admissible stress distribution, which is
required to find a lower bound, was assumed as shown in Fig. 6.17.

Here stress discontinuities were used to separate regions of constant stress.
Note that the soil weight might be taken into account adding a supplementary
stress field according to:

g —] G_rx = 'Y y (638)

¥y

Where the z-axis is taken perpendicular to the plane of analysis, x is horizontal,

=
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Figure 6.17 Statically admissible stress distri- Figure 6.18 Assumed failure
bution around an anchor wall mechanism for upper

bound analysis
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Figure 6.19 Computed load displacement curve for the anchor
wall loaded at the top

and y is taken positive in the downward direction.

Both the position of the centre of rotation, and the lower bound Py can
subsequently be solved from the equilibrium conditions for the wall using
horizontal equilibrium and equilibrium of moments.

The result of this lower bound analysis is:

Plower =1.656 ¢, L (6.39)

For an upper bound solution, a kinematically admissible velocity distribution is
required. A suitable solution is proposed by Biarez (1958) and is illustrated in
Fig. 6.18. Having formulated the displacement field, by an active and a passive
wedge, and an earth roll at the bottom, it was possible to find the matching
stresses, see Bakker & Vermeer (1987), which gave the following upper bound
for the failure load:

Figure 6.20 Finite element prediction of failure
mechanism
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Ppper =2256c,L (6.40)

It should be noted that the assumed collapse mechanism involves deforming
wedges rather than rigid ones.

Finite element analysis
The problem shown in Fig. 6.16, was analysed using the inflexible beam
implementation in PLAXIS, with the mesh shown in Fig. 6.19. A mesh with 15-
noded triangular elements was used, giving a cubic strain distribution and, as a
result, a mesh with a large freedom with respect to deformations.

The load-displacement curve as indicated in Fig. 6.19, was obtained from 22
displacement increments using an average of 4 iterations per increment. The
calculation showed a clear limit load of

=2.174 ¢,L (6.41)

Pmax

This result lies well in between the theoretical bounds as expected. Well before
the end of the analysis a plastic failure mechanism developed as shown in Fig.
6.20. The mechanism obtained from the finite element analysis agrees well with
the assumed mechanism in Fig. 6.18.

During the verification of the inflexible beam implementation a second
plasticity analysis solution was used for a free cantilever wall in purely cohesive
soil. The analytic solutions derived and used for the verification are given by
Bakker & Vermeer (1987), and not repeated here. The finite element solution was
found to be between the upper and lower bound solutions as expected.

6.4.2 Cantilever wall in frictional soil
The problem described in the previous section is of a theoretical nature. To check
the accuracy of approximate engineering methods, a wall in frictional soil was
studied. The dimensions and soil parameters were chosen quite arbitrary, as
indicated in Fig. 6.21.

The problem concerns a cantilever-retaining wall in a frictional material with a
height of 10 m. In practice, of course, for a wall of that size, normally an
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Figure 6.21 Cantilever wall in frictional material
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Figure 6.22 Computed surcharge-displacement curve for
frictional soil

anchored wall would be used to limit the deformations. For analysis purposes
however, the configuration is suitable

The soil parameters chosen were based on a sandy soil, i.e. a frictional model
was assumed. For simplicity, because verification is the purpose and not
validation, the soil parameters were assumed to be homogeneous for the entire
soil mass.

In contrast to the problem described in section 6.4.1, if only soil-weight would
be increased, a limit load would not be calculated. Indeed, for a frictional soil an
increase of Y would simply give a proportional increase of the stresses causing an
elastic response, because the stress paths would not intersect the conical Mohr-
Coulomb yield surface in stress space.

For this reason, a uniform external surface load, as indicated in Fig. 6.21, was
applied to the top of the soil. In the finite element analysis this load was increased
incrementally up to the point that a limit load was calculated, see Fig. 6.22.

The finite element mesh, such as indicated in the in-set of Fig. 6.23, was
adopted, as it was assumed that this would allow a Rankine-type failure of the
soil without any interference from the mesh boundaries. A quadrilateral in this
mesh is made up from two 15-noded triangles.

The analysis was performed in two stages. First the soil weight was
incrementally increased to y = 16 kN/m’, using 12 load increments and an
average of 5 iterations per increment. Next the external load was applied on the
basis of an arc-length control procedure. The curve in Fig. 6.22 is made up of 50
load increments, each with approximately 7 equilibrium iterations per increment.
The total number of iterations for the entire analysis sums to about 350. For the
sheet pile wall in purely cohesive soil (see section 6.4.1), however only 60
iterations in total were needed.
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Figure 6.23 Predicted failure mechanism for Figure 6.24 Computed plastic zones at
retaining wall in frictional soil failure

This indicates that an increase of the friction angle leads to a considerable
increase of the computational effort. Similar behaviour is reported by De Borst
and Vermeer (1984).

The predicted failure mechanism in Fig. 6.23 shows an active and a passive
Rankine wedge. Notice that the slip lines are slightly curved due to the roughness
of the wall. Underneath the Rankine wedges we observe a small roll, similar to
the one in Fig. 6.20. The wall roughness is particularly important for the failure
load. A smooth wall would give a failure load of about 270 kPa, whereas the
finite element solution for a rough wall is:

Gmax = 680kPa (6.42)

In Fig. 6.24, the plastic zones are shown. As can be observed the mechanism
remains well inside the boundary of the mesh. Fig. 6.25 gives an indication of
the inclination and magnitude of the principal stresses. Notice that the direction
of the major principal stress is not perpendicular to the wall.
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Figure 6.25 Computed principal stresses at failure
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Engineering approaches
In Fig. 6.22 the results of analyses using Blum’s method for this problem are also
shown. For this purpose, two different approaches from practice have been
followed for the calculation of the soil stresses, giving quite different values for
the failure load.

The two methods used for the calculation of the soil stresses are; wall friction
according to:

e  Coulomb/Muller-Breslau
» Caquot & Kerisel

The failure load is calculated combining this with Blum’s method (1931), by
considering moment equilibrium about the toe of the sheet pile wall. .

The same coefficient of active soil pressures is applied for both calculations.
For the interface friction angle §, tan 8 = sin @ = 0.5 is used, which means that
& = 26.57°. This corresponds to the interface behaviour in the finite element
analysis. The difference between the two engineering methods is more explicitly
seen in relation to the passive earth pressure.

Using the coefficients of Caquot & Kerisel a failure load was obtained of

9Caquot =670kPa (6.43)

Application of the Coulomb/Muller-Breslau, (see Gudehus 1980), equation 6.10,
gives:

dCoulomb = 885kPa (6.44)

When comparing these values with the result of the finite element computation,
Caquot’s approach appears to give a much better result. This method is being
incorporated in the British Code of Practice, see Potts and Burland (1983), and
also in the German Code of Practice. The analysis presented here supports these
decisions. Caquot & Kerisel’s method has the advantage that it is based on a
more refined analysis based on curved shear surfaces instead of straight shear
surfaces, (see section 6.3.1).

6.4.3 Conclusions

The inflexible beam model seems to be reasonably successful for the analysis of
sheet pile wall behaviour. Computed limit loads were found to lie in between
theoretical upper and lower bound solutions. The computational effort remained
modest for friction angles up to 30°. However, computer run times increased
significantly with increase in the friction angle.

Practical engineering calculations give varying results due to different ways of
dealing with the wall friction angle. The formulae of Caquot & Kerisel (1948) are
thought to be the most appropriate, because it is based on curved shear surfaces.
This approach gives better agreement with soil behaviour when compared with
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field measurements and the results of numerical analysis.

Here the discussion of verification is limited to the inflexible beam
implementation. The application of analytic solutions for verification purposes,
such as described here is regarded as meaningful.

After implementing the hybrid beam elements in PLAXIS similar verifications
as for the inflexible beam were performed. In addition, the hybrid beam element
implementation was compared with subgrade reaction models and field
measurements of the deep excavation for the Willems-spoortunnel in Rotterdam.
A thorough validation using these field measurements was not possible, however,
because adequate measurements of the displacements before excavation were not
available. For further details see Bakker (1991).

In the next section validation is taken a step further with the sheet pile test in
Karsruhe for which an excellent set of field data is available.

6.5 FIELD STUDY OF A SHEET PILE WALL

6.5.1 Preface
In 1993 at the test site Hochstetten near Karlsruhe, a sheet pile wall test was
performed. The test was organised by the University of Karlsruhe in co-operation
with the Dutch Centre for Civil Engineering, Codes and Specifications (CUR).
The test, which was heavily instrumented, was carried out from the end of May
and finishing in the second week of June 1993. The final loading was applied on
the 8" of June 1993.

A prediction contest was held before the start of the test. The Civil Engineer-
ing Division of the ‘Rijkswaterstaat’ made two predictions. The prediction as

Figure 6.26 The construction excavation at the test site
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published by Bakker & Beem (1994) is discussed below.

The test and the prediction results where published by Von Wolffersdorff
(1996). In his report on the experiment, Von Wolffersdorff included a back-
analysis based on a hypo-plastic model. The best fit for the parameters was found
by trial and error. Details of the prediction results, as well as some details of the
measurements to be used in the back-analysis, are described below,

Finally in this section, a back-analysis, based on Bayesian analysis (scc
Ledesma (1989)) is described. This back-analysis uses PLAXIS as mechanical
model.

6.5.2 The prediction of Rijkswaterstaat

The experiment consisted of the staged construction of a small excavation as
shown in Fig. 6.27. The trial wall, consisting of slender KD VI profiles was
placed opposite a much heavier and stiffer Arbed PU 8 wall, for which the
deformations, in comparison to the trial wall were negligible. The test wall was
supported at a distance of 1.25 m below the soil surface by a strut supported by
the opposite wall. To guarantee a 2D situation as far as possible at both sides of
the 7 m. wide test, a 5 cm. thick bentonite slurry sheet was installed. This
bentonite slurry sheet reduced the friction at the sides of the experiment down to
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Figure 6.27 The construction excavation for the Sheet
pile-wall test at Hochstetten (near Karls-
ruhe, Germany)
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a negligible level. The excavation process is described in more detail in section
6.5.2 and Table 6.4

The Public Works department in Utrecht was one of the 39 organisations who
made a prediction of the test results. This prediction was published, see Bakker &
Beem 1993, The main items and results of this prediction are described below.
For an adequate prediction it was necessary to interpret the soil data provided by
Karlsruhe University. Here the evaluation of the main parameters used for the
prediction is discussed. An important aspect was the low groundwater level, and
so an apparent cohesion due to suction had to be considered. A second aspect
considered to be important was the staged execution. In the prediction this aspect
was implicitly solved by calculation of a number of analysis steps:
construction/loading/unloading.

The discussion here is concerned with the finite element prediction carried out
using PLAXIS 4.5, and the subsequent back-analysis performed using PLAXIS
version 7.0
Because correct modelling of soil structure interaction effects is important,
special care was taken to model the singularity at the sheet pile toe. This
procedure and the Mindlin type element used for the analysis are described in
section 6.3.4.

The interpretation of the soil data, and the staged construction are described
below.

Interpretation of Soil Data and determination of other parameters

Information of two kinds is needed for a finite element prediction. Firstly
information about the geometry of the model, the forces acting upon it and the
construction process is required. Secondly a material model and the parameters to
be adopted is needed.

The first kind of information can be derived from the structure itself. The
second type of information depends on the chosen material model. This section
deals with the choice of the material model and the relevant material parameters.
This was derived from the information for the sheet pile test, distributed by the
University of Karlsruhe.

In 1993, the time that the prediction was made, the material models available
ranged from relatively simple models such as the Elasto-plastic Mohr-Coulomb
model, up to more complex models such as the Cam-Clay model. As a general
rule the more complex the model, the more soil parameters are needed.

The purpose of the test was to study the collapse of the soil body. The material
model should therefore be able to model soil plasticity as well as elasticity. As
the test was carried out in sandy soil, the Mohr-Coulomb model was thought to
be appropriate. At that time the difference between first loading and
unloading/reloading was not recognised by most practitioners, and therefore not
included in their analyses. For our prediction, the elasto-plastic version of the
Mohr-Coulomb model with five parameters was used, see section 4.6
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The material parameters needed for the material model had to be extracted from
the geotechnical information which was included in de documentation which was
assembled by the University of Karlsruhe. This documentation included results
from a large number of geotechnical tests on the test site.

These included:

e boring profiles e plate loading tests

o dynamic probing e capillary cohesion tests

e grain size distributions e pressuremeter tests

e ogedometer tests e cone penetration tests

e shear box tests e  Menard pressuremeter tests

e tri-axial tests

To obtain a stiffness modulus, the oedometer tests and the tri-axial tests might be
used. In this case the tri-axial test results were preferred because the effect of
shearing is taken into account more effectively. The strains measured in the tri-
axial tests however where considered to be large (up to 10%), compared with the
strains expected during the test. Furthermore the loading curves, see Fig. 6.28,
did not show a peak. This effect was ascribed to the high density of the sand or
the size of the sample. The German tri-axial tests where carried out on samples of
size 10x10 cm, whereas Dutch samples normally measure 7x3.5 cm. A more
slender sample might develop shear bands earlier, possibly leading to a peak in
the load-displacement curve.

For the derivation of the shear modulus, the Gsg, the secant shear modulus at
50% of the ultimate stress was used. This value was derived for three levels of
cell pressure (see Table 6.3).

These data were used to develop a stress dependant relationship for the shear
modulus in order to model the increase of G with depth. The relationship that was
adopted is:

i
G =G £ (6.45)
Pref
If a reference pressure was applied of P, = 100 kPa, this gave:

Table 6.3  Tri-axial test results for varying cell pressures

cell pressure Indication sine at 4% strain G50
MPa number MPa
100 S5KD13 0.63 13115
S5KD15 0.60 11538

200 S5KD21 0.63 26231
S5KD22 0.63 26321
300 S5KD31 0.61 30096

S5KD32 0.61 30096
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Figure 6.28 Tri-axial test result for lab.no. S5KD21
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To derive the shear modulus from the Young’s modulus, a Poisson’s ratio of 0.3
for all the tri-axial tests was used.

The tri-axial tests results were also used to determine the friction angle of the
sand. As this parameter is considered to be insensitive to the cell pressure, the
value of this parameter should not vary too much between the different tests. For
the derivation of the friction angle, characteristic for the analysis, the friction
angle related to yielding of the sand at a strain of 4% (see Fig. 6.28) was used.

A comparison of the derived friction angle for the different stress levels
enabled the consistency of the tests to be checked. The tests gave a mean value of
the friction angle of 38°, which was thought to be relatively high for sand. It has
to be considered, however, that the representative values normally adopted for
design, implicitly include a safety margin because the laboratory will deliver
characteristic values that are exceeded for 95% of the tests. Here however we had
to predict the average soil behaviour.

For the angle of dilation, engineering judgement was adopted by assuming
W = @ - 30°. For the prediction, this value was in fact reduced to 5°. For the wall
friction, a friction angle of & = 2/3 @ was assumed. Furthermore, the advanced
Mohr-Coulomb model (which included stress dependant elasticity in the elastic
domain) was used. This model did not allow tension to occur.

The last parameter to determine was the cohesion. The in-situ tests showed that
the top layer on the test site showed groundwater at less than atmospheric
pressure. This was attributed to suction causing an apparent cohesion. Two series
of 3 tests of excavated soil cubes were averaged to indicate an apparent cohesion
between 2.7 and 4.0 kPa. Furthermore the plate loading tests were investigated
using back-analysis. As the diameter of the plate was 30 cm, the shear plane goes
mainly through the top metre of the soil. As the apparent cohesion is presumed to
be dominant in the top metre of the soil, this test was considered to be suitable to
estimate the apparent cohesion. Unfortunately, however, the results of the two

m
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plate loading tests were quite different, and so it was not possible to estimate,
with confidence, a value for the apparent cohesion. On basis of the tests on
excavated soil cubes, and the plate loading tests, cohesion for all the soil layers of
3 kPa was assumed.

The initial stresses were calculated according to equation 6.11, see Jaky
(1944).

Parameters of the wall
The wall tested was a profile by ‘Krupp’: Kanaldielen KD VI with the following
properties

The bending stiffness was EI = 2033 kNm” and the axial stiffness was EA =
2200000 kN/m. The strut stiffness’ (EA/L) was 20938 kIN/m

Analysis of the construction sequence

The predictions for the test were performed with PLAXIS, version 4.5. The test
itself was modelled in plane strain and so 3D effects were neglected. The mesh is
illustrated in Fig. 6.29. The elements are fifteen noded triangles. The mesh
displayed corresponds to a certain stage of construction; the initial mesh starts
with a level soil surface. In Fig. 6.29, soil elements in the excavation have been
removed. To obtain an accurate prediction for the sheet pile, the construction of
the sheet pile is also modelled in the calculations.

The test was carried out in 8 stages of construction, see Table 6.4. At all the
stages of the test the strains and stresses in the wall and the soil were monitored.
Here for the numerical analysis eight stages of construction were recognised,
whereas for the prediction contest only results for four stages of construction
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Figure 6.29 Element mesh with boundaries, sheet pile-
wall, strut, soil elements and interface-ele-
ments. At the construction stage that the
soil is excavated
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Table 6.4 Stages of construction and stages for the predictions

Stage Stage Description
Sor numerical for
analysis prediction
0 Initial conditions
i Excavation up to 1.00 m.
2 Excavation to -1.75 m.
3 Installation of the struts and pretension to 4.5 kN/m.
4 Excavation to -3.00 m
5 1 Excavation to -4.00 m.
6 i Excavation to -5.00 m
7 i Surface load (to reduce the effect of the apparent
cohesion).
8 v Reduce the strut length up to ‘“failure’

were asked. In order to make clear which is which, the stages for numerical
analysis are indicated with normal ciphers, whereas the stages for the prediction
are indicated with Roman ciphers. One of the aims of the sheet pile test was to
determine the behaviour of a yielding sheet pile in sandy soil. The yielding of the
sheet pile was achieved by slowly shortening the struts, using the spindle in the
struts, see Fig. 6.27.

To obtain an accurate prediction of the stresses and strains in the sheet pile
wall, during the shortening of the struts, the initial earth pressure distribution has
to be known. Modelling the construction process of the test site using the finite
element procedure described below did this.

The prediction was performed as follows:

Activation of all the soil elements with all structural elements remaining inactive.
This provides a set of equilibrium initial stresses.

Activation of the beam elements to model the installation of the sheet pile. The
interface elements are activated automatically when appropriate.

De-activation of soil elements in the excavation to a level of -1.75 metres.
Activation of the spring elements to model the struts. Initial pre-stress was 4.5 kN.
De-activation of soil elements in the excavation up to -4.00 metres

De-activation of soil elements in the excavation up to -5.00 metres

Activation of the surface load (to reduce the effect of the apparent cohesion

De-activation of the spring elements that model the strut. Failure is assumed when
the strut force reduces to a limiting value.

The prediction results of Rijkswaterstaat
In Fig. 6.30 the strut force as a function of the sheet pile wall deformation is
shown. According to the numerical calculation it was expected that the strut
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Figure 6.30 Strut force as a function of the sheet pile wall
deformation measured at strut level
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would have to be shortened several centimetres to have a significant decrease in
the force level. After that, the strut force gradually reaches a limiting value. For
the prediction, the ultimate limit state of the structure was taken from the
calculations that correspond to the point that a displacement of the strut of 35 mm
was calculated. The deformed mesh and the bending moments in the sheet pile
wall related to that situation, are shown in Fig. 6.30 and Fig. 6.32. The tabulated

summary of the prediction is given in Table 6.5 on page 132.

As can be observed from Fig. 6.30, the strut force significantly decreases when
the strut is decreased in length. The bending moment in the span, however,
increases only slightly, from M = 8.14 kNm/m after the excavation to 13.2

kNm/m at failure

T
e S

Deformed mesh, scaled up (down)

Extreme displacement 3.73E-02 m

Figure 6.31 Deformed mesh at failure
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Figure 6.32  Distribution of bending moments at minimum
strut force

Fig. 6.32 shows the distribution of the predicted bending moment in the sheet
pile wall. The lack of any significant bending moment above the strut was
thought to be caused by the apparent cohesion in the upper layers due to suction.
The deformed mesh at wall failure is shown in Fig. 6.31.

Prediction contest
The prediction described in this section was not the most accurate, although the
results were comparable to all the other finite element predictions. It should be
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Figure 6.33  Prediction results for the bending moments at stage7/stage III, after
excavation and surface load:
left: a), Subgrade reaction models.
right: b) PLAXIS predictions using Mohr-Coulomb model
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noted that the measurements of the bending moments and the deformations were
out of the range for all these predictions. In that sense the Rijkswaterstaat
prediction was not better or worse than any other. A numerical comparison of
prediction and measurement together with the results of back analysis
calculations are summarised in Table 6.7, see page 139.

The test results and the predictions were presented by Von Wolffersdorff
(1994), at a Workshop at Delft University, on October 6 and 7, 1994,

In his presentation v. Wolffersdorff made an arranging of the prediction
results in such a way that the characteristic results for different classes of models,
i.e. subgrade reaction models, finite element models, and for all the models, could
be compared. Here in Fig. 6.33a, the bending moments respectively for the
predictions with subgrade reaction models, and in Fig. 6.33b for the predictions
with PLAXIS, both for stage III of the test are shown.

It is tempting to estimate the standard deviation of the results of the various
models, to derive an estimate for the standard deviation of models by this. It
should be noted however that all the predictions where based on the same set of
parameters. A part of the standard deviation thus established is related to the
interpretation of the geotechnical survey data. It would therefore be wrong to
interpret the derived standard deviation as characteristic for the model; the
derived value is both related to the model and the interpretation of the soil data.

6.5.3 Test execution and measurements
The test, was performed, in sandy soil, and was heavily instrumented. The test
was started late in May 1993. The final loading was carried out on the 8" of June.

i
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Figure 6.34 Measured earth pressures, after
installation of the test wall, (at stage Ty)
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Table 6.5 The main prediction results and Measurements
Prediction  Measure-

ment
Head moment stage 7 [kNm/m] M7(1.25) -6.78 -5.06
Moment in the span, stage () [kNm/m] M7(3.00) 6.72 2.76
Strut force stage 7(IE) [mm] F7 30.07 33.72
Top displacement Stage 7)) fmm] U7(0.00) -0.586 5.15
Displacement in the span, Stage 7 (I} [mm] U7(3.00) 7.19 3.4
Ultimate bending moment 8(1V)  [kNm/m] MB(2.00) 5.99 4.67
Ultimate bending moment S(IV)  [kNm/m] M&(3.00) 12.2 341
Ultimate strut force 8(1V)  [kN/m] F8 10.0 4.22

The groundwater level was 5.5 m below soil surface. As a result the sand showed
some apparent cohesion. The test was performed by executing the stages of
construction summarised in Table 6.4.

After installation of the instrumented sheet piles but before excavation,
horizontal soil stresses where measured, see Fig. 6.34. According to Von
Wolffersdorft (1994): ‘the initial horizontal stresses as observed are quite in
disagreement with ‘as expected’ distributions, but nevertheless have to be
considered accurate as the measurement was repeated four times independently,
and showing a coherent picture’. The measured initial stresses did not agree with
the common theory according to Jaky, especially near the soil surface. This effect
is taken into consideration in the back-analysis calculations. A tabulated
summary of the main test results is given in Table 6.5

One of the critical things to predict was the deformation of the structure at soil
failure. At soil failure, the structure is close to a mechanism. Therefore one might
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Figure 6.35  Strut force as a function of deformations.
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argue that the deformations at soil failure are not well defined. To overcome the
problem whether the deformations at soil failure are well posed, here in Fig. 6.35,
the strut force as a function of the deformation is given. As one can observe, only
small deformations of the wall lead to significant reductions in strut force (and
presumably to the soil loading on the wall).

A quick comparison between the predictions and the measurements showed
that the measured deformations were less, at least a factor two than expected
from the predictions. Initially in the prediction, a critical value to predict was the
ultimate level of the strut force. When measured data became available, however,
attention became focussed on understanding the small deformation behaviour of
the wall.

From the measuring data it was observed that the pre-stress of the anchor was
4.29 kN/m, rather than 4.5 kN/m which was assumed in advance.

More detailed information about the measurements will be discussed in section
6.54 where the measurements are cvaluated taking into account both the
prediction and the back-analysis results.

6.5.4 Back-analysis

Theory
To perform a back-analysis for the Karlsruhe sheet piling test, inverse analysis
Ledesma (1989), Nova (1995), was applied.

To apply this theory, an explicit model relating parameters x, and analysis
results §¢
(Where the superscript °, stands for ‘calculation’), has to be available, i.e.:

£ =M(x) (6.46)

The results of the model may then be compared with the measurements, f' (where
the superscript ', stands for test). Both ¢¢and f'are assumed to be vectors, with a
length n; the number of relevant measurements. Here only a limited number of
measurements will be used to fit the parameters. For this case, these parameters
include a maximum bending moment, a strut force and/or strut deformation, for a
number of successive steps in the excavation. The parameters evaluated might be
judged as a set of engineering parameters common for the evaluation against
structural criteria.

The measurements being taken in consideration and the corresponding
calculation results are ordered in vectors according to:

Bt B B (6.47)

and
B 8 ot (6.48)
After Ledesma, (1989), it is assumed that the probability density of the prior
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information of the parameters and the measurements are multivariate Gaussian:

P(x):lcg _% (211:)_?% exp[— % (x - (x))T (Cg Tl (x = (x))} (6.49)
and

P(f€ )=‘Cr‘_% (27:)“% exp[— % (ff —£€ )T (Cf T} (f’ —f€ )} (6.50)
Where:

c? s the covariance matrix, based on the available ‘a priori’ information.

¢ Mmeasurements co variance matrix

x) ‘apriori’ estimated values of parameters, e.g. the mean values

)

——

f'  the measured variable values

m  Is the number of parameters evaluated
n is the number of measurements

( )" is used to indicate a transpose

If the measurements and the a priori estimates for the parameters are independent,
the likelihood of a combination of a priori parameters and measurements is
assumed to be:

L(x)=k P(x)P(fc) (6.51)

Where K is an arbitrary constant.

The most likely combination of parameters to fit the measurements can be
found solving the minimum of the natural logarithm, which gives the same
optimum, if the function to be analysed is monotonic. Therefore an additional
function S is postulated to be minimised;

S=—InL(x) (6.52)

Which may be expressed in the form:
s=ltt -m ) it -m G- ()T C ) - ()
+%1n|cff+%1n +%ln(2ﬂ:)+%ln(2n)—ink

If the error structure of the measurements and parameters is fixed, only the first
two terms of the equation have to be considered in the minimisation process, the
other terms being constants. This leads to the following modified function:

s =t - () et —m GO x— ()T (- () (6.54)

It is assumed that the results of the numerical analysis, f¢, may be expanded
using a linear Taylor’s expansion according to;

(6.53)
cl




Flexible retaining walls 135

e _ec df’ c
£ =5 +— Ax =15 + AAx (6.55)
X

Where A stands for the influence matrix. Combining equations 6.54 and 6.55
gives:

s =t 1§ —anx) et 6§ - Ar - ()T (- (x)  (656)

It is intended to improve the solution by adjusting trial values of the parameters x,
i.e. x". (x'"are the parameters related to the trial values of f). The procedure is
started with starting values yfand accordingly pf. If we use the notation

Af =f' —£¢, equation 6.56 gives:

S*=(Af - A(x —x" ))[ CFI (Af = A(_r —x" ))-F(x = <x))T (Cg )*1 (x = (x)) (6.57)

Equation 6.57 can be minimised by differentiating with respect to x:

=

ax - . ) s B N

)—:—A1Cr at-ATCrIA x™ +ATCP A x+Cx—CM(x)=0 (658
adx

Rearranging the equation with the unknown parameters, x, on the left side, and

the a priori information, trial values and a priori values of the unknowns on the

right hand, gives:

(ATC,;]A +C;1}( =ATcy! (Af+A ¥ )+ C;H{x) (6.59)

Equation 6.59 is the general form of the maximum likelthood formulation for
back-analysis. If the a priori information 1s not taken in consideration, the
equation simplifies to:

(ATC{»'A}( =ATcy! (Af+A x“’) (6.60)

Finally, if the error structure matrix is the identity the more common form of the
least squares formulation is obtained:

(ATA)szTﬁﬁH Ax‘r) 6.61)

The equations 6.59 to 6.61 are in essence highly non-linear; i.e. the matrix A is
non linear. Therefore to derive a solution of these equations is not
straightforward. To begin with, here in this study the derivation of a solution is
tried out with a linearised approach. Matrix A is derived from a variation of a trial
solution with the finite element method. Further a solution of the above presented
equations is sought maintaining the thus derived matrix A, and subsequently
making a number of finite element calculations, updating the solution with the
outcome of the former iteration.
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Figure 6.36 Finite Element model for back-analysis

Finite Element Modelling
The finite element analyses both for the prediction and for the back-analysis were
performed with PLAXIS. The prediction with version 4.5, and the back-analysis
with version 7. The test was modelled in plane strain. The mesh for the back-
analysis is given in Fig. 6.36. The mesh displayed corresponds to the construction
stage when excavation is complete. In the initial situation a level soil surface is
modelled. To improve the analysis, with respect to the stress path of the soil, all
stages of construction are modelled and calculated. Here in contrast with the
prediction, 6-noded elements were used. Experience shows that for plane strain,
these elements provide sufficient accuracy.

The shortening of the struts in the final stage of the analysis was performed by
removing the strut in a staged construction analysis, until the point in the analysis
where the solil fails.

Evaluation of the Input for the Back-analysis
For the material model the PLAXIS Hard-soil model was chosen, (see Vermeer &
Brinkgreve (1995)). The hard soil model has a stress dependent stiffness, and a
hyperbolic relation between deviatoric strain and deviatoric stress in the elastic
range, proposed by Duncan & Chang (1970). This soil model uses an initial
Young’s modulus, E; and an unloading-reloading Young’s modulus E,. For
shear a failure criterion according to the Mohr-Coulomb theory is used. In later
years the Hard-soil model has been slightly extended with a cap to model
compressible soil. The extended model is named Hardening soil model now.
After the test, the measurements were evaluated and compared with the
predictions in order to derive an appropriate set of a-priori data for the back-
analysis calculations. In this evaluation the focus was put on:
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1) The soil stiffness, i.e. for small strains,
2) Apparent cohesion due to suction,
3) Initial stresses due to the installation procedure.

Here the following considerations where made;

Friction angle: The evaluation of the monitoring data suggested that the soil is
‘stronger’ than initially anticipated. As a result the bending moments and strut
forces were largely overestimated in the predictions. Therefore, in the back-
analysis to begin with a friction angle at failure (¢@,, at 4% strain), will be
assumed, l.e. @ = 42"

Apparent cohesion: In the back-analysis by Von Wolffersdorff (1996), it is
mentioned that for the top layer of approximately 1.5 m a capillary suction of
about 13 kPa exists, leading to an apparent cohesion of ¢, = 13 tan(42) = 11.7
kPa.

Elasticity of the soil: In the prediction by Bakker & Beem (1994), the advanced
Mohr-Coulomb model with a Gs, was used. With this approach, the stiffer
behaviour of the soil in unloading was neglected. In the back-analysis, the
PLAXIS ‘hard-soil” model was used.

The modulus from the Tri-axial-test results is Esy = 2(1+V) G;ﬁ": 35000 was

used. This value was initially adopted for the analysis. Subsequently the cone-
penetration results were considered in conjunction with the empirical relation that
E = (3 to 5)g.. Based on this, 5 layers with different stiffness were identified and
applied in the analysis (see Fig. 6.37 and Table 6.6).

The stiffness ratio, for unloading-reloading was assumed to be 1.6, based on
the plate loading tests. The initial stiffness, E;, assuming a hyperbolic shape of
the hardening curve, is twice the value of Esy. The Young’s modulus for
unloading-reloading, E,,, was therefore assumed to be 1.6*2 = 3.2 times £ .
The Young’s moduli used are listed in Table 6.6.

Initial stresses:The earth pressure measurements before excavation, (sce Fig.
6.34) indicate that in the top 2.0 m of soil an increased horizontal stress is active.
Below a depth of 3.5 m however, the horizontal stresses seemed to be
inconsistent with plasticity theory, as for active failure:
Ky o TP cosg
l+sin¢g o,

this would mean that for a depth of 3.5 m with an approximate vertical soil stress
of 0, = 3.5%16.5 = 58 kPa, a soil friction of approximately ¢ = 42 ° and a
cohesion of ¢ = 5 kPa the minimum value of K, would need to be larger than 0.14;
18 I(() = 0.14

The observed K, value however is approximately zero (0.0) which suggests
that there is a cohesion of more than 15 kPa which is considered to be unrealistic.
In the back-analysis, a K, value of 0.2 is used for the zone below 3.5 m. For the
upper layers an a priori value for K, of 0.3 = (l-sin @) was used. During the
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Figure 6.37 Conc penctration test result, and layer identification

analysis this value was updated based on the likelihood calculations.

Parameters to evaluate

The measurements adopted for the back-analysis, is a subset of the total amount
of measured data. This subset of characteristic measurements, such as anchor
force, bending moment, and maximum deformation is evaluated for several stages
of construction.

The measurements are: M2(2.0), which represents the bending moment in the
second stage of excavation, see Table 6.3, at the point 2.0 m. below the top. In a
similar way the bending moment in the sixth stage of construction at a point 1.0
m and a point 3.0 m. below the top were considered, i.e. M6(1.0) and M6(3.0).
The strut-force in the sixth stage was considered; F6. And the deformations at the
top and at a point 3.1 m below the top in the seventh stage of construction were
considered, U7(0.0) and U7(3.10). Finally the bending moment at 2.0m. and at
3.0 m. below the top and the strut-force, at soil failure (stage 8), were considered,
i.e. M8(2.0), M8(3.0) and F8.

Table 6.6 Soil data used as input values for the back-analysis

ir’z;er yd :]/” Q@ W & Cilepth C:’izl E;{‘,f Em U
+. kN/ kN. Eil | kPa kPa m kPa kPa [~
MSL m’ m’ ]
+0.00 169 - 42.0 12.0 117 - - 65000 208000 0.3
-1.25 16.5 - 42.0 12.0 11.7 -2.52 -1.25 63000 208000 03
-3.50 16.5 - 42.0 12.0 1.7 -2.52 -1.25 35000 112000 0.3
-4.50 16.5 - 42.0 12.0 1 - - 70000 224000 .3

-5.50 16.5 19.0 42.0 12.0 1 - - 35000 112000 0.3
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The solution of the equations 6.59 and 6.60 demands that a covariance matrix for
the measurements is established. This would not be necessary for the
conventional least squares analysis given by equation 6.61, which implicitly
assumes a standard deviation for the measurements of 1.0.

In order to assess the importance of the measurements, and to do this in a way
that is not too subjective, it was assumed that measurements are independent.
Which means that the covariance matrix becomes a diagonal matrix. For the
diagonal terms, a variance of o, /u, =0.1 is adopted. In addition to that errors (Af;)
with respect to bending moments and strut forces are weighted heavier in
comparison than deformations, by a factor of 5.

Back analysis, calculations and results
The back-analysis was started with the weighed least square approach given by
equation 6.60.

The method itself was applied by extracting the gradients assembled in matrix
A, from the finite element model only once. Subsequently the solution improved
iteratively, updating the trial value of the parameters based on the result of the
least square solution. The assumption made implicitly was that the derivatives of
the model assembled in matrix A are not too sensitive to the final solution. This
was necessary because the finite element model was not linked in with the least
square analysis so that the derivatives for matrix A could not be computed
automatically.

This procedure appeared to be reasonably stable, giving convergence in
approximately 15 steps. Within this process, the equations were solved using
Mathcad © (1995), which was suitable for this application because there is only a
small system of equations to be solved.

Table 6.7 Comparison Measurements and back-analysis

FPrediction Measure- Back Back
ment analysis anafysis
Werghed Meximum
Least Likelihood
Squares
Bending moment stage 2 [eNmim]  M2Z(2.00) p.m. 2.26 1.93 1.99
Bending maoment stage 6 [ENmfm]  MG{1.00) -5.8 -d.41 -5.159 -4.06
Maoment in the span, siage 6 {kNmdm]  MAB(3.00) 5.38 2.2 1.778 1.65
Strut furce xlage 6 FhM/mm ] Fa 23.36 28.64 29 68 28.38
Displacement in the span, stage 6 [{mm] U6(3.00) 3.51 2.99 2.637 2.49
Head moment stage 7 [KNmim]  MT(1.25) -6.78 -5.06 -6.234 -6.03
Muowment in the span, stage 7 [kNmim]  MT(3.00) 6.72 2.76 2138 1.99
Strut force stage 7 [mm] 7 30.07 3372 34.86 33.91
Top displacement Stage 7 {mm] U7(0.00} -0.586 5.15 2.86 2.90
Bisplacement in the span, Stage 7 {mm] U7(3.000 T.19 34 327 314
Uliimate bending moment fkeMriim] ME(2.00) 5.00 4.67 BRI 3.87
Ultimate bending montent [ENmAm]  MB(3.000 12.2 34 9.41 9.44
Uiltimate strut force [kNim] F& 10.0 4.22 3.035 3.38

Objective function 5 [ 72.5 61.17
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Figure 6.38 Comparison of back-analysis results and measurements

A comparison of back-analysis results and measurements is given in Table 6.7.
The terminology is that M indicates bending moment, U indicates displacements,
and F indicates the strut force. The parameters derived in the subsequent analyses
are listed in Table 6.8

One of the results of this analysis was that the ratio for the Young’s modulus
came out nearly four times as high as the value extracted from the tri-axial test
results, presented in Table 6.5. After that the weighted least squares result
according to equation 6.60 was derived the analysis was continued with the
maximum likelihood formulation, Therefore equation 6.59 was used in a trial to
improve the result. It soon became clear that the procedure without updating
matrix A did not converge well. The improved solution is also given in Table 6.7,
although it has to be mentioned that only 2 or 3 convergent iterations could be

Table 6.8 Back-analysis results

k(1) K02) ¢ w RS C(l) C(2) RE)
Predicion 038 038 38 5 066 5 5 1.0

Weighted Least  2.85 0.6 427 4.7 1 635 55 4325
squares
(eq. 6.60)

Maximum 292 059 425 6.0 1 1.2 5.85 4.1
Likelihood

{eq. 6.39)
where

Kol 1)

Ka(2)

()

the Ko in the upper soil layer (less than 1.25 m deep)

the Kg in the soil layer between 1.25 m. and 3.5 m. deep

the cohesion in soil layer (f) (numbering starts at surface level, and
continues downward)

Ri = ratio; multiplier to establish what the effective value of a parameter is,

o n
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Figure 6.39  Strut force as a function of deformations; comparison
with back-analysis.

done, depending on the relaxation factor applied. Taking smaller steps only
resulted in a slower convergence. Even then, after some iterations, the process
diverges. The influence of the a priori information seems to be that the
calculations lead to higher values of the cohesion.

This concept is used for 1) §, wall friction and 2) E, Young’s modulus, (for all
soil layers). R(8) = 1.0, (which implicitly is related to the wall friction according
to tand=sin@), ¢ and \ are varied for all soil layers.

In Fig. 6.38, the earth pressure, bending moments and displacements are
displayed for stage 7. Finally in Fig. 6.39 the displacement strut force plot is
given. As one can observe, for the values of stresses and bending moments, a
reasonable agreement is obtained. However, the distribution of the bending
moment indicates that the effective soil loading is located on a higher level than
in the model. This suggests that the stiffness of layer 3 is different from that
assumed in the analysis. In theory the distribution of stiffness could also have
been subjected to an optimisation process but this analysis was not done.

If the displacements from the measurements and the back-analysis are
compared, one can observe that the largest differences occur above the level
where the strut is active. The conclusion drawn was that the displacements at the
level of the strut, before strut installation, seem to have been larger than in the
analysis. The relative rotation, which is implicated by this, intensifies the
difference for the upper layer.

Concluding remarks on the back-analysis
A reasonable fit of the parameters has been obtained. Apart from the importance
of initial stresses, and the underestimated influence of soil suction, it appeared
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that the stiffness based on ftri-axial cell tests underestimated the observed
behaviour in-situ.

It might be argued, however, that the factor of four for the Young’s modulus,
between the tri-axial results and the back-analysis is too high. Such a factor
leading to values for the Young’s modulus of sand of over 800 mPa, contradicts
literature, which indicates that maximum Young's modulus for sand, for small
strains of 400 mPa is more realistic, see Tatsuoka et al. (1997). The latter paper
indicates that the influence of de-structuring on the Young’s modulus of sand is
in the order of 2. Re-evaluating Fig. 6.38 the difference between the stiffness of
the construction as back-analysed and observed indicates that a factor of 2, to
account for de-structuring is not unrealistic.

The friction angle at the wall/soil interface was found to be greater than the
common assumption that it is 2/3 of the angle of soil friction.

It is thought that the hard soil model provides an improved description of small
strain behaviour. For convergence of the maximum likelihood analysis, an update
of the gradient matrix A seems to be necessary to ensure convergence.

6.6 CONCLUSIONS

In this chapter the hierarchy in models for the analysis of flexible retaining wall
is discussed. Within this context it is shown that a subsequent addition of more
refined models leads to an increasing expansion of the modelling space.

The verification of the inflexible beam implementation shows that for the
calculation of ultimate limit states, the flexibility of the sheet pile wall is of minor
importance. A comparison of numerical analysis and analytical solutions for
ultimate limit states supports this conclusion.

Validation of the flexible beam implementation is less decisive. When the
model is compared with the results of test measurements it became clear that an
adequate determination of parameters is at least as important as a good
formulation of the model. On the one hand the prediction contest in Karlsruhe
supports the conclusion that finite element calculations lead to a smaller
bandwidth of the results in comparison to other models. On the other hand as the
models become more and more capable of describing different effects, it becomes
increasingly difficult, in back-analysis, to determine whether a difference
between measurement and analysis is caused by one or the other input parameter.

With the expansion of parameters being used in the model, the solution space
expands too, which requires that the parameters are adequately determined. To
improve the determination of model parameters, the application of maximum
likelihood type of analysis may be appropriate. To enhance the performance of
such an analysis, the direct coupling between the finite element code and the
optimisation procedure is thought to be necessary.



CHAPTER 7

Bored tunnels in soft soil

7.1 INTRODUCTION

In the Netherlands up to 1994 little attention was given to the development of a
design philosophy for bored tunnels. When in 1994 the design of the Second
Heinenoord tunnel had to be undertaken, models and a design philosophy for the
tunnel structure were adopted from abroad. With this a risk was taken in the
application of these models for the soft soil conditions in the Netherlands,
because these, mainly empirical models, where validated, for stiffer soil
conditions. Examples of the adopted models were; the relations of Peck (1969a)
for surface settlements, the model of Horn (1961), for tunnel face stability or
adapted by Janscec & Steiner (1994), and the subgrade reaction model of
Duddeck (1980) for tunnel lining design.

In this chapter the main topic is the development of models for the structural
design of the lining of a bored tunnel, for soft soil conditions. The view is taken
that a tunnel after construction is essentially a soil retaining structure. Therefore a
similar approach is taken as for the other types of soil retaining structure in this
study. Following the line of development such as formulated in chapter 3 and 4,
the application of the finite element method is leading. The finite element method
is regarded as a step forward in comparison to the empirical models, because with
this, potentially the empirical models described above might be replaced by a
single model.

This chapter is concerned with the design model for the tunnel lining. The
model of Duddeck is taken as a starting point.

In section 7.2 the main problems related to bored tunnelling in soft soil will be
discussed. After a general introduction, followed by a short description of the
geology in the western part of the Netherlands, various tunnel boring issues,
relevant to Dutch soft soil conditions, will be discussed.

In section 7.3, in line with the main methodology of this study, the limit states
will be discussed.

In section 7.4, in line with the thought that an hierarchy between models can be
distinguished, a number of models, to begin with the analytical model and the
model by Duddeck (1980), is discussed. Subsequently finite element models are
discussed. As the finite element models discussed in chapter 6, are insufficient
for the modelling of a curved tunnel lining, a new Mindlin beam type of element
is introduced.

143
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Though the effect of jack pressures is an important issue for the design of the
reinforcement of a tunnel lining segment, in this chapter the attention is focused
on the soil loading, because this is a long term load, increasing due to creep and
consolidation, whereas the jack pressure is only applied during tunnel
construction.

In addition to ring action, the beam action of a tunnel tube is evaluated.
Though recognising that the ultimate limit states for a tunnel lining are mainly
based on two-dimensional ring action, for the serviceability limit state, the
longitudinal stresses are also important.

The monitoring of the Second Heinenoord tunnel has produced a large
database of information. In section 7.5, an overview of the monitoring of the
Second Heinenoord tunnel will be given. Subsequently, attention is focused on
the structural observations. Both the ring action and the longitudinal action will
be evaluated. Both the analytical models as well as the models based on the finite
element method are evaluated.

Parts of this chapter have been published earlier in Bakker et al. (1997),
Bakker (1999%), Bakker et al. (1999") and Bakker et al. (1999°).

7.2 BORED TUNNELS IN THE NETHERLANDS

The use of subsurface infrastructure is not new for the Netherlands. In a typical
delta country, such as the Netherlands, dominated by natural and artificial
waterways, tunnels are traditionally used instead of bridges to cross the
waterways, to facilitate the water traffic. Up to 1995 some 55 km of motorway
and rail tunnels were constructed in the Netherlands. Most of these tunnels were
constructed as immersed tubes. Before 1995, the shield tunneling method had not
been applied in the Netherlands for tunnel diameters larger than 4 m. But this has
now changed; as a result of a national debate on more underground infrastructure,
the Dutch Government decided in 1993 to finance two experimental TBM
tunneling projects:

o g second tunnel under the Oude Maas near Heinenoord (Rotterdam).
o g new railway tunnel also under the Oude Maas near Botlek (Rotterdam).

Since then, a number of other projects with bored tunneling have been taken
under design. Of which the following have been taken under construction (2000).

e the motorway crossing of the Western-Scheldt inlet.
e the Sofia tunnel in the ‘Betuwe' route, for cargo rail

In the near future, a number of other major TBM-tunneling projects will be
undertaken:

e the north-south metro line under the city of Amsterdam

e the tunnel for the high speed rail line in the line between Amsterdam and
Rotterdam

o the tunnel under the Pannerdensch canal in the ‘Betuwe’ route, for cargo rail
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Figure 7.1  Tunnel boring machine installed for the start of the second
Heinenoord tunnel

One of the topics given much attention in the preparations for the monitoring of
these tunnels, is the structural design of the tunnel lining.

To begin with some typical aspects of the soil condition in the Western part of
the Netherlands will be discussed.

7.2.1 Geology of the Netherlands

The top-section of the stratification of the western part of the Netherlands
consists of peat and soft to very soft clay (formed during the Holocene (alluvial)
period) laying on top of a thick layer of sand, coarse sand and gravel (formed
during the Pleistocene (dilluvial) period). The groundwater level is often almost
at the soil surface. The Pleistocene sand layers were mainly formed during the
glacial periods, when the water level of the North Sea was relatively low. During
the interglacial times of high sea level, the west coast was below sea level and
marine clays were deposited. The sedimentation of coarse sand and gravel was
related to meandering river systems.

Windblown sands where deposited during interglacial periods. At the
beginning of the Holocene period, the last sea level rise, tidal zones reached the
south west of the Netherlands again. Peat formation started nearby in the flood
plains. These peat layers were sometimes overlain by marine clay and sometimes
eroded by the sea.

About 5000 years ago a coastal barrier system formed as dune formation
began. In the areas behind the coastal barrier, out of reach of the aggressive sea,
thick peat layers were formed. Locally, these layers were eroded by the sea again
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Figure 7.2 Geological cross-section of West-Netherlands, over Mijdrecht and near
Delft, after Buisman (1978)

and were partly replaced by marine clay sediments.

Because of the low stiffness and strength of the upper Holocene layers, the
construction of bored tunnels was for long regarded as difficult.

In the next section the main issues relating to tunneling are described.
Subsequently, the difficulties which might occur when tunneling in soft soil will
be discussed.

7.2.2 Typical problems of bored tunnelling in soft soil
According to Peck (1969"), the main problems related to bored tunneling are;

1. Keeping a stable tunnel face,
2. Limiting the impact on the surrounding soil and foundations and
3. Keeping the tunnel safe and operational during use.

Typical aspects which might lead to problems in relation to the construction of
bored tunnels in the Dutch situation might be;

e The geology. Very soft soil on top of Pleistocene sand
e Piled foundations in the Dutch cities,
e Groundwater level close to the soil surface

Some of these difficulties are described in more detail below.

Feasibility of boring:
The feasibility of boring is discussed by various authors, for example by Peck
(1969%).
Relevant aspects are:
e Fuace stabiliry.
s Excavation efficiency with respect to the soil encountered
e Maintenance and unexpected wear of cutter bits
o Unexpected objects



Bored tunnels in soft soil 147

Face stability: For a slurry shield, the working pressure for the slurry support is
on the underside bounded by active failure of the soil and on the upper side by
passive failure or blow out. Active failure might occur if the support pressure is
too low to maintain equilibrium in the soil mass. Passive failure or blow out
might occur if the support pressure is too high for the equilibrium of soil stresses.
A blow out might lead to uncontrolled loss of support fluid.

Fig. 7.3 shows how the boundaries for the support pressure P, are affected by
the strength of the soil. It is indicated how the boundaries for the support pressure
will be affected if the soil gets weaker; narrowing the bandwidth which is
available for the support pressure.

In Fig. 7.4 the effect of the uncertainty in the upper and lower bound support

pressure by means of the probability density of instability is indicated. For soft
soils a problem arises if the safe range between lower and upper limit leaves a too
small range for operating the working pressure of the face support.
A complicating factor might be if the vertical soil stresses are partially
determined by water loading under the influence of tidal movements. The
machine driver might have to compensate his slurry support pressure as a
function of these tidal movements.

Maintenance and wear of cutter bits: It is not likely that this is an important
issue in soft soil. The handling of very soft clay, however might give more
problems.

Excavation efficiency. If there is a large diversity in soil layers; e.g. in the
upper Holocene layers, the excavation efficiency might be affected. It will be
difficult, then, to optimise the type of TBM on a single type of soil. Even during a
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Figure 7.3  Face support pressure required for stability,

for undrained conditions, (according to Mair

(1987)), here C, = undrained shear strength.
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tunnel drive of only hundreds of metres, several types of soil might be
encountered, often only in thin layers. The tunnel face might not be homogenous,
and may exist of several soil layers of materials with a different permeability.
This, coupled with the probability of water bearing layers, might give rise to local
instabilities. For situations with a large variation in soil layers it is advisable to
reduce the speed of excavation to ensure that the ‘cake’ formation on the front is
not too much affected.

Unexpected objects: In the Netherlands, subsoil fossil wood might be
encountered. During exploration for the sand closures during the Delta project,
when large amounts of sand where needed, special consideration was given to
this aspect. Seismological surveys in the Eastern Scheldt estuary indicated the
existence of fossil wood in the subsoil. In practice however no problems where
observed. The encountering of tree trunks however cannot be excluded.

In the Northern parts of the Netherlands, in the zone that was covered with ice
in the last glacial period, boulders where carried by the ice from the Scandinavia
to the Netherlands. The megalithic chambered tombs which can be found in the
province ‘Drente’ are artefacts of that. Boulders might be encountered north of
the ‘Haarlem-Nijmegen’ line in the Netherlands, and on the ‘Utrecht chain of
hills’

Limiting the impact on the surrounding soil and foundations
The impact on the surrounding soil and foundation, can be classified as follows

1. Settlement trough, developing during tunnel excavation

2. Settlement in the surroundings of the tunnel due to drainage of the
underground

3. Influence of tunnelling on settlements of foundations and/or
reduction of pile bearing capaciry
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Settlement trough. Numerical and analytical models indicate that the settlement
trough is a function of the volume loss. The volume loss develops both at the
tunnel face, and at the tail of the tunnel boring machine. The question is whether
the volume is strongly related to the stiffness and or the strength of the soil. To
begin with it is assumed that the main mechanism is kinematical.

Drainage: The effect of leaking tunnels on the global hydrology of an area
must not be under estimated. Though the leakage water in tunnels can be pumped
away; the pumping systems must be shown to be capable of solving such a
problem. The effect on the surrounding area and settlements related to that can be
larger than the initial settlements due to construction itself.

A case history was reported by O’Reilly et al. (1992), where the development
of settlements above a tunnel were measured over a period of eleven years. The
tunnel itself was located in very soft clay soil. Back-analysis revealed that the
relative permeability of the lining in such a situation is high. Such is surely the
case if the permeability of the surrounding soil is low.

Influence of tunnelling on piled foundations: In the western part of the
Netherlands, most buildings are founded on piles. The length of these piles is
often between 15 and 20 metres. It is to be expected that tunnel boring processes
if undertaken in the Dutch cities will take place at or around that level of depth.

Normally during tunnelling, the volume of soil that is removed, is larger than
the volume of the tunnel itself. Using the present techniques, this volume loss
may be in the order of 1% of the tunnel volume. This volume loss influences the
state of stress in the surrounding soil, which may cause additional settlement of
nearby piles and a reduction in the bearing capacity of foundations.

The interaction between loaded foundation piles and a tunnel under

Figure 7.5  Test site for interaction Piled-foundation and tunnel boring at the site
of the second Heinenoord tunnel
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construction is complex. The problem is typically 3-dimensional and the stress
distribution in the soil around a driven pile is still a point of discussion. Although
numerical models for 3D analysis are available, the results need validation either
by full scale measurements or by model tests in the centrifuge.

In 1994, this problem was modelled by centrifuge testing, (Bezuijen and van
der Schrier, 1994). The tunnelling process was simulated using a model tunnel
which consisted of a cylinder with a diameter which could be varied in a
controlled way. Six piles at different distances from the tunnel, loaded to 75% of
the ultimate bearing capacity, were used to investigate the pile-tunnel-interaction.
During the test, in which the diameter of the tunnel was reduced, the settlement
of the piles was monitored. Three different tests were performed; one preliminary
test with limited instrumentation for a tunnel in homogeneous saturated sand, and
two subsequent tests with a layered soil model analogous to the typical Dutch
conditions, i.e. a (Holocene) clay layer on top of a (Pleistocene) sand layer.
Based on these test, it was concluded that additional pile settlement due to
tunnelling might become significant if the volume loss is above 1% and the
distance between the pile and the tunnel is less than about one tunnel diameter.
The settlement observed during the test concerned cases where the tunnel was
located in the foundation (sand) layer. Extrapolation of the test results indicate
that if the tunnel is located in the overlaying clay layer, the influence of the
tunnelling process is less significant.

During construction of the Second Heinenoord tunnel, full scale tests were
carried out using concrete and wooden piles, see Fig. 7.5. The results indicate
that the pile bearing capacity is hardly influenced if the pile is further away than
1.0 tunnel diameter from the tunnel. Settlements follow more or less the
settlement trough found at the soil surface. For the North-South metro line in
Amsterdam which is under design, a 3 dimensional finite element model will be
developed and calibrated with the piling test results from the Second Heinenoord
tunnel. The application of such a calibrated model for local situations in
Amsterdam, is thought to be a powerful tool in the effort to limit the risks related
to the construction of this metro line.

Keeping the tunnel safe and operational during use
Soil stiffness effects on bending moments in the lining. For the stress distribution
in the tunnel rings, the model developed by Duddeck (1980) and later on
evaluated with respect to the influence of the stiffness of the bedding can be used
to illustrate the influence of soft soil. This will be discussed in section 7.4.2
where the models for the analysis of tunnel lining behavior will be discussed.
Buoyancy. As the weight of the tunnel lining and the tunnel installation is less
then the soil (including the groundwater) that is removed, the structure is initially
not in vertical equilibrium. In order to gain equilibrium a slight upward
movement, initiating a stress redistribution above, and a stress relief under the
tunnel will occur until vertical equilibrium is reached. The effects of this are
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related to the beam action of a tunnel, see section 7.4.2.

Axial equilibrium; At the stage of entering the receiving shaft after completion
of a tunnel track, the axial stresses at the front, will diminish because the face
pressure will be released when entering the free air. If no adequate measures have
been undertaken, the axial stresses in the tube may reduce significantly, The axial
stresses in the tube however contribute to the capacity of the tube to sustain shear
forces, and therefore a procedure has to be developed to secure a sufficient shear
force capacity between the rings.

7.3 MODES OF FAILURE FOR A TUNNEL LINING

In general a tunnel without artificial support, might fail either due to an inability
to sustain the stresses in the roof of the tunnel, see Fig. 7.6a, or by overloading of
the soil at the sides of the tunnel, see Fig. 7.6b.

Failure of the roof might be classified as a shearing failure, whereas,
overloading of the sides is essentially a compressive failure. Both modes of
failure might in practice be observed as a combined failure, such as illustrated in
Fig. 7.6c. In order to avoid these types of failure, for situations where the soil is
insufficiently strong to maintain an underground opening, a lining is added to the
tunnel surface. If the lining is designed adequately, soil failure can be avoided.

If the tunnel lining is below the groundwater level, than a sufficient soil cover
has to be available to prevent the tunnel to float and move upwards, see Fig. 7.7.
This problem is solved in practice by ensuring a soil cover of approximately one
diameter above the crown of the tunnel. Theoretically, for a very shallow tunnel
which is above the groundwater table, another failure mechanism exists; breaking
up of the soil cover above the tunnel. If the soil stress above the tunnel becomes
smaller than the horizontal soil stress at the level of the tunnel axis, the tunnel
might take an oval shape in the vertical direction. For normally consolidated soil,
and for situations with groundwater, it is thought that if the tunnel is designed
deep enough to prevent buoyancy, then breaking up is also prevented.

Figure 7.6 Failure modes for a (deep) tunnel (without a lining) in
homogeneous soil
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Figure 7.7  Buoyancy of a shallow tunnel
with high groundwater level

Finally, for a lined tunnel, which is safe with respect to buoyancy and breaking
up (i.e. if the tunnel is sufficiently deep) the normal deformation mode to be
expected is horizontal ovalisation. This is associated with a minor stress relief
above the tunnel, and a greater one below. Due to compression of the soil at the
sides of the tunnel, a lateral stress increase will be observed, which tends to
diminish the difference between the vertical stresses and horizontal stresses. For
a flexible tunnel in stiff soil, the tunnel lining will be deformed by the soil
stresses in such a way that the lining stresses are mainly due to hoop
compression. This process is illustrated in Fig. 7.8, where the plastic zones
around the tunnel are indicated. Due to this process, bending moments in the
tunnel lining would ultimately vanish, and the only mode of failure left would be
compressive failure of the lining.

Before we decide to design on the compressive strength of the tunnel lining
only, we have to consider that additional bending moments might be introduced
in the tunnel lining due to large deformation effects. We have to consider that the
increase of these second order bending moments due to geometric effects might

Figure 7.8  Compressive failure of a tunnel lining, in
combination with soil failure around the
tunnel. The plastic zones are indicated
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exceed the decrease due to diminishing stress differences in the surrounding soil.

In order to evaluate this, an analysis of this mechanism has been done (see
Appendix B). For this purpose a simple ultimate limit state model has been
developed, where the relationship between the plastic bending moment and the
deformations is derived. (This model assumes rigid plastic behaviour of the
tunnel lining). The analysis gives:

(I—Ko) , 2  (0,+0p) Egqur

M, =——0,r" + Fu— 7] (7.1)

pl

Where the first part of equation 7.1 is related to bending moments caused by the
initial stresses in the soil; (i.e. the distortional part). The second part is related to
the compressive part of the soil loading; (i.e. only contributing if the tunnels
deforms as a result of distortional loading). This part can be recognised as the
influence of second order deformation contributions. The third part is related to
the soil-structure response. Due to the compression of the soil at both sides of the
tunnel, the difference between the magnitude of the soil stresses above and at the
sides of the tunnel reduces.

To develop some insight into this relation, the relationship between bending
moment and displacement has been worked out for a tunnel with a radius of r = 4
m, with a depth ratio i/r = 4, a K = 0.5, a wet soil weight of v, = 20 kN/m® and
for a groundwater table near the soil surface (see Fig. 7.9). This figure is drawn
for the parameters which are representative for the situation at the Second
Heinenoord tunnel. As one can observe the bending moment strongly reduces for
a minor deformation of the tunnel lining. Based on this analysis, it must be
doubted whether the choice for a high partial safety factor on the capacity for
bending moments is a good investment. Maybe it would be more beneficial to
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Figure 7.9  Bending moments as a function of deformations for a tunnel
with a diameter of 8 m., with a depth ratio of i/r = 4, for a
soil stiffness of £ = 20000 kPa, fora K, = 0.5
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assure that the tunnel lining has a high flexibility, i.e. only a minor deformation
of the lining will assure equilibrium of stresses due to the soil reaction.

Finally, special effects such as local failure in the tunnel lining, when the
lining is composed of segments have to be accounted for. The shear force
distribution calculated using equations A-3 and A-32 of Appendix A which gives:

Q:—{c—v—;c—h)rsin(QB)

whereas the distribution of the normal foreces is according to

0. +0 i —40
Rt =] "‘2 By ‘”2 hyrcos(26)

If there is an axial joint at a location where the ratio between normal and shear
force is high, local shearing and subsequent failure of the tunnel might occur. If
there is a friction modulus f, at the joint this would mean that

Q=N F (7.2)

Working out a yield criterion for the analytic solution assuming Kj for the initial
soil stresses and disregarding the stress reduction due to soil structure interaction
gives:

{45 1=K
( 200“\,+Lr]f2 Do, (7.3)

2

where i is the groundwater pressure.
If u is zero, (i.e. for the situation without groundwater), the criterion becomes:

(7.4)

For a specific design, when there is soil-structure interaction and when the soil is
layered and heterogeneous, the more general criterion given by equation 7.2 has
to be evaluated.

Besides shearing at the axial joints as indicated above, shearing at the ring
joints has to be considered because this may damage the waterproof sealing
between the tunnel segments. If the capacity of the rubber sealing is exceeded,
the sealing might fail and cause leakage, see also Fig. 7.33

In the next section the attention will be shifted to models for the analysis of the
stress and strain distribution in a tunnel lining. The influence of the soil stiffness
on the stress distribution in a tunnel ring is also described. This discussion starts
by considering the design methodology.
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7.4 STRUCTURAL ANALYSIS OF THE TUNNEL LINING

7.4.1 Design methodology
Soil loading is not the only loading to be evaluated for the dimensioning of a
tunnel lining. This section, however, is limited to the evaluation of soil loading,
because failure to support the soil leads to an ultimate limit state with major
consequences.

According to NEN 6740 soil retaining structure should be evaluated for three
states;

1. Ultimate Limit State la
2. Ultimate Limit State 1b
3. Serviceability Limit State 2

For the ultimate limit state 1a; ULS la, only the stability of the structure as a
whole is regarded. We have to realise however that before the ULS 1a state is
reached, in an earlier stage of loading the deformations might have a negative
effect on the stability of other nearby structures. For that situation the ULS 1b
criteria are formulated.

The criteria for the serviceability limit state are also related to deformations,
but for the serviceability conditions of the structure itself.. The criteria for the
SLS 2 state are related to the functioning of the structure. The partial safety
coefficients for the different states, according to NEN 6740 are given in Table
deds

With respect to external loading, the partial safety factors for state 1a and b
may be taken as 1.4 during construction, rather than 1.7, The consideration is that
loads during construction, when considered and evaluated have a smaller
variation, than has to be accounted for the loads during operation.

Essentially the factors given in table 7.1 should be used for all geotechnical
structures, not being piled or raft foundations. Objectively however,
determination of partial safety factors depends on the structural behaviour, and an

Table 7.1  Partial safety factors as given by NEN 6740

Limit State Ultimate Serviceability

Loading construction unfavourable

deformations

la 1b 2
Soul weight; ’}’m.g 1.1 L 1.1
Groundwater pressures; }’”L a 1.3 I3 1.0
External load; Y, , 1.7/1.4 1.7/1.4 1.0
Soil friction; ’J/m‘w, 1.2 1.2 1.0
Cohesion; ¥, . 13 1.5 1.0

Material strength, y 1.0 1.0 1.0
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economic evaluation, see also chapter 2. In practice however, the derivation of
partial safety factors is not restricted to such an evaluation.

As a tunnel is a flexible structure where soil structure interaction plays an
important role in the development of the equilibrium stresses that determine the
loading of the structure, there is a similarity between the lining on a bored tunnel,
and a sheet pile wall such as discussed in chapter 6. For sheet pile structures
based on probability theory and a balance between economic benefit and
ivestment, a dedicated set of partial safety factors was derived, see the CUR 166
Sheet piling handbook, (1993).

For underground construction a similar approach has been undertaken by COB
L510 (1996) which gives a more detailed set of partial safety factors for tunnel
lining, depending on the loading combination.

In her studies for ITM, Mendez Lorenzo (1998), after Ruitenberg (1998) and
van Kinderen (1993), investigated the reliability index of a tunnel lining. The
purpose of this study was the derivation of partial safety factors for the ultimate
limit state la, using the Approximate Full Distribution Approach (AFDA),
applying Duddeck’s model (1980). As Mendez Lorenzo wanted to optimise the
design, she back calculated the Reliability index f, for a steel fibre reinforce
concrete wall for several levels of steel fibre content O, . Having started with
a lining thickness of 0.4 m, (d/D = 0.0444), she found an increase in the
reliability index f, for a decreasing lining thickness, see Fig. 7.10.

Mendez Lorenzo extended her initial linear model to incorporate both
geometrical and material non-linear behaviour. With respect to geometrical non-
linear behaviour, for the lining thickness of 0.4 m, she found an amplification
factor of 1.07 (My/M;). Whereas this value increases for smaller lining thickness,
finally leading to buckling for a lining thickness between, 0.17 and 0.22 m.,
depending on whether short or long term loads where considered. Mendez
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Lorenzo concluded that for a lining thickness of 0.3 m (d/D = 0.033), see also
Fig. 7.10, geometrical non-linear effects become important. For a lining
thickness, of more than 0.3 m, she claims that the material non-linear behaviour
of the concrete lining, is of more importance than the geometrical non-linear
behaviour.

As she introduced partial factors of safety both for the model and for the
parameters, a comparison of her results with Table 7.1 is not straight forward and
is not attempted here.

The main recommendations from the work of Mendez Lorenzo on partial
safety factors are

. the use of a partial safety factor on the elastic properties of the soil;
E, and v,, between 1.2 and 1.3

2. A partial safety factor of 1.1 with respect to the groundwater level

3. All other partial safety factors being kept 1.0

It must be noted here, that the assumption of a variation coefficient of 0.1 and
the rigorous adoption of K, =1-sin@, according to Jaky (1944), are doubtful. For
the over-consolidated Pleistocene sand layers, Ky values of more than 1.0 might
be expected, which deviate significantly from the values given by the Jaky
relation.

In contrast to flexible retaining walls, the tunnel lining in soft soil is not a
flexible structure. In that sense there is more resemblance with a concrete panel
wall. For such a situation the soil loading is more depending on the stiffness ratio
between structure and soil than on the plastic parameters of the soil. The adoption
of partial safety factors on the friction angle or the cohesion would indeed be
peculiar than. In that light one of the outcomes of the study of Mendez Lorenzo,
i.e. that the uncertainty with respect to stiffness becomes dominant, and therefore
it can be understood that it is advised to adopt partial safety factor on the elastic
properties of the soil.

Before a more definite set of partial safety factors for the design of tunnel
lining can be established, two more steps have to be taken:

1.  General agreement on the definition of the ultimate limit states

2. Agreement on a sufficiently efficient model
If these requirements are met, the establishment of a set of (partial) safety factors
is relatively straight forward.

The discussion related to the adoption of an efficient model for the description
of stress and strain in the tunnel lining is given in the next section.



158 Soil retaining structures

7.4.2 Models for the analysis of stresses in the tunnel lining

Ring action; analytic solutions

M +dM
e N+dN

Q. 0dB
rmﬂ

Figure 7.11 Equilibrium of a curved beam

According to Hetenyi (1946) and Bouma (1993), see Fig. 7.11, the stresses in
the curved wall of a lining with a linear soil reaction, are governed by;

Radial equilibrium:

2
d“M N
g e =g "
Tangential equilibrium:
dN
*—‘krws‘QJffh =0 (1.4]
ds r

and a Kinematics equation:

2
BN 2 M =0 a7

ds r
where k. is the radial subgrade reaction modulus of the soil and k, is the
tangential subgrade reaction modulus. The variables v, and u; are the radial and
the tangential displacements.

These expressions lead to the following differential equation:
3
2 , 1 d
wr+__d wr kr 1 dwr Kr

J
d
- + ) g = (7.8)
ds® 2 ds El 47 ds r

For the more simple situation of a loaded curved beam without bedding, (i.e. k, =
0, k&, = 0 and g #0), Bouma derived a characteristic solution which can be
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compared to a stiff tunnel in very soft soil, for a rough wall (including the tangent
loading). A description of this derivation, is given in Appendix A.

The main results of the analysis are:

Normal force:

N =—(°";"h)r+{°" “Sh) cos(20) (1.9)
Shear force:

Q= grsin(ﬂ}) (7.10)
Bending moment:

M =—wr2c05(29) (7.11)

Where o, = vertical soil stress, 6, = horizontal soil stress and r = the radius of the
tunnel.
Finally the deformation of the tunnel lining with respect to its centre can be
calculated according to:
G, +0y 2 G, =0y, 4

PN . S (N LSS ¢T3
w=—( 2 = ( P )E[cos{) (7.12)

This solution disregards the influence of stress redistribution due to differences in
stiffness between soil and structure. To overcome this shortcoming, subgrade
reaction models have to be used.

Subgrade reaction models

When the tunnel tube liner and the soil interact; a subgrade reaction, (such as
included in equations 7.5, 7.6 and 7.7), has to be accounted for. In that case an
analytic solution is difficult to derive. Numerical solutions such as those derived
Duddeck (1980, 1984 & 1991) are more appropriate then. These solutions can be
shown with graphs such as given in Fig. 7.12

In the following description, an evaluation will be given of the influence of the
soil stiffness on the circumferential stresses in the tunnel lining, in order to
clarify the behaviour of the concept developed by Duddeck.

For the situation that g, = K,o, and for the condition that K, < 1, for a
tunnel which is situated not too shallow, the tunnel will take an oval shape in the
horizontal direction, giving an increase in horizontal soil stresses and a reduction
in the stress difference. In the limiting case of a very weak soil reaction the
subgrade reaction model implicitly describes the results of the analytical model as
discussed in section 7.4.2 Which means that for bending moments and normal
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Figure 7.12  Results of the Duddeck model for tunnel analysis as a function of the
subgrade reaction ratio

forces in a tunnel lining, the effect of the relative stiffness can be ‘visualised’ as a
reduction factor on the rigid solution (see Fig. 7.12). The reduction is a function
of two elasticity parameters:

3 3 4
s g S (7.13)  and B—Egrjgp (7.14)
Eply SEply EA 2Ed
where
E, = The Young's modulus of the soil
D = The diameter of a tunnel; D =2 r
E, = The Young’s modulus of the concrete wall
I, = The moment of inertia of the cross-section of the tunnel wall;
1y=Wyd®
d = The thickness of the concrete liner

The evaluation is made for horizontal stresses given by 6, = Ky ¢, and using an
adapted notation, where a new parameter m is introduced, according to
mzw, which is equivalent to reading the relationship between
4

circumferential bending moment and soil loading according to M, = mo, r°
(which can be compared with equation 7.11).

For the relations derived by Duddeck, which are illustrated in Fig. 7.12,
approximate empirical relations are found in literature, see Vrijling (1998). For
the circumferential normal force, according to:

N Ly Oh) ""JZ"”’ el 7(5";”1)rcos(29) (7.15)

and for the circumferential bending moment that operates in the tangential cross-
sections according to:
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M=-CcH L‘l"—t;'-‘mrzcosfze) (7.16)
where:
C[';V z-# (7.17), ng—zw (7.18), CMZL (7.19)
2+1.543 2+0.17 1o 4+0.342a

Fig. 7.12 is drawn for K, = 0.5, and for a homogeneous soil. Duddeck indicated a
region of application between 5 <o <200 which would mean a reduction in the
bending moment with respect to the initial situation (no stress redistribution) of
between 20 and 80 %.

Two-ring subgrade reaction models
In practice the liner of a bored tunnel is often constructed by mounting rings of
curved segments at the end of the liner build in the previous construction phase.
Therefore the tunnel ring is not continuous but segmental, (see also Fig. 7.18).
The liner will have ‘ring’ joints between adjacent rings, and axial joints, between
the segments in a ring.
An evaluation will be made of the approximate behaviour of the model, for
values of the parameters which are representative for the Dutch soft soil situation.
Before the evaluation is possible some assumptions and simplifications are
made. To begin with the elasticity of the segmental liner for bending for a unit

width is assumed as: j, = édj-
A direct relationship between the liner thickness and the tunnel diameter is

assumed according to: 4 = D Furthermore the evaluation is made for a feasible
2

range of the ratio between elasticity of the liner and elasticity of the soil of:
Eb _ (11010)* 10°-
Eyg

For soft soil conditions, this leads to a feasible range for the flexibility
parameter o, according to:

12%10°Eg  12%403

e ==(1 10 12) (7.20)
Ep (1t010) *10-

o

This means that for soft soil conditions we are nearly out of the range of
application 10<a<200 as indicated by Duddeck. The reduction of circumferential
stresses in the liner (bending moments) will therefore be much less than indicated
for the range of application, only 10 to 30 %, instead of 20 to 80%. In practice the
bending moment is not only determined by the flexibility parameter ¢, but also
by the grouting process and the stress relieve in the surrounding soil associated
with this. The latter effect is not included in the model derived by Duddeck.

If the liner is composed of segments there will be joints between the segments.
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These joints may limit the capacity to sustain bending moments. If the joint is
loaded with an eccentric normal force, (i.e. if the eccentricity is larger than the
centre ‘core’ of the beam), tensile stresses would develop at one side of the beam.
Tensile stresses cannot develop in the joint however, and this will lead to an
increase in local compressive stresses, and/or a redistribution of stresses to
adjacent segments. This behaviour might significantly reduce the bending
stiffness. A first assumption might be to neglect the bending stiffness and
strength of an axial joint. However, a single ring with such joints but without soil
support is not in stable equilibrium. Since the variation in the soil parameters is
such that it is not recommended to rely on the stiffness of the soil to achieve
equilibrium, the problem is normally solved by accounting for the interaction
between adjacent rings to deliver the necessary stability.

Finite element analysis

Mindlin beam elements

In section 5.3.5 the theory for straight structural elements was described. With
the increased interest in bored tunnelling the demand for a curved beam elements
to model circular tunnels increased, Therefore in 1992 curved beam elements
were developed for use in the computer code PLAXIS. The development and
implementation of curved beam elements can be viewed upon as an upgrade in

YA

E=+I
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Figure 7.13  Five noded Mindlin beam element

comparison with the hybrid beam element which is discussed in section 6.3.4
which before 1992 had been the standard for PLAXIS. After a short review of the
literature with respect to structural elements, the Mindlin type beam element, as
described by (Bathe 1982) was adopted.

According to Mindlin beam theory, the beam is modelled as a two-dimensional
plane-strain element, where the degrees of freedom are all located in the neutral
axis of the element. This enables the use of the element as a thin element, similar
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to the Euler beam theory, or the Reisner type of structural element such as

discussed in section 6.3.4
The displacements within a Mindlin Beam element are interpolated according

to:

- i

5 i v

x(ﬁ,n)} {X} 5 VR

= 5 Ni(e w2 (7.21)
{v(c‘,,n) 2 Olr)*z Vny

where V contains the vector elements of the normal to the axis of the beam, X
and Y; are global nodal co-ordinates and h, (see Fig. 7.13), is the height of the
beam element. N; contains the vector of interpolations.

The deformations within the element are given by:

; i
u(€,m) 5 u)' & A Vny ;
viEm)) S ¥ Vnx

where ©; is the rotation at node {
The advantages of this element are:

1. the curvature of a beam can be taken into account

2. the influence of a deflection of the cross-section, which is important for a
relatively deep beam, is implicitly taken into account, and

3. a more straight forward extension of material non-linearity, such as
plasticiry, becomes feasible.

The Mindlin beam element was successfully implemented and verified in the
computer code PLAXIS, see Song (1993)

Phased analysis scheme
One of the features enabled by finite element analysis is the ability to model the
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Figure 7.14  Five steps in ground displacements (Fujita 1993)
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Figure 7.15 Phased analysis of tunnel construction

staged excavation of the tunnel structure. According to Fujita (1993), see Fig.
7.14, a number of steps are recognized in the staged construction of a bored
tunnel. An important step is the volume loss V, of the soil at the tail of the boring
machine. This volume loss is of the order of 1 to 2 % of the tunnel area. Though
this volume loss might be more or less compensated by grouting of the tail void,
consolidation and creep effects lead to the situation that a partial volume loss of
0.5 to 1.0 % cannot easily be avoided. Volume loss causes surface settlements,
and stress relief. The latter is important for the analysis of stresses in the tunnel
lining. This volume loss cannot easily be modeled with a subgrade reaction
model.

The development of the structure, such as illustrated in Fig. 7.15, can be
modelled by applying staged construction features, (i.e. contraction and de-
watering), and ensuring equilibrium of the structure.

The following stages of analysis are proposed, Bakker (1996):

stage I: initial stresses are calculated using the K, procedure.

stage II:  The tunnel lining is activated while simultaneously the soil inside the
tunnel is de-activated. This also de-activates the soil weight. The
water stresses and weight remain active.

stage III: The groundwater weight is removed. The weight difference between
groundwater and bentonite will be neglected. After this step the tunnel
is ‘dry’. The extra weight of the TBM is also neglected.

stage IV: The last stage, volume loss at the tail, including the effects of the tail
grouting process is modelled by applying a cylindrical contraction,
with a specified percentage of the volume of the tunnel, to model a
volume loss V.

stage V:  Consolidation effects (up to the passage of a feasible second tunnel)
are calculated.

stage VI: For a second tunnel, the stage II, III, IV and V are repeated.
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Since 1996, as a result of the monitoring of the Second Heinenoord tunnel it
came clear that this scheme is unable to give a good description for the surface
settlements. For that a more refined approach taking into account the pressure
distribution in the annulus grouted behind the tail of the tunnel boring machine is
needed. As surface settlements are not the main focus in this study, the analyses
performed here are mainly based on the staged construction scheme given above,
using the contraction model.

In order to illustrate the relationship between finite element analysis and
empirical models the results of a typical finite element analysis is illustrated in
Fig’s 7.16 and 7.17. In Fig. 7.16 the horizontal displacement contours are given
to illustrate the similarity with the results of a more simple subgrade reaction
model. For a tunnel in homogeneous soil even the symmetry in the distribution of
bending moments are reproduced, as shown in Fig. 7.17.

The use of finite element analysis for tunnel analysis allows time-dependent
phenomena such as consolidation and creep to be modelled. In addition, the
application of advanced constitutive models, such proposed by Duddeck (1991)
to reduce the apparent inconsistency between models and measurements,
becomes within reach using 2D and 3D techniques.

Though direct surface settlements might nearly be compensated by a well
controlled system of back-grouting, the difference in drained and undrained
response, in the long term, will cause additional settlements of up to 60 % of the
potential settlements which where compensated by back-grouting. Avoiding this
effect by applying the ‘observational method of design® only, for low permeable
soil, might be difficult. Applying numerical analysis including consolidation and
creep, however might be more successful.
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Segmental lining and 3D finite element modelling

Up to this point, in this chapter, soil-structure interaction, and the effect of the
stiffness ratios between soil and structure have been discussed with only minimal
attention to the fact that the lining is composed of segments. Segmental linings
however can be viewed as an assembly of blocks, connected by joints. This
construction is similar to that of stacked structures such as masonry, brickwork
and pre-cast concrete assemblies. In essence this aspect is truly three-
dimensional. To gain insight into the staged development of stresses in a tunnel-
ring during construction, three-dimensional models are needed.

A non-linear finite element strategy whereby the segments are modelled by
continuum elements and the joints by interface elements might be feasible. The
non-linear behaviour will mainly be concentrated in the relatively weak and
flexible joints while the relatively strong concrete segments can be modelled as
linear elastic. With this approach the total strength and stiffness, (flexibility), of
the assembly might be analysed.

Due to the reduced stiffness at the axial joints a transfer of bending moments
to adjacent segment rings might occur, leading to an increase in the magnitude of
the bending moment by up to a factor of two. The flexibility of axial joints also
act to reduce the bending moments, due to soil structure interaction. In this case,
numerical analysis indicates that the bending moments for this type of
configuration are about 1.6 times greater than values calculated for the solid ring
configuration, see Visschedijk (1996).

To illustrate this behaviour, one of the predictions for the instrumented rings
used to monitor the Second Heinenoord tunnel is shown in Fig. 7.18. This
monitoring project showed that to understand the deformation behaviour of a
segment it is not sufficient to monitor stresses and strains only. The differential
displacements between segments must also be monitored. At the Heinenoord
tunnel, special instrumentation was installed for this purpose.

Finally, the analysis of segmental behaviour is important, especially in the case
of soft soil and a high groundwater table. A lining composed of separate stressed

Figure 7.18 Deformation of a segmental lining
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segments, with hinged joints, that is compressed by the surrounding soil is an
unstable structure. Large differential movements between segments might
influence the water tightness of the lining, and therefore affect the serviceability
of the structure.

Special aspects; second order bending momenis

In cross-sectional equilibrium, the circular lining of a tunnel will react to the
external soil loading both by circumferential hoop forces, as well as bending
moments. In the sense that a lining attracts both normal forces as well as bending
moments, it is comparable to an eccentrically loaded column. The latter is, for the
ultimate limit state, evaluated including second order large deformations
According to Timoshenko (1936), in the ultimate limit state, the critical
circumferential load (or hoop-force), for the lining is

_3E

cr 3
5

N (7.23)

Where r is the tunnel radius. According to, among others, Besseling (1975), the
bending moments including second order effects, can be approximated by:

M2=m1+—N'5! (7.24)
n—
where

n = N
N]

M' = the first order, (small deformation) bending moment

N' = the acting normal force

& = the first order amplitude in deformation

Based on this assumption, Mendez Lorenzo (1998) related the reliability index to
the lining thickness, for an homogenous tunnel ring theory, using probability
theory. She made her analysis for a standard tunnel with a radius of r = 4.7 m, a
wall thickness of 0.4 m, concrete with a compressive strength of 45 mPa, (B45
according to the Dutch code of practice), and a ratio of steel fibre content of
0%;}5-:0‘05 , see also section 7.4.1.

Mendez Lorenzo reached the unexpected conclusion that the reliability index B
increased for a decreasing lining thickness, see Fig. 7.10. This unexpected
behaviour can be explained by the fact that an increasing flexibility of the lining
leads to an increased capacity to adjust to the differential loading and
subsequently to a decrease in bending moments in the lining. We have to consider
however, that if the lining thickness is decreased beyond a critical value, this
behaviour is overtaken by second order effects, and bending moments will
increase again. Mendez Lorenzo established a critical lining thickness of 0.3 m.
see Fig. 7.10, for a tunnel with a diameter of 9.4 m. Beyond this, second order
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Figure 7.19  Sccond Order Bending
moments, Ahrens (1982)

effects dominate the behaviour.

Ahrens (1982) carried out an extensive study of second order effects for
tunnels too. The results, see Fig. 7.19, confirm that second order geometric non-
linearities will be more important for lower values of the o factor. In the example
of Mendez Lorenzo a multiplier of 1.17 was found comparing to first order
analysis. This value fits in well, for example in the graphs given by Ahrens, who
gives a value of this multiplier as a function of @, see Fig. 7.19, where « is the
flexibility index as introduced by Duddeck.

In a study of TNO, Steenhuis (1995) indicates that for soft soil conditions, if
the influence of imperfection in the configuration is included, the bending
moment might even be as high as 1.42 times the first order bending moment,
especially for the low « values. In his study Steenhuis takes into consideration
that the assembly of the segments might introduce imperfections with respect to
the ideal ring which explains the difference between his work and that of Ahrens.

Just after that the segments are placed and still within the tail of the TBM
machine and not yet subjected to the prestressing support of the soil, they have to
support heavy loading by the jacks pushing the TBM forward. This may cause
irreversible deformations in the joints. Well considered placing of coupling bolts
might mitigate this effect. Analysis of the phenomena might be carried out using
3D finite element techniques as illustrated in Fig. 7.18
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Longitudinal action and beam action

Due to the staged construction of a tunnel lining, the tube is loaded in
longitudinal direction as well as in the circumferential direction. Due to this
process, bending moments and shear forces develop along the tunnel length. The
development of these distributions of force and bending moment is influenced by
the construction method. The construction may be characterised as adding tunnel
rings onto the tube which are subsequently loaded by the groundwater due to the
buoyancy forces, but also due to actions from the tunnel boring machine. These
actions are, an (eccentric), axial load, and a vertical (shear) force, see Fig. 7.20.
The axial loading by the tunnel boring machine is not considered further, because

Figure 7.20  Loading. of the tunnel beam by the tunnel boring machine

in the model developed here, the axial force itself has no direct influence on the
longitudinal bending moment. The eccentricity is, however, important and is
modelled here as an external bending moment.

Subgrade Reaction Model for the Longitudinal Stresses

The differential equation which describes the beam action of a bored tunnel is
derived from the well known concept of a beam on elastic foundation. According
to Hetenyi (1946), this equation was first developed by Winkler in 1867.
Assuming a subgrade reaction which is proportional to the deflection of the beam
an extended equation for the lateral equilibrium of a slender beam in bending
may be written as:

4

E!_d :{_ +k w=g (7‘25)
dx
where:
w = the deflection of the beam
k = the subgrade reaction modulus of the soil
g = thedistributed load on the beam (per Unit of width)

El = the bending stiffness (per unit of width)
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The solution of this equation is simplified by the introduction of the additional
parameter B, according to:

k [k
- B o= —— 7.26
g 7 Ps 4ET k2]

APs=
The differential equation then simplifies to
a'4w

L +4B% w=q (7.27)
dx

For the homogeneous equation a general solution is available which is composed
of a combination of harmonic series, see Bouma (1993).

Soil stiffness effects on the beam action
The stiffness of the soil might vary along the length of the tunnel. The axial
stresses in a tunnel cross-section are influenced by variations in the stiffness ratio
between the tunnel and soil.

The measure of this effect is related to the natural length scale parameter A
(see Bouma, 1993), where A is defined:

)L:EE:ZTELIM (7.28)
B, ¥V K

The value of A (in fact half this value), might be interpreted as a measure of the
distance on which a local force makes balance with the subgrade reactions.
Furthermore, the maximum of the induced bending moments is proportional to
l? ]

The parameters which are determinate for A are:

E, = the Young’s modulus for the material of the tube
= Moment of inertia for bending of the tube
K = subgrade reaction modulus for the soil (note that here the

notation K is taken instead of k, because now the width of the

beam is included in the equation; i.e. kis multiplied with the

beam’s width to derive K
We can estimate the value of the length A, using the following assumptions and
simplifications:
1) The moment of Inertia for a thin lined tube is estimated as: /. = %dD",

where
D = Diameter of the tube,
d = Thickness of the liner.

2) A continuous bedding is assumed both under and above the tunnel, and
therefore the subgrade reaction for the tube is approximated, as: k=2 D k,



Bored tunnels in soft soil 171

3) The subgrade reaction modulus for the soil is approximated as; k = 2E/D,
where

E, = the Young's modulus for the soil.

Subsequently if we apply these assumptions, in combination with equation 7.28,
an estimate can be made of this influence length according to:

nE,dD>
8E

A
Z=n4 7.29
5 ( )

If it is assumed that E/E, = (1.000 to 10.000), and d = D/20, then the length scale
can be shown to be of the order:

4
- n‘# (1.000 10 10.000)™2_
2 160
This gives:
A, =~ (1D1012D) (7.30)

Which means that for the staged construction of a tunnel tube, if there i1s a
variation in the subgrade reaction modulus, one has to take into account that
for a length of approximately 10D, the stress distribution in the tube will be
influenced.

The lower the stiffness of the soil, and/or the higher the stiffness of the tube
(larger diameter), the more inaccurate becomes the assumption that every ring in
the tube is in distinct equilibrium with the supporting soil. Generally, a low
stiffness of the soil will cause larger deformations before equilibrium is achieved.

Quantitative analysis of the beam action

Bogaards (1999) has developed a method for the analysis of the stresses in a
tunnel lining behind a tunnel boring machine. In order to illustrate the scheme he
developed, in Fig. 7.21, the addition of subsequent segments (tunnel-rings), is
sketched. The assumption is made that at each successive stage there is a stable
equilibrium of forces and stresses. In each successive step a new tunnel ring is
added, thus extending the length of the tunnel. We can recognise in Fig. 7.22,
where 7.22a is the old stage of construction, and 7.22c is the new stage of
construction, that 7.22b has to be added to the system to derive the desired
equilibrium state. That is; putting the external forces on the one side of the new
segment, and releasing the forces on the other side of the segment. This scheme
indicates, that to derive the stress state at a certain stage of construction, the
former stages of construction have to be summed up, as illustrated in Fig. 7.21.
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Figure 7.21 Conceptual model for the analysis of longitudinal
stresses in a tunnel lining

In more detail, Fig. 7.22 shows that three partial contributions have to be
considered. These are:

. The distributed load g due to buoyancy

2. The shear force Q produced by the tunnel boring machine

3. The eccentric axial force introduced by the tunnel boring machine,
modelled as an external bending moment M.

Distributed load: For the distributed load due to buoyancy an analytical solution,
by Boogaard (1998) is available. This solution gives:

M o (m)=—EIB* gle_'-)’”‘ﬁn (-2Cy cos(BnA , )+ 2Cy sin(BnA ) (7.31)
where .

C = %—EBAH sin?(BA,) (7.32)
and

Cy =§[(sin2 (BAL)—De 2P 11 (7.33)

where An is the element length, ( i.e. the width of a tunnel ring which is being
constructed).
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Figure 7.22  Staged construction of a tunnel tube, adding
segments

To obtain more insight into this concept, additionally an approximate derivation
will be given. For this approximate concept, a new element with a distributed
load is modelled in a different way, as shown in Fig. 7.23. Here, the interaction at
the tunnel ring is neglected. The load of the new segment is modelled with a
force and an external moment at the point of connection only.

The force is derived from the general solution for a point load on the end of an
half infinite beam, see Bouma (1993), which gives:

il
ML (m)=v2 Y 2qAke PO D8n sinB(n-1)A,, +g) (1.34)

n=1

The second part, is derived from the solution for a bending moment, which is:
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Figure 7.23 Modelling the distributed load, as the sum of an
external moment and a shear force
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Figure 7.24 Comparison between analytical solution, eq. 7.26, (here indicated as
Mtot), and the approximate solution, (here indicated as MT). Here
in this graph, x denotes the number of rings of 1.5 m

m
Mg(m)=quAne‘ﬁ(”‘”Aﬂ sin(B(n—1A,,) (7.35)
n=l
The effect of the buoyancy is than calculated by summing M, =M:|; +M{f
The difference between the approximate solution of 7.34 and 7.35, and the
solution of 7.31, is illustrated in Fig. 7.24
For small values of An, the solutions are identical. For larger, more realistic,
values of An the approximate solution overestimates the bending moment,
because the stress reduction of the interaction at the segment due to the bedding
in the interval An is neglected.
Eccentric load: For the eccentric axial loading, in this simplified model, a
constant eigen moment is introduced in the tube by the tunnel boring machine

M oo =My (7.36)

Shear force: For the shear force introduced by the TBM, the following relation
is derived:

H
Mo m)=—~2 Y 04, e Pmn [sin@Bma, +0)1 (7.37)

m=1

The bending moment at segment n, can than be calculated by summing up the
three partial contributions:

M (n)=M yigsp+M o5, +MQ (7.38)

In section 7.5.5, this theory is compared with measurements of the 2™
Heinenoord tunnel.
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7.5 FIELD STUDY SECOND HEINENOORD TUNNEL

7.5.1 Introduction

In 1993, two pilot projects for bored tunnelling were started, as described in
section 7.2. Both projects were accompanied by an extensive monitoring
programme. At the time of writing of this section, 2000, the construction of the
Second Heinenoord tunnel, see Fig. 7.25, has been completed. The tunnel was
opened for the public on 16 September 1999. In this section, a brief overview of
the monitoring project with respect to the research related to the tunnel lining is
given.

To begin with some general information about the project will be given. Then
the the instrumentation of the measuring rings will be described.

In between, a simple model will be described which relates the uncertainties
with respect to the positioning of tunnel segments with additional stresses in the
lining.

A back-analysis of the stresses in the tunnel lining will be described, where it
will be shown that a distinction between stresses due to installation and due to
soil loading has to be made. Finally the measurements of the longitudinal
stresses will be compared in a back-analysis using the Bogaards model described
in section 7.4.2

7.5.2 The second Heinenoord tunnel

The existing Heinenoord tunnel in motorway A 29 used to be a source of daily
congestion for the traffic to and from the Rotterdam Europoort area. To extend
the motorway capacity from 2 x 2 lane to 2 x 3 lanes a new water crossing had to

Figure 7.25 Artistic aerial view of the Heinenoord tunnels
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be constructed for local traffic. This new crossing was originally designed in
1990 as an immersed tunnel. Due to budget problems, however, the project was
postponed until 1993. The opportunity to use this tunnel as a pilot project for
bored tunnelling has stimulated the construction of the tunnel.

In 1996 the construction of the project was started with the simultaneous con-
struction of shafts and ramps. TBM tunnelling was began in February 1997 from
the North Bank and the machine was tumed on the South Bank to start the
construction of the second tube in the reverse direction. Finally the tunnel drive
was completed in June 1998, on the North Bank. The total length of the tunnel is
1350 m. (one way), with a TBM part of 950 m. The cross-section consists of two
tubes with an external diameter of 8.30 m. There are no cross passdges. A
detailed study of the suitability of machine types for the soil in-situ, showed a
slight preference for a slurry type machine above an earth pressure balance (EPB)
shield. The former was therefore chosen.

Geological profile and soil properties at Heinenoord

To investigate the geological situation at the site, an extensive site investigation
program was carried out. This included, bore-holes, vane-tests, CPTs,
dilatometer- and pressuremeter tests. Parameters such as strength and weight
where derived from laboratory tests.

On the North Bank and the South Bank of the river OQude Maas, measuring
sites with a size of approximately 50 x 75 square metres each were installed for
geotechnical monitoring, see Fig. 7.26 and K100-01 (1995). The approximate
location is indicated by the marks A and B in Fig. 7.25. The side of the field
nearest to the start shaft is at a distance of 75 metres, where there is a soil cover
of 12 metre on top of the roof of the tunnel, increasing up to 13 metre at the other
side of the measuring field. To measure the influence of the tunnelling process on
ground parameters, a measuring system was installed, including surface level
points, inclinometers, extensometers, soil pressure cells, and water-pressure
gauges.

The tunnel cuts through cohesive Holocene layers and sandy Pleistocene
layers. At the test site on the North Bank, the tunnel goes mainly through
Holocene deposits and sand layers. At the test site on the South Bank, however,
peat and clay layers are also present. On both test sites, only the invert is bedded
into the Pleistocene sand. The tunnel is driven entirely below the ground water
table, which lies at +0.60 N.A.P. (N.A.P. is the Dutch reference level).

7.5.3 The monitoring scheme

During the preparations for a monitoring scheme it was realised that a fruitful
project would neced a frame of reference to work within. If monitoring is
developed from the objective of the Observational method, see Peck (1969h}, the
objective of monitoring is clear; i.e. limiting the risks, and preventing
unnecessary investments. Here monitoring was developed from a much broader
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Figure 7.26 Measuring field at North Bank of river ‘Oude Maas’

feeling that the Dutch engineering industry would benefit from the monitoring of
the first large diameter bored tunnel in the Dutch soft soil. Such a scope does not
offer clear limits what to monitor, and therefore the methodology of model
development was adopted.

Without such a frame of reference, if was felt that the objective for the
monitoring would not be clear enough. The risk might be there, that one collects
data which later proves to be unnecessary. Alternatively, essential data might be
missing. In order to provide a suitable frame of reference, two statements have
been proposed:

‘Measuring is knowing’
‘A measurement which has been preceded by a prediction has added value'.

Therefore, it was decided to make predictions related to the measurements, and to
evaluate the measured data in the light of these predictions. The predictions,
based on empirism, numerical analysis and the use of physical models were
executed and reported before the construction phase of the tunnel, see K100-04
19973

A statement of the areas where further geotechnical knowledge relating to
boring of tunnels in soft soil is needed was reported by Bakker et al. (1997).
The monitoring scheme consisted, of three separate parts.

1) Monitoring the processes related to the tunnel boring machine
2) Monitoring of the geotechnical deformations
3) Monitoring of the structural behaviour of the tunnel lining.
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A prediction of the geotechnical deformations was published at the London
meeting and Symposium of Technical Committee 28 at City University April ‘95,
see Bakker et al. (1996)

7.5.4 Bore front instability

In the night of August 28 1997, an instability of the tunnel face developed, which
lead to a severe loss of slurry material into the river Oude Maas, halting the
tunnel boring for a period of four weeks. After the bentonite pressure in the
working chamber was seen to reduce, attempts were made to maintain pressure
with measures such as the extension of the support plates to prevent soil
penetration in the chamber. These attempts, however, did not succeed. Sounding
of the river bottom showed a hole with a diameter of approximately 6 m. with a
depth of about 2 m. This hole was excavated and filled with sand and expanding
clay pellets. The working chamber was then cleaned, and unsuccessful attempts
were made to introduce support pressure. After some manipulation, including
excavation almost without support pressure, a forward progress of several metres
without excessive displacements was achieved. After this the support pressure
could be increased. Thus moving the construction on from the location of the
incident.

Although the machine, at the time of the instability, had been operated with a
support pressure much higher than the vertical soil pressure, the main cause of
the incident was blamed on heterogeneity in the subsoil, possibly due to the fact
that somewhere in the vicinity of the incident, during the construction of the first
immersed Heinenoord tunnel, a mooring pole had been present.

7.5.5 Structural behaviour of the tunnel lining

In two locations under the measuring fields, one under the North Bank, and one
under the measuring field on the South Bank, a tunnel lining ring was equipped
with strain gauges placed in various different directions (ten strain gauges per
segment).

All seven segments in a ring were instrumented to measure the entire stress
distribution in the ring (see Fig. 7.27), as a function of time and distance behind
the TBM. Pressure cells were put on the outer surface of the segments, (two
pressure cells per segment on 7 segments), to compliment the strain gauges.

To measure differential deformations between segments, special devices where
placed, bridging the joints between segments. Details of these instruments are
given by Leendertse (1997%).

To measure the deformations of the tunnel lining at the time that the tunnel
rings are loaded by the soil, (and the tail grouting), if the tunnel boring machine
moves forward during excavation, a special laser equipped theodolyte system,
which automatically measures inclination and distance of a number of pre
positioned points on the lining was developed. This to overcome the problems
related to insufficient space for ordinary position measurements in the cramped
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Figure 7.27 Measuring ring and instrumentation

workspace just behind the tunnel boring machine in front of and besides the train
with support equipment of the TBM.

This system measured the deformations of the lining during the period that the
unloaded ring leaves the tail of the TBM and becomes loaded by the soil. This is
the position where the largest gradient in deformation with respect to time was
expected. An indication of the measured radial displacements is given in Fig.
7.28

-0.0005 _0.0072

400019 o

+0.0053

+0.0028

+0.0049

-0.0035 _gg030

Figure 7.28 Deformations of the lining, Ring 568, measurement series
200, cycle, 148 and 149 just after installation and soil
loading. Deformation with respect to the tunnel centre.
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The biggest displacements seem to occur immediately after that the ring leaves
the tail of the TBM when it becomes loaded by the soil. The soil loading becomes
activated in stages. To begin with, due to grouting, a pressure controlled load is
applied. The applied load becomes dominated by soil structure interaction when
the grouting material consolidates and hardens. This process develops
approximately within a period of 24 hours.

Generally the roof of the tunnel tends to come down between 0.002 and 0.006
m, whereas the sides of the tunnel seems to displace outwards just 0.002 to 0.005
m. The bottom of the tunnel was relatively stable, coming up between 0.000 and
0.003 mm.

Measurements and observations at the tunnel lining

Damage to the tunnel lining

At the start of the tunnel boring process, (when the constructed length of tunnel
was less than 100 m.), damage to the lining was higher than expected. To obtain a
better understanding of this damage, a project was issued and carried out by
Leendertse (1997”’). Some characteristic conclusions of his report are reported
here. A simple kinematics model will also be described relating inaccuracies in
assembly of the tunnel ring to the observed damage.

A description of the damage pattern is given below:

I. Nearly all the joints were subjected to differential deformations which
might be as much as 30 mm. The differential deformations on the
longitudinal joints within one ring, however, are significantly smaller.

2. In many places there was leakage between adjacent segments. There is
not a clear relationship between the observed differential deformations
and the amount of leakage water.

3. Some of the segments showed slight cracking, over abourt half of their
length. This cracking extended over the whole width of the segment. Some
of these cracks were diagonal. There was some slight leakage through
these cracks, but this leakage appeared to self heal.

4. Some segments show darkening (wetting) of the concrete surface. Without
any visible cracks.

5. At some places corners of segments were broken. The broken corner was
always on the side facing the tunnel boring machine.

6. In many places along the tunnel alignment the edges of segments became
snapped off. In all cases the edges were on the TBM side of the segment.
The damage concentrated in the zone of the segments where the notches
Jor the dowels are situated see Fig. 7.29. The size of the damaged zones
were up to 0.4 m x 0.5 m. The thickness of shales coming of from the ring
surface might be up to 0.1 m. At some places reinforcement steel is visible
due to this type of damage

7. On more than one occasion, the edges of segments adjacent to the key
segment (the closing segment of the tunnel ring), became damaged. Often
the damage to edges of the key segment has extended to the entire
segment width.
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Figure 7.29  Damage to the tunnel lining; i.e. damage
near the dowel and notch system

As described above, the damage was not exclusively concentrated near the key
segment but appeared, to a lesser degree at the flanks of the tunnel too. Apart
from cases where edges snapped of, most of the damage is concentrated on the
dowel and notch locations. Although there is not a one-to-one correlation
between places with leakage and places of damage, there is a strong feeling that
the locations of leakage are correlated with places where the back wall of a notch
is overloaded and there is damage to the outer side of the tunnel segment forming
a short cut behind the rubber water sealing.

Each ring at its curved side is provided with two dowels (or notches), see Fig.
7.30, to create a system of interlocking segments. This ensures that there is
capacity to transfer shear forces between tunnel rings. On the dowel, kaubit
stripes are placed to reduce the interaction forces.

Kaubit is a very soft material which reduces friction (if there is any). In the
design configuration the dowel and notch system has a free deformation of 6 to 7
mm before forces are generated on the dowel. If this space is exceeded, the dowel
is loaded. If the dowel (or the notch) is loaded beyond its capacity, damage is
caused to the concrete of the tunnel lining. For the Second Heinenoord tunnel the
main principle for the design of the dowel and notch system is that the dowel is
stronger than the side of the notch. This caused the breaking of fragments on
either sides of the wall, depending on the direction the dowel is loading the side
of the notch.
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Figure 7.30 Dowel and notch connection in the ring joint.
Here the notch with Kaubit strip is shown.

At the ring joint triplex wood plates were used instead of Kaubit to avoid damage
due to assembly stresses. It is a topic of further research at this moment whether
these wood plates were effective.

Evaluation of the structural observations

To understand the possible causes of the damage, three mechanisms are
recognised and analysed:

e Compression of the ring due to loading, when a tunnel ring leaves the
tail of the TBM machine.

e Oval distortion of the ring due to the distortion part of the loading on the
ring.

e [Inaccurate installation of the segments of a tunnel ring

Quantitative estimates are described below of the extent to which these
mechanisms contribute to the to differential deformations.

Compression of the ring: The distribution of the compression of the ring can
according to den Hartog (1952) be modelled with the theory of a beam on elastic

foundation, with a bedding modulus of k:Eyz
g

where

E = the Young's modulus of the lining material
d = the lining thickness
r = the tunnel diameter.
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Table 7.2 parameters for the Second Heinenoord

tunnel
r =3975m, (tunnel radius)
d =035m (lining thickness)
hir =3
K, =05
Y, = 18 kN/m®

£ =30.000.000 kPa

For a first estimate however it is not necessary to calculate the distribution of the
compression of a tunnel ring. An estimate of the decrease of radius for the second
Heinenoord tunnel will be made. This estimate can be derived with the first term
of equation 7.12.

The mean loading on the tunnel wall is estimated to be of the order

g,=0 3r((l+K0)(z,i —10+10) Ty is equivalent to the mean stress level at the

depth of the centre of the tunnel, here for an estimated depth of the roof of the
tunnel of one diameter.
The radial displacement of the tunnel is given by:

oW .. 3+ K0)( —10)+10) Fad

7.39
r 2 Ed : /

Based on the parameters of Table 7.2 the change in diameter is estimated to be
& w,=0.00025m .

Ovalisation of the ring: assuming a first order approximation in a similar way,
the distortion deformation of the ring due to a Fourier loading can be calculated
from the analytic solution of section 7.4.2

3
Swy _1 gar cos(26) (7.40)
r El

The parameter g, can be estimated in a similar way to g; as ¢, z3r(l —KO)(Y" -10).

3
The second moment of area is given by ,r:l1(d)3:d_
12 12

Combining these components gives the lateral deflection:

Sip 4
max(—2) = 3(1 - Ko X¥, _10);;7 (7.41)

r

For the parameters of Heinenoord tunnel as presented in Table 7.2 and taking in
consideration that the flexibility of the lining is less than for a homogeneous one
by dividing the stiffness by 2, gives max (8w, J=0.005 m . This is not a negligible
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deformation. Apparently the free space in the dowel is just enough for a segment
ring to adjust to the soil loading without loading the dowels. Inadequate
positioning of the notch and dowel system however will exceed the tolerance
though.

Inaccurate installation: The third mechanism to evaluate is the influence of
irregular installation of lining segments, and the subsequent influence on the
installation space for the key block.

The geometry model being used assumes an objective frame of reference for
the centre of the tunnel to be constructed. Installation of adjacent segments 1s
assumed to be such that:

e segments are not rotated with respect to their ideal inclination in space.
o segments have an arc length S with a mean value of |\, = 2nr/n, and a
standard deviation of i

s segments are placed adjacent to the previously placed segments with its
connection side on the line from the centre of the frame of reference going
through the end of the previously placed segment.

Observed from the centre of the tunnel, the projection of the segment on the ideal
ring gives a wedge with an arc which depends on the radius of the segment to the
objective centre and its structure size. The assumption underlying this concept is
that the arc length (on the ideal circumference) is influenced by the accuracy with
which the segments are placed in the radial direction, see Fig. 7.31

An inaccuracy of Or in the radius of a tunnel will add up to an in the total
circumference of the tunnel ring of 2ntdr. If we transform this relationship for

Figure 7.31  Geometry model for the installation of
lining segments
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an tunnel segment, we have to divide this by the number of segments. Thus the
contribution to the projection on the ideal tunnel ring circumference, based on
error in the radius is for a single element calculated as  §/= 25 #

3

For sake of simplicity of the model, a rotation of the segment is not considered,
as the contribution of a rotation is only of a second order.

If we combine this with the inaccuracy of the arc length of the segment itself,
caused by the fabrication inaccuracy, we can calculate a standard deviation for
the arc length of the projection of the segment on the ideal tunnel radius. This
standard deviation is a weighted sum of the standard deviation of installation
inaccuracy and fabrication inaccuracy according to:

(7.42)

If we sum this up for n segments to make the circle, the standard deviation of the
closing gap can be found. Given that the mean value of the gap will be

Ll 2nr=0, we only have to consider the standard deviation for which we

n

n
have:
2 2
GD:\/E\/ch +[%J = ncsfom (7.43)
: n g n

Furthermore we will look into the size of the gap for a reliability index of f,
which means that

(2no, )

n

AO=Bc, =|3\/nt0 & (7.44)
Subsequently it is assumed that for a negative gap, the only degree of freedom to
fulfill a successful installation of the key block, (here sketched with zero
dimension), is that the adjacent segments rotate with respect to the point with
which these are connected to the other segments, such as indicated in Fig. 7.32.
For simplicity, it is assumed here that the lining segments are rigid.

The space created by the rotational deformation, see Fig. 7.32, assuming
symmetry 1§

12 AO
AW:A— (7.45)
Si]‘l(%)

where ( is the arc enclosed by a segment, that is: Q’:z%.

This finally gives a radial displacement according to:
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" sz oo,
.. .Y SO # (7.46)

2sin%_ ZSin%

Substituting gzz% into this equation gives:

£z
2 (2“:6;')
AO BJnGS e

Aw = - L (7.47)

= — o
2':.11‘1% 2sin A
We will evaluate this relationship for the following data related to the Second
Heinenoord tunnel:

6,=0.00025m = 0.25mm

0,=0.002m =2 mm

n =7
Equation 7.47 is linear in the reliability index. Therefore, if we evaluate equation
7.47 for the parameters given, assuming 8 = 1.96, we find that the gap is in
excess of 0.011 m for 2.5 % of the rings. Here for the reliability index the
relationship for a normal distribution is assumed. In combination with a
reliability index of 8 = 1.64, that is, for 5 % of the rings, the displacement will be
in excess of 0.009 m.

Depending on the distribution of the strength of the fixation with which the
ring is fastened to the tube, this rotational deformation might develop with other
couples of segments in the ring. Fig. 7.33 shows that this mechanism of
displacement was in fact observed in the tunnel lining.

AO

Figure 7.32 Rotational deformations of lining segments
due to a lack of space near the key block.
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Figure 7.33  Differential displacement as observed at
the Second Heinenoord tunnel

These observations led to a more detailed numerical analysis of the construction
stage of the tunnel lining. The results of this analysis support the conclusion that
a proper control of the installation phase is crucial for an adequate control of the
integrity of the lining segments. A detailed description of this analysis is given by
Blom et al. (1998).

These analyses showed that the largest displacements are triggered by
inaccurate installation, and to a lesser degree by ovalisation. In the tunnel itself,
tilting of segments with respect to the axis perpendicular to the tunnel axis, in the
horizontal plane, is also observed. This mechanism also contributes to the
displacement as calculated here. Tilting might be triggered by the step-wise
development of the grouting pressure on to a segment as the tail of the TBM
moves forward. A quantitative evaluation of this effect is not attempted here
however.

Measurements of stress and strain in the Lining

During the tunnel boring, as described in section 7.5.3, measurements of
circumferential normal forces and bending moments in the tunnel lining were
made. In this section these measurements are evaluated. In the preparation phase
of the monitoring, predictions have been made with different models. The
number of models used makes it difficult to discuss the advantages and
disadvantages of the different models in a comprehensive way. In this section
therefore a back-analysis with the analytical models such as described in section
7.4.2 is outlined. The result of this analysis will be compared with the measured
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Figure 7.34  Cross-section measuring field North

data. Finally the differences are evaluated using a PLAXIS back-analysis.

Back analysis for measuring ring ‘North Bank’
A summary of the main soil data from the ‘K100 data set for predictions’, is
given in Table 7.3.

For the analytical model, the stresses, 0, and O, , in the soil at the level of
the tunnel centre are calculated which are determinate for the bending moments
in the tunnel lining. These stresses are calculated, summing up the soil weight,
and accounting for the water pressure, using the data given in Table 7.3. The
cross-section given in Fig. 7.34 was taken as a starting point.

Back analysis with the analytical model

The effective horizontal soil stresses, are calculated using the Ky relationship.
Based on the geology as indicated in Table 7.3 and Fig. 7.34, the horizontal and
vertical soil stresses at the tunnel axis are calculated as: o, =300 kPa and
o, = 218 kPa. Subsequently with equation 7.11 and 7.9 the stresses in the tunnel
lining are calculated for the situation that the wall of the tunnel would be
inflexible:

M (0)=324c0s(20) [kNm/m] and N(8)=—1022+163cos(20) [kN /m]

In a second step, the flexibility of the lining is considered. Flexibility leads to an
increase in the horizontal soil stress. The effect of this is analysed according to
the empirical relations of Duddeck. The coefficients o, and [, are approximated,
using the data of Table 7.3, which gives:
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Table 7.3 Description of layers and soil parameters for the North Bank

symbol soil type topof  Year (Yan) Cu c’ ¢’ v Eoed Ky
layer[m]  (k/m'} [kPa] [kPa] [-] [-]  (mPap  [-]

NAP.
OANDOB  mixture of sand and clay +2.50 17.2(16.5) - 3 27 034 52 0.58
3 sand, focal party of clay - 1.50 19.5 ~ 0 35 0.30 26 0.47
2 yand with clay -5.75 19.0 - 0 i 0.3 25 0.47
I8 sand, local parts of clay - 10.00 205 - 0 36.5 0.30 40 0.45
32 sand, pravel -17.25 20.5 - 0 365 0.30 60 0.50
38A clay, local parts of sand -20.75 20.0 140 T 3 032 16 0.55
38F sand - 25.00 21.0 0 i 0.30 80 0.55
38A clay, local parts of sand - 26.50 20.0 140 7 i1 0.32 16 .55

E,D’  30%10°.7.95° E,D 30%10%.7.95

= = 35, and B= = = 0.0227

o= =
8Epla 815%10° - 1,035 2Ed  2.15%10%-0.35

For which the coefficients CéV,C?I,and M , see the equations 7.17 - 7.19, are

calculated as;
cl'=0.982 cy =081 cM =025

If we combine this with the equations 7.15 and 7.16 this gives:
M(©)=81cos(20) [kNm/m] and N(0)=—1004+132cos(20) [kN/m]

Due to the soil structure interaction, a large reduction in the amplitude of the
bending moment is found.

The next step 1s a comparison of these results with the measurements. The first
question to consider is: ‘after what time does the stress distribution correspond to
the final soil bearing condition ?° In Fig. 7.35 the bending moments in the lining,
measured as a function of time, are plotted, for the first week after
construction. We can observe that the largest changes in the lining stresses
develop within a period of about five days. For comparison with the numerical
calculations, the measurements after 9 days have been used.

If we compare the back-analysis results for the circumferential moments and
hoop compression forces with the measurements at the North Bank of the ‘Oude
Maas’, see the dotted line with the squared symbols in Fig. 7.36 and Fig. 7.37, it
is clear that the differences are small for the bending moments. The measured
bending moment does, however show some peaks which are difficult to explain
based on soil loading only. A larger difference 1s observed for the normal forces.

The difference in normal forces will be discussed in more detail after the 2D
finite element back-analysis is described.
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Figure 7.35 Bending moment in the tunnel ring 1; 3/4/97 up to
9/4/97, the numbering indicates the orientation in
degrees with respect to the vertical axis

In order to make a comparison of the measured soil stresses with the model, an
assumption has to be made to relate the analytical model with stresses. The
following assumptions were used:

6, +0, _ 1004 5 Oy, —Cp_ 2*8I

This gives: ¢, = 262.8 kPa and, o, = 243.3 kPa, assuming that the calculated
vertical soil stress is the intermediate principal stress.

ol : m”.:wwmm. I o i —— Measurcd moments alter 9 tays < a
200 e e e _: oo o Lo o | == Measured moments alier 330 days @

' T == M_Analytical ®
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Tangential moments

Orientation [ 8]

Figure 7.36  Bending moments as measured and back-calculated

for the measuring ring on the test site at the North
Bank.
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To compare this with measured soil stresses as a function of the orientation, the

weight of the lining has to be accounted for. The result is given in Fig. 7.38.
If we compare the calculated soil stresses with the measured soil stresses on

the tunnel lining the agreement is less good as in the comparison of the bending
moments. This difference is thought to be associated with the volume loss that
develops after that the TBM moves forward, and the tunnel ring comes free from
the tail of the TBM. This volume loss is ignored in the analytical model. The

effect of the volume loss is observed as a settlement trough at the soil surface.

This volume loss causes stress relief near the tail of the TBM. The stress relief
is reduced by the back grouting process, but it cannot be ignored. Whether the

stress relief might be undone by soil creep is uncertain.

0] T T T T T T T 1

Soil stress

8004 - - - -t epe oo o - - ——Pmeasured 9 |
i G/O ] I days I

| —B—P measured £20|

i days

| —8—P r)i{.casurcd 360
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—=—P Analytic

Orientation [6] —ik— P-Plaxis

Figure 7.38 Radial soil stresses on the tunnel lining
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Back analysis with 2D Finite Elements

To analyse the effects of the volume loss, a number of 2D finite elements
calculations were performed using PLAXIS. The results are shown in Figures
7.36, 7.37 and 7.38 too. The soil data given in Table 7.3 and structural data, given
in Table 7.2 was used. The radius of the tunnel was taken as the distance between
the tunnel centre and the midst of the tunnel lining,

i.e. r =3.975 m. Furthermore the axial stiffness of the wall was assumed to be
equal to that of an homogeneous wall, whereas the bending stiffness of the wall
was reduced by 50 %.

Fitting the finite element analysis to the data, led to the following conclusions:
1. The best agreement was found for an assumed contraction of approximately
0.5 %. At this level of contraction good agreement was obtained for the low
measured soil stresses, see Fig. 7.38.
2. In comparison to the analytical model, where a smoaoth wall always leads
to higher bending moments, the results from a finite element analysis are
less clear cut. With finite elements the highest bending moments are found
Jor a smooth wall. Though this result was recognised by Erdmann &
Duddeck, it is not included in the analytic solution as given by the
equations 7.15 to 7.19,
1. If the finite element calculation is made for the situation without volume
loss the agreement is much less. For that situation a smaller amplitude in
the bending moment is calculated, i.e. M = 65 kNm/m, instead of 81
kNm/m. This effect will be discussed in more detail further on in this section
2. Ifwe look at the soil stress level from the finite element analysis, and
compare this with the measured soil stresses shortly after installation,
better agreement is found than when applying the analytical model see Fig.
7.38.
Looking at the normal forces the finite element calculation did not lead to much
improvement, (see Fig. 7.37). It is as if the low soil stresses are not compatible
with the normal forces being measured. A possible explanation would be that the
measured soil stresses are related to an earlier time step of stress development
than the normal forces. It is as if the stress level directly after grouting is ‘frozen
in’ by the hardening process of the cement in the grout, and that after the grout
has cemented, the effective soil stresses begin to increase. This stress increase
would not be measured if the grouting material ‘over-bridged’ the pressure
gauges. Therefore the accuracy of the soilpressure gauges is unclear, especially
with respect to their capability to monitor the stress development. The strain
gauges, on the other hand, are thought to have a high degree of reliability. Further
on in this section the measurements over a much longer period, i.e. one and a half
year are evaluated which give some weight to this assumption.
Before evaluating these longer term measurements, the vertical equilibrium
and the effect of circumferential shear stresses is discussed. Looking at the stress
distribution calculated with PLAXIS it is observed that the integrated normal
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Figure 7.39 Comparison of Shear stresses around the tunnel, for
the analytical model and according to PLAXIS.

stresses are not in vertical equilibrium. The stress level at the invert of the tunnel
is much higher than at the crown. This can be explained, however, if we evaluate
the shear stress distribution. For the analytical model and for the finite element
model, see Fig. 7.39. It is observed that the shear stresses calculated with
PLAXIS, at the crown of the tunnel, are higher and therefore contribute to the
vertical equilibrium of the tunnel.

The bending moments, agree well with the back-analysis, although distinct
differences are observed. These differences are attributed to the variations in the
normal force, and interaction between adjacent tunnel rings. According to
Visschedijk (1996), interaction at the joints in a ring might increase the bending
moments by a factor up to 1.6. Variations in the normal force combined with
variations of the midst of the segments, is calculated to cause an additional
moment of approximately;

M ,;=Nb=1500*0.02= 30kNm / m

ad

This suggests that the differences between the back-analysis and measurements
can reasonably be explained by interaction between segments and the effects of
installation.

Long term measurements of the soil stresses

After a period of one and a half years it was decided to evaluate the long term
measurements, to gain insight into the time dependent effects. Initially
measurements at one month intervals where extracted from the measurement
database. These measurements proved to be difficult to interpret, however. After
that, v. Oosterhout (1999") extracted data at intervals of one day for a period of
nearly 15 months. These data indicated that after about 240 days, a significant
change in the radial soil stresses developed, see Fig. 7.40. The main changes
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Figure 7.40 Radial soil stresses on tunnel ring 1 (North) from
3/4/97 up to 23/6/98, the number indicating the
measurement indicate the orientation angle of the
measuring device.

occurred around the date of 15 December 1997 when the support structure in the
North starting shaft was removed.

A noticeable change also occurred a month later when the support on the South
bank was taken away. Subsequently the question arose whether the soil stresses
actually had changed, had risen, or that something had happened to the pressure
gauges. A feasible explanation which was proposed was that the grouting
material had cracked, causing a reduction in over-bridging effects. In order to
evaluate this assumption the strain gauge measurements were looked upon.

From Fig. 7.41 it can be seen that although minor developments occur with
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Figure 7.41 Circumferential hoop forces ring | (North) from 3/4/97
up to 23/6/98
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Figure 7.42  Radial soil stresses on the tunnel lining, 9, 120 and
360 days after construction

time, around the 240" day after installation there is not a sudden change in the
normal forces. From this it was concluded that the change in measured soil
stresses is related to the measuring device and not to a change in soil stress,
which supports the argument that over-bridging of the pressure gauges by the
grouting layer influences the measurements.

A second aspect to consider is that v. Qosterhout (1999 ) did identify
difficulties with respect to the interpretation of temperature effects on the
pressure measurements. The measuring data as presented in the Figures 7.40 and
7.42 have been corrected for this effect. For the North measuring ring, in Fig.
7.42, the development of the soil stresses on the tunnel lining is displayed at three
distinct times after construction. From this figure the increase in soil stresses,
discussed above is distinctly visible. It must be mentioned here, however, that the
temperature correction is not beyond discussion. The fact that the soil stresses, in
the first quadrant increase to values distinctly higher than the overburden stress,
(about 300 kPa) contributes to the doubts that still exist on the accuracy of the
pressure measurements.

Measuring ring ‘South Bank’

With the knowledge gained with the first measuring ring, and noting that
installation stresses are significant, extra care was given to the measuring of
stresses as early after installation as possible for the second measuring ring, Due
to this care, it was possible to establish the additional stresses which developed
due to the soil loading, by extracting the stresses which had developed before the
ring had left the tail of the tunnel boring machine. In Fig. 7.43 both bending
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Figure 7.43 Comparison between back-analysis with PLAXIS
and bending moments due to soil loading, for the
measuring ring South

moment distributions are given; the total bending moment, as a function of
orientation, and the bending moments after subtraction of the initial stresses.

Assuming the same procedures as for the North ring, PLAXIS was used to
back-analyse the bending moments. In Fig. 7.44, the reduced bending moments
are compared with the PLAXIS results.

A comparison between the back-analysis and the measurements shows that the
amplitude of the maximum moment is adequately predicted by the model. A
comparison of the distribution, however, shows that the fit is less successful. On
the one hand it seems as if there is a shift in the orientation for certain parts of the

Bending Moments [kNm/n]

moments

Orientation [ 6] M_Plaxis

Figure 7.44 Measuring ring South, Total bending
moments, and Bending moments afler
reduction with installation stresses.
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distribution. On the other hand the measured distribution shows peaks which
cannot be explained by the soil loading.

It is thought, see section 7.5.5, and Blom et al. (1998), that these peak stresses
are caused by an inaccurate installation of segments when assembling a ring in
the tail of the TBM. If the joints cannot adjust to the actual soil loading in an
adequate way, such as when a smooth material such as Kaubit is put into the ring
joint, peak stresses like this might develop.

Bending moments as a function of the volume loss
In the back-analysis, for both measuring rings, it was assumed that the volume
loss was 0.5 %. The value of 0.5 % was estimated from the volume loss as
observed at the soil surface, where a volume loss of approximately 0.8 % was
measured. For small volume losses, assuming the analytical solutions, such as
those of Sagaseta, the volume loss at the tunnel is back-analysed to be less by a
factor of 1.6

Looking at the development of the stress in the lining, the force volume-loss
relationship, it is observed that the (maximum) bending moment increases with
the volume loss. For the given stiffness ratio between structure and soil, for the
South measuring field, the relationship is given in Fig. 7.45, which indicates that
the bending moment displays a maximum somewhere in the range between 0.5
and 1.0 % volume loss. For volume losses larger than this the bending moment
appears to reduce.

For a typical tunnelling situation the volume loss is usually greater than 0.5 %.
If the tunnel boring machine is well driven it should be possible to limit the
volume loss to 1.0 %. For the design of the tunnel ring, an assumed volume loss
between 0.5 - 1.0 %, is thought to be reasonable.

=

f

-

g

£

o

&

3

S 20 - =

2 10 i ; ; : Max Bending

2 I R A moment

0 4 t + t f ? ]

0 0,5 1 15 2 2,5 3 3,5 4
Volume loss  [%]
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analysis)
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Consideration

The designer of a tunnel must consider that installation stresses are unfavourable,
because they might cause damage to tunnel lining segments during construction,
On the other hand, installation stresses may be classified as eigen stresses. A
characteristic of eigen stresses is that for a redundant structure, they do not
contribute to failure in the ultimate limit state. For failure calculations, therefore,
it is only necessary to consider the stresses due to soil loading. A comparison of
the back-analysis results with the measurements leads to the conclusion that the
relationship between soil loading and bending moments is adequately modelled
with 2D finite element analysis. With respect to the hoop forces there is a larger
difference. For the ultimate limit state the hoop forces are related to the weight of
the overlaying soil, which is usually straightforward to calculate.

Measurements of longitudinal bending moments
The theory described in section 7.4.2 has been used by Bogaards for the analysis
of the measurements from the Second Heinenoord tunnel. The result of this study
is illustrated in Fig. 7.46. As can be observed from this figure, the magnitude of
the measured and calculated bending moment is of the same order, although the
predicted distribution is not accurate.
To improve this result the following steps should be taken:
1. the forces due to the TBM should be more closely monitored
2. the subgrade reaction of the hardening grout material in the zone just behind the
TBM should be better understood.

Evaluation of the results of the Second Heinenoord tunnel
Installation inaccuracies appear to cause additional bending moments in the
tunnel lining. In this chapter an attempt is made to quantify the effect of
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Figure 7.46  Comparison between measurements and analysis for
longitudinal bending moments
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installation inaccuracies.

The analytic solutions, for soil loading, seem to be reasonably reliable with
respect to their ability to describe soil reactions and their effect on the stress
distribution in a tunnel lining. Agreement between the model and field
measurements is better for the bending moments than for the hoop forces. The
latter 1s attributed to the stress level around a tunnel, whereas the former is
related to the variations of stress around the tunnel.

The agreement between measurement and calculation of the soil stresses is
improved when finite element analysis is used. It should be noted, however, that
the low stress level obtained from the numerical analysis and measured in the
pressure gauges, may be influenced by time. The hoop forces in the lining seem
to increase with time. A second aspect to consider is the influence of the grouting
pressure. At the North bank, a relatively low grouting pressure was used, whereas
on the South bank, the grouting pressure was above the K, value of the horizontal
soil stress. Though the grouting pressure mainly has a local effect, which
diminishes after the grout consolidates and hardens, the fact that the back-
analysis for the North bank seems to be in better agreement than for the South
bank may be influenced by the high back grouting pressure on the South bank.

For the structural design of a tunnel lining the analytical model and the finite
element model both seem to be appropriate to predict the stresses due to soil
loading. The finite element analysis has the advantage, however, that it may be
used to model the volume loss, leading to an improved prediction of soil stresses.
For the dimensioning of a tunnel lining segment, the stresses and deformation due
to installation should be combined with those due to soil loading. Finally the
influence of second order deformations should be added, by using an empirical
multiplier as discussed in section 7.4.2.

Finally, to derive a large enough distance between design and practice, a
safety factor should be included.

7.6 CONCLUDING REMARKS

In contrast to flexible structures such as sheet pile walls, the derivation of stresses
and strain in a tunnel lining is relatively insensitive to soil plasticity. Instead, the
elastic parameters of the soil have a substantial influence on the stress level in the
structure.

The analysis of tunnel loading was focussed on the bending moments in the
tunnel lining. It seems, however, that bending moments in the tunnel lining are
only of minor importance for the ultimate limit state. If the lining is strong
enough to bear the hoop forces, collapse of the tunnel due to insufficient
reinforcement of a tunnel lining under influence of the soil loading alone would
be unlikely.

Reinforcement of the tunnel lining is mainly required to resist construction
loading. The monitoring of the Second Heinenoord tunnel has shown that the
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stress development during assembly and loading by the jacks of the Tunnel
Boring machine are of the same order or higher than due to soil loading. If the
construction phase could be optimised and the development of peak stresses in
this phase limited, a cheaper lining is feasible.

The measurements and observations of tunnel lining behaviour such as
described in section 7.5.5 show that some of the problems observed in practice
are not related to an inadequate description of mechanics. Instead they are
associated with various stochastic processes that occur during construction.

The thickness and strength of the liner should be chosen by considering the
hoop forces in the liner and also the allowable deformation. Attention should be
given to the accuracy with which tunnel lining segments are assembled into a
tunnel ring.

In comparison to a sheet pile retaining wall, the analysis of a tunnel lining for
soil loading is relatively easy. This observation might be used to justify a lower
partial safety factor with respect to the stresses and strains caused by soil loading.

The methodology of developing models, based on knowledge of the ultimate
limit state seems to be useful for tunnels. Although the potential for further
development of tunnel design methods is large, the results of back-analysis with
different hierarchical models suggests that there would be diminishing returns for
further development of the models.

It is emphasised that finite element methods have considerable advantages over
analytical models because they include complex features such as non-linear
material behaviour, consolidation or creep. In addition, unlike the empirical
models, finite element methods can, in principle, be developed to deal with
problems of increased complexity.



CHAPTER 8

Conclusions and recommendations

8.1 Introduction

In this study it has been tried to formulate the development of models for
structural analysis in an objective framework.

In chapter 2 an approach has been taken where the optimisation of a design
alternative is placed into to framework of an economic problem. The observations
are that both model uncertainty and cost of analysis are important.

In chapter 3 a methodology for the development of models is formulated. Both
verification, the testing of the integrity of a model, and evaluation, testing the
accuracy of a model are dominant tests for a model. Accuracy and uncertainty are
related aspects of a model.

In chapter 4 the toolbox for the analysis of geotechnical problems is put
forward. Here the emphasis is put on those principles which are applicable for the
development of numerical models based on continuum mechanics fundamentals.
The formulation of groundwater flow is given similar to that of equilibrium of
stresses, where it is shown that both formulations can be regarded as fitting in the
principle of virtual work.

Subsequently in the chapters 5, 6 and 7 several examples of model
development are worked out, verified and evaluated. As a spin-off of this
approach the conclusions are not limited to those related to model development.
Inevitably conclusions with respect to the structure types, and the economical
approach of designing these structures come forward. In the chapters dedicated to
the structure types, conclusions with respect to structure types are described.
Here in chapter 8, only the conclusions with respect to the main objective of this
study, model development, are repeated or formulated, conclusions which are of
special importance, or conclusions which are general for all structure types.

8.2 Conclusions

The finite element method has given us a powerful means for the development of
models for structural analysis. Both the development of finite elements for
groundwater flow and for equilibrium of stresses, has given us a powerful tool for
structural design. The advantage of finite element analysis above other types of
models is that thus far there is not a limit to the point that physical observations
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can be included in finite element models. For the structural analyst the advantage
of finite elements is that it reduces the number of different models in his toolkit.
Seen from the point of training, the number of methods the structural analyst has
to learn keeps limited.

In order to be able to do structural design, the model being used has to be
supported by a design philosophy. There needs to be a frame of reference, a limit
state for which the model is dedicated. The design philosophy, gives a frame of
reference for the establishment of the necessary distance between the
construction behaviour to be established for practice, and the (Ultimate) Limit
state. If such a frame of reference is lacking, the model does not have any more
significance than as a behavioural model. The necessary (partial) safety factor(s)
cannot be established then.

A second demand for a model is that the determinate independent variables for
the model need to be available with a small enough margin of uncertainty. If this
uncertainty is to large, the model might be good enough as a behavioural model,
for back-analysis purposes, but not fit for design purposes. The analytical model
for uplift of blocks, such a discussed in section 5.3.2.1, might be regarded as such
model. The establishment of the cover-layer permeability, is that uncertain, that it
is nearly impossible to make an adequate prediction of the value for this
parameter. With this observation the analytical model for block stability becomes
unfit for design purposes.

Numerical models can be regarded as a class of analytical models. The only
difference with models which are truly called analytical (e.g. closed form
solutions), is the solution technique. Analytical models distinguish themselves, in
practice, only with respect of the level on which empirical observations are
processed. For the models we are looking at, empirical models are used on a level
that the structure as a whole is concerned whereas analytical models are based on
observations of material behaviour. We have to be aware however that with this a
number of relevant aspects, which play a part on the structural level are not
implicitly included if an analytical model is adopted. Important aspects such as,
consolidation, creep, time dependant behaviour, dynamics, 3D deformations,
have to be put into the model explicitly to be analysed. Empirical models are
based on observations on the structural level, and therefore implicitly include
these effects. Where it is unsafe to apply empirical models outside the range of
observations on which it is based, the power of analytical models is beyond that.
Provided that the model is verified and validated, according to procedures, the
power of an analytical models is beyond the empirical observations on the
structural level.

Both the evaluation of the models for the structural analysis of the liner for a
bored tunnel has shown that the application of simple models, here the Duddeck
model, is not outdated yet. Sometimes a simple model, with a clear display of its
physical content might out-rival more complex models, which are sometimes hard
to work with and to interpret.
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Where the case study on the Karlsruhe sheet pile test has shown that a clear
understanding of the physical observations, using a finite element model seems to
be possible, the evaluation of the measurements on the bored tunnel makes clear
that for other types of structure the unravelling of all the physical processes is
sometimes hard work. For a prototype measurement it is sometimes hard to
distinguish which process is determinate for the result. The further development
of statistical evaluation techniques such as the Maximum Likelihood methods
such as used for the sheet pile test might give an objective approach to solve this
problem.

The evaluation of damages at the Second Heinenoord tunnel made clear that it
is not only the mechanical modelling of the structure that is determinate for an
accurate description of the observed stresses. The influence of stochastic
processes which in practice determine the geometry of the structure might be of
the same importance.

The knowledge of the hierarchical levels enhances the success of further model
developments.

Continuity in groundwater flow is discussed within the framework of
variations. For small displacements it is shown that continuity in groundwater
flow can be conceived in a similar framework as used for equilibrium of stresses,
i.e. the principle of virtual work..

8.3 Recommendations

In order to improve the establishment of accurate input parameters for models
evaluation of laboratory tests and prototype measurements has to be advocated.
The application and further development of Maximum Likelihood methods in
combination with finite elements might improve the benefit of these.

In order to guide the research on bored tunnels, the formulation and
establishment of an accepted design philosophy would be beneficial.

In order to enhance integral weighing of design alternatives, the application of
economic principles such as marginal cost-benefit analysis, and in addition to
that, weighing of external costs-benefits has to be advocated.






List of symbols

Symbol Description

a the space of solutions

a dummy parameter

a vector of nodal displacements

b dummy parameter

b filter thickness

b width

¢ cohesion

oy undrained cohesion

e energy density

f yield function

5 distributed load

fJf‘ calculated (model) value

k5 measured (test) value

g plastic potential

g acceleration of gravity

h height, depth

h; vector of interpolations

hy sheet pile length

hy Embedment depth

ik Lmn index

{ hydraulic gradient

k (Darcy) permeability

k subgrade reaction modulus (bedding modulus)
k' Permeability of revetment cover layer
{ length

n porosity

n amplification factor for 2" order effects
n; normal (to a surface)

P pore walter pressure

p isotropic stress

Ap pseudo load vector

q load

q; hydraulic discharge (filter velocity)
q load vector
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radius

entropy

time

displacement

velocity

independent variable(s)

co-ordinate

a priori estimated value’s of parameters

dependant variable(s)
deflection
vertical axis

coefficient in the Forchheimer permeability relation
(sectional) Area

elastic stiffness matrix

matrix of partial derivatives

coefficient in the Forchheimer permeability relation
differential operator

coefficient with number i

value per area

added value for activity

cash value

covariance matrix of the a priori information

measurement covariance matrix

block thickness

diameter of a bored tunnel

coefficient with number 1

erosion depth

material elasticity matrix

partition coupling matrix

first moment (statistical)

Young’s modulus

energy

the total costs, the Expenditures (including rent)
force (number)

the profit as a function within the solution space
the (functional value)

partition matrix

shear modulus

secant shear modulus at 50 % strength
significant wave height

breaker height

vector of interpolation functions, (for the geometry)
beam moment of Inertia

Jacobian matrix
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coefficient of horizontal initial soil stress
relative permeability

permeability matrix

coefficient for active soil failure with respect to cohesion
coefficient for passive soil failure with respect to cohesion
system matrix for permeability domain
span

likelihood function

strain operator

(bending) Moment

tensor relating input parameters with output
normal force

vector of interpolation functions
circumference

face support pressure

probability of failure

probability

thermal energy

shear force

partition load vector

strength (Resistance)

rundown

loading (Solicitation)

likelihood function

revetment extent (vertical upwards)
stiffness matrix

transformation matrix

volume loss

material co-ordinates

yield function

groundwater head in the filter layer
revetment extent (vertical downwards)

inclination angle
influence ratio

stiffness ratio (in radial direction) for bored tunnel lining

breaker angle
compressibility of the pore fluid

stiffness ratio (in tangential direction) for bored tunnel lining

stiffness ration in Winkler’s subgrade reaction model concept
friction angle (adhesion)

Kronecker delta

elastic strain
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plastic strain

infinitesimal strain tensor

volume strain

potential

weight of the pore water; ,,= p,, g
partial safety factor

local co-ordinate axis

friction angle

curvature

ratio of plastic strain

leakage height

length scale in Winkler’s subgrade reaction model
coefficient of active soil pressure
coefficient of neutral soil pressure
coefficient of passive soil pressure
Influence length

mean value

Poisson’s ratio

rotation

critical shear stress

density

particle density

pore water density

effective stress (according to Terzaghi)
principal stresses

Cauchy stress tensor

vertical soil stress

horizontal soil stress

standard deviation of yield function
variation

local co-ordinate axis

angle of dilatancy

the arc enclosed by a tunnel lining segment
leakage length

retained soil height

relative density ratio

pressure difference

pseudo load vector for plasticity
groundwater head

stability ratio for block revetment stability
stability ratio
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APPENDIX A

Equations of equilibrium for a ring

A-1 DIFFERENTIAL EQUATIONS

Figure A - 1 Equilibrium of a curve beam

According to Bouma, (1993), the equations for static equilibrium, for a curved
beam with a distributed load are given by:
in the radial direction:

Zr = %G-Nqu"rde:o (A-1)
in the tangential direction:
dN !
Zr =~ d0+Qd0+q' rdd=0 (A-2)
and for equilibrium of moments:

ZM = i—ﬂgdﬁ—QrdE):O (A-3)
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With respect to deformations, the following relation between radial deformations
and bending moments can be derived:

(A-4)

In order to derive a relation between the external loading and internal loads, both
bending moments and normal (circumferential) forces, a step wise evolution is
followed, to begin with only for radial loads. Subsequently a derivation for
tangential loads is developed. For the case of loads as actions, and elastic
behaviour of the curved beam the result can be added to yield a combined

equation.

A-1.1 Radial loads only

for the case that ¢'= 0; equation A-2 reduces to
r r 2 r
dN do=—0" db = dg e d . Combining this with equation A-1, gives:
de do de’
2n7
g g +N"=4"r (A-5)
ao

A solution of this equation is found expanding the loading in a Fourrier series,

according to 4" (g)= Eéﬂ cos(n0) - The solution of equation A-5 for n > 2 can
n=1
then be found rewriting equation A-5 according to:

d’N]

3 +N£ =é,’;rcos(n9) (A-6)
de

the general solution for which is:

N =Cj cos(8)+ C5 sin() (A-T)
A particular solution is sought of the form:

N,’; =n,}; cos(n0) (A-8)
taking into account that:

N} d*nN;

=— n;;n sin(n@), and —=—nnn2 cos(n0), and substituting these equations
do d92

in equation A-6 gives;
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- nzn,’; cos(n0)+n, cos(nB)=gq,, rcos(nd) (A-9)

] ol B
Z an

which gives that n/ = :
=R,

Substituting this in equation A-8 and adding the general solution A-7, the total
solution is then found according to:

N, =Cj cos(8)+Cp sin(9)+-—2”—l-——@; rcos(nB) (A-10)
n“ —1

As the loading is two times symmetric, the normal force has to be symmetric too,

which means that both C;, and C; need to be zero. The final solution for the

Normal force will then be:

Nl=+ =1 g1 rcos(n@) (A-11)
]

n
In order to derive the relation between bending moments and radial loads, first
the relation between bending moments and normal forces is derived, by the
substitution of equation A-3 in equation A-2. For ¢,= 0 this will give:

dNr -ldM.“

_dB 6 =0 (A-12)
¥

The general solution of equation A-12is M "=—rN"+C,. If. we assume that
initial stresses are zero; i.e. C; = 0, the relation between bending moment and
radial loading can be derived according to:

M”_+ ] ———§7r? cos(nB) (A-13)

A-1.2 Tangential loads only
Equation A-1, for g¢"=0can be simplified to give; N’de—‘iQ 46 and as

equation A-3 rewritten reads as: Q' = ! df this can be combined to give:
r do
20t
. "'g (A-14)
" do

If we differentiate this with respect to the inclination angle 6,
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an' 1d3m’
== (A-15)
e r gg3
and combine this with equation (A-2), we arrive at:
Iaqt [
@M a2 (A-16)

de’ do
Similar to the solution for radial loading, the tangential loading is expanded in a

Fourrier series according to: q’(e)zzcjr:r sin(n@). For a generic term of the
n=l

loading series, forn> 2,

equation A-16 can be rewritten to give:

3
d M;+4M;

Rt s g r* sin(nd) (A-17)

Similar as for the radial loading, for symmetry reasons, the general solution of the
equation is of no consequence and therefore we will focus on the particular
solution.

Again looking for a particular solution of the form:

M =m, cos(n8) (A-18)

and recognising that:

2 L
d M
: =—m,{,nzcos(n8) and !

a0’

dM : .
—"=—m.;n sin(n@) , = m:jna sin{n@) .

do de?

These equations are substituted in equation (A-17) which gives:

n3ml, sin(n8)—m}, sin(n0)=—4g’, r sin(n0) (A-19)
which gives that m/ = _21 g'r* . Substituting this in equation A-18 will give:
nln” —1)
r s T W
M, = —5——4n" cos(n@) (A-20)
n(n= —1)

Using equation A-14, the circumferential normal force can be derived too, to
give:
Nf: = %éﬁrcos(n@) (A-21)
(n® =1
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A-1.3 Combined equations for the stresses
For a more general loading case, with both radial and tangential loads, for the
linear elastic situation, the solutions may be added to give:

for the normal forces:

N, = qhr+ 2_1 Gn+ 2” gp Ircos(n®) (A-22)
(n”=1) (n==1)

and for the bending moments:

M,= 21 g, + _21 g 2 cos(nb) (A-23)
(n”—1) n(n® —1)

A-14 Radial Deformations
As the tangential deformations are generally of an order smaller, due to the
greater stiffness with respect to normal forces than for bending, our main interest
goes out for the radial deformations.

The general differential equation for the radial deformations is given by
equation A-4, which can be rewritten to give:

M (A-24)

Once again we expand the bending moment in the liner, M in a Fourrier series
according to:

M =m,, cos(nb) (A-25)

Similarly to the derivations of stresses for the radial loading, a solution for the
radial displacement w is found, expanding w in a Fourrier series, according to
w=1w,, cos(nd) (A-26)

The solution for equation A-26 is found according to:

1 r?
w, = % 5 =™ (A-27)
or fully written out, taking into account equation (A-22);
1 1 s ol s |#F
w= (;;2 gy (e gp + - 5 dn Ecos(rsﬂ) (A-28)
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g,=4,sin(20)

Figure A - 2 Decomposition of radial load

A-2 EXAMPLE, FOR A TUNNEL

According to accepted engineering practice, it is assumed that the liner of a
tunnel is loaded by the soil. The soil loading is composed of vertical stresses and
horizontal stresses. The vertical stresses in the soil, are mainly caused by the
weight of the overlaying soil cover, denoted with O, whereas the horizontal
stresses in the soil denoted by 0, , are often related to the vertical soil stresses.
For non over-consolidated situations where the geological formation of the soil
strata is sedimentary, the horizontal soil stresses are lower than the vertical soil
stresses; 0, < O,.

The stress difference between horizontal and vertical stresses gives rise to the
development of bending moments in the liner. In order to accommodate the
solution described in the preceding section to this loading situation, the loading is
rewritten as a part which is a function of the angle of inclination, and a part
which is constant according to;

q =90+43 =—[ Tk J—[GV ;0’1 ]605(29) (A-29)

2

Whether there is a tangential load, depends on the roughness of the outer surface
of the tunnel liner. If we assume the initial soil stresses as active loading on the
tunnel, assuming a sinusoidal shape of the stress distribution the tangential
loading on the tunnel liner can be derived according to:

g5 =— G5 cos(26-1)= [—g”;i]sin (20) (A-30)
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Assuming a rough wall, and accounting for isotropic loading, related to the
q,, term which is not included into the aforementioned derivations, but which can
be included applying the kettle formula, the Normal forces in the liner can be
derived as:

N= q5r+[—%é£ +%§5 }COS(ZB):q{)r —ghreos(20)=

(A-31)
(2t Oy (T Oy oe(a6)
2 2
For the bending moments in a similar way we find:
M= (%qi’ -} }2 cos(20)=
(A-32)

[]5 + %qurz cos(20)=— (E—E—i&)rz cos(26)

Finally, the displacements are composed of a part due to the compressive
stresses, and a part related to the stress difference, and are found to be:

2 4
r r
w= gy —+ g5 —cos(20)=
EA El (A-33)
G, +0y Gy 4

- (7)— = (——-— = 605(29)






APPENDIX B

Ultimate limit state for a tunnel lining

B.l ULTIMATE LIMIT LOAD FOR A TUNNEL LINING RING

In § 7.3 in Fig 7.8 the mechanism of a tunnel lining taking an horizontal oval
shape due to the overburden soil load, has been discussed.

SOy
NP/

-

q. e
[ q, & (9,+4,)/2 LI
T CII E (q\ qh);z
q, q, A
J " 1 “ N e
= =) ¥
ilil i
Figure B-1 Soil loading split in a compression part and a distortion part. Above for

distributed loads. Under; simplified.

There it was argued that an horizontal ovalisation leads to a stress path in the soil,
where the soil besides the soil is compressed, and the soil above and under the
tunnel is decompressed. This would mean a decrease in the distortional loading
of the tunnel. Even if there is only a compression at the sides of the tunnel,
equilibrium would be reached before the soil reaches a limit stress state. If the
soil besides the tunnel reaches a neutral stress state; i.e. if 6, = G,, equilibrium is
reached far before the deformations that would lead to a passive stress state.

The question is for what deformations the equilibrium state is reached. If the
decrease in distortional loading would be less than the increase in 2™ order
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effects, the equilibrium state would not be reached, but a collapse, if the capacity
of the tunnel to bear the bending moments is exhausted

In order to evaluate this mechanism, a simple model is developed based on
equilibrium in the Ultimate Limit State. The basic assumptions are initial stresses
related to the K, stresses in the soil. An elastic response of the soil, and a plastic
response of the tunnel lining with respect to the bending moment in the tunnel
lining.

B.2 THE ULTIMATE LIMIT STATE MODEL

Similar to the analytical model discussed in appendix A, the loading of the tunnel
is split into a part that is related to compression of the tunnel ring, and a part that
is related to the distortion of the tunnel ring, see Fig. B-1

The model is based on an Ultimate limit state situation, such as sketched in
Fig. 7.8, in chapter 7.

In Fig B-2, the model is sketched. The circular lining is divided in four parts,
four shell elements. The four shells are kept in equilibrium by 2 horizontal
springs and forces between the shells. The soil loading is split into a compressive
part q;, which is acting in the direction of the tunnel both from all four directions

Figure B-2 Simplified model for the ultimate limit state, for the
distortion part
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of the tunnel and a distortional part q; which is acting in the direction of the
tunnel on top and underneath the tunnel, and counter-wise in the other direction
at the sides of the tunnel, such as indicated in Fig B-2. The loading is associated
with a deformation which is triangular shaped; i.e. a deformation which has its
largest amplitude at the horizontal and vertical axis going through the tunnel
centre, diminishing to zero at the tunnel sides. For the deformation of the tunnel
shells, rigid rotations are assumed. At the points where the shells are connected,
plastic work is being generated as a plastic spring relation is being assumed.

Due to this deformation, i.e. a vertical displacement, where the top and the
floor is displaced u in the vertical direction. The sides of the tunnel moving
outward u in the horizontal direction. Simultaneously the plastic springs between
the shell elements will show a rotation of

7]
0. ,=— B-1
pl= (B-1)

In the Ultimate limit state equilibrium demands that there is a balance in the
virtual work being generated and absorbed by the system. External virtual work is
generated by the load, whereas internal virtual work is being generated by 1)
elastic springs (the soil support), and 2) by the Plastic energy of the rotation
between the shell elements.

The balance of virtual work, guarantees equilibrium;
1) The external work due to the compression part is calculated as:

ES* =2q0 (2r+2u) Yyu-2q0(2r—2u) Yyu =4qqu’ (B-2)
Which means that the virtual work is:
SES* = 8qoudu (B-3)

2) External Energy due to the distortional part:

Ef =4q, 2r%u=4q2ru (B-4)
Which means that the virtual work due to the distortional part is given by:
BET =4qy rdu (B-5)
3) The internal energy in the soil spring will give:
Ef" ZZ%K’L:z:—Kuz (B-6)
Which means that the virtual work due to the soil spring is given by:

8" =— 2K udu (B-7)
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4) Whereas the internal energy in the plastic hinges will give

/ u
Eéﬂ =4Mpf 29[){ =8Mpg : (B-8)
Which means that the virtual work due to the plastic hinges is given by:
; 8M
SEin=——Pg, (B-9)
T
Balancing the virtual work is given by:
8M
8¢qqrdu + 4qy réu—2 Kudu — du=0 (B-10)

r

The latter equation has to hold for any virtual displacement du . If we divide du
and rearrange, the following relation can be obtained:

Kur B-11)

1 2
Mpi 25'?2” +qour—

Before equation B.5 is evaluated, first the parameters which are determinate for
its outcome will be estimated.

1) The compression part of the tunnel loading; in analogy with the derivation of
the analytical model in appendix A, the compression loading is determined by
the average; the mean loading on the tunnel ring:

_ (Gv +Gh)
2
2) The distortional part of the tunnel loading is determined by the representative
value of the loading difference. Evaluating A-28, this representative value can
be distinguished as:
_(oy—0p)_(1-kp)

= = 0" B—I3
q2 > ) v (B-13)

(B-12)

3) It is assumed that only the horizontal pre-stressing of the soil gives an elastic
response. The vertical movement is assumed to behave plastic and therefore
not to contribute to elastic energy and thereby to bearing capacity. The
bedding modulus for the horizontal soil response is estimated as:

K=kD=%D=2E (B-14)

However due to the fact that the largest displacements are at half height, and
therefore only half the spring is reacting, in practice the spring constant is not as
high as estimated with equation B-13. Here it is assumed that the spring is only
half as stiff as for the situation that the tube as a whole is displaced.
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B i (B-15)
D

If we use the estimations according to the equations B-12, B-13 and B-15 in
combination with equation B-11, the following equation is found:

1-Kp) _, o, +0 E
M, M=Bod o B B0 B (B-16)
4 2 4
Subsequently we will evaluate this.
1) For the static situation without deformations:
- (1 - KU) v 2
M pi == or (B-17)

is found. Comparing this with the analytic solution, according to equation A-
32, we see that that the same result is found. This result can be understood if
we realise that both in the ultimate limit state as well as in the equilibrium
solution of equation A-32 the same distribution of bending moments comes
forward; i.e. there is no re-distribution of stresses. The way that the soil
loading is being assumed implicitly assumes that there is tangential interaction
between soil and liner; i.e. that there is shear stress interaction.

2) For the situation of large displacements, if the soils springs are not in
operation:

’ _( _4K°)0L 3 J&:ﬂw (B-18)

M

In the second term of this equation the addition due to 2" order bending
moment can be recognised, similar to the derivation in § 7.4.2 The addition
due to the 2™ order effect is only half of what is expected based a direct
comparison with column theory.

The fact that the amplification is missing here comes forward because here the
deformation in the ultimate limit state is assumed whereas in equation 7.24,

the first order deformation is used.

3) For the situation that both soil springs and second order effects, are feasible,
all the components in equation B-16 have to be evaluated. According to the
Duddeck solution such as described in § 7.4.2, the activation of the soil
springs leads to a reduction of the bending moments. The minus sign in
equation B-16, for the last term is in balance with that.

The question arises however for which situation the decrease in bending
moment due to activation of the soil springs is not surpassed by an increase
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of bending moments due to 2™ order bending moments. Such is the case
lf; (GL' +Gh)ur> f:uf‘

, or in other words this mechanism can be avoided if:

(o,+05)% E or E2 (G,+0;)-

For a Dutch soft soil situation with a tunnel depth of at least 1 diameter of
soil-cover, if we assume a wet soil weight of 16 kam'J’, for a tunnel diameter
of 8 m, the Young’s modulus of the soil has to be larger than;

(1+ Ky) *(I+U.5)
2

E=15 D-{10+(’YW—IU)T) =1.5%8*(10+(16-10) 2175kPa .

If we realise that for the Dutch soft soil conditions, the Young’s modulus
ranges between 1000 < E, <= 100000, such a mechanism is not a high risk. As
this derivation is linear in the tunnel diameter, we may extrapolate this
conclusion without consequences at least up to a tunnel diameters, of 15 m.

The reduction of the bending moment in the tunnel lining as derived by an
activation of the soil stiffness is combined with a deformation of the tunnel
lining; the tunnel takes an oval shape with its longest axis in the horizontal
direction. Due to the construction method, limits have to be formulated with
respect the admissible deformation. Because the lining has to keep in between the
air space in the tail of the TBM, which is of the order of 0.1 m. An admissible
deformation of e.g. 0.025 m would be feasible. As a function of the tunnel
diameter a ratio of D/300 would be feasible; or in our notation; #/150.
If we would include this in equation B-16 this would give a design value for
the bending moment of
i :(1—K0)G,v 3 (o oh) 5 Er?
4 300 600

(B-19)

Equation B-19 gives a rough estimate for the minimum bending moment to
consider for tunnel design. It is advised here that for a practical situation the limit
requirement are established with a more elaborate model such as a Finite Element
code, which includes both large deformations as well as a plastic analysis of the
tunnel lining.
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Stellingen behorende bij het proefschrift

Soil Retaining Structures
Development of models for structural analysis
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STELLINGEN

1. Bij het optimaliseren van civiel technische constructies in de infra-
structuur van een land dient te worden uitgegaan van optimalisatie van
het collectieve profijt op lange termijn. In die zin is het streven om al-
leen de kosten te minimaliseren een te beperkt nitgangspunt. Zie hoofd-
stuk 2 van dit proefschrift

2. Grondwaterstroming kan in een zwakke formulering worden opgelost
onder toepassing van het principe van virtuele arbeid. Zie hoofdstuk 4
van dit proefschrift

3. Voor het formuleren van richtlijnen voor het ontwerpen van constructies
is een goede kennis van de bezwijkmechanismen onontbeerlijk

4. Een goed ontwerp-model dient niet alleen te worden geverifieerd maar
ook gevalideerd. Zie hoofdstuk 3 van dit proefschrift

5. Het ontlenen van sterkte aan belemmerde toestroming van grondwater
naar de ruimte die ontstaat bij beweging van gezette blokken in een
steenbekleding kan bij scheve golfaanval tot een onveilig ontwerp lei-
den

6. De huidige meestal op empirie gebaseerde steenbekledingen op een dijk
beschermen het dijklichaam tegen erosie door golfafslag. In die zin is de
klassieke steenbekleding op een dijk te vergelijken met de verf op een
stalen brug

7. Het toepassen van een vergrote reductie op de wandwrijving door uit te
gaan van & = 2/3 ¢ teneinde de overschatting van de sterkte bij analyse
op basis van rechte glijvlakken te compenseren, leidt tot een verkeerde
interpretatie bij het risico-analytisch beoordelen van grondkerende con-
structies

8. De in-situ stijtheid van zandgronden kan significant afwijken van de
waarde die met behulp van triaxiaalproeven wordt bepaald, doordat bij
de samenstelling van het te beproeven laboratoriummonster structuur
verloren gaat. Bij kleine rekken kan de in-situ stijfheid wel een factor 2
groter zijn dan de stijfheid gevonden in een triaxiaalproef



10.

11.

12.

13.

14.

15.

Bij het ontwerp van de tunnelwand van een geboorde tunnel is de capa-
citeit van de wand om de tangentiéle normaalkracht te dragen voor de
uiterste grenstoestand van groter belang dan het vermogen om buigende
momenten te kunnen overbrengen

De toepassing van inverse analyse ten behoeve van de validatie van re-
kenmodellen dient gestimuleerd te worden. Met name het verschil tus-
sen de actuele sterkte van de rivierdijken en de sterkte op basis van de
rekenmodellen, zoals geconstateerd bij het hoogwater van 1995, zou
hiermede kunnen worden verkleind

Tijdens het graven met een slurry schild is er onvoldoende tijd om een
afpleistering met bentonite slurry te laten ontstaan. Derhalve zal de toe-
laatbare steundruk slechts weinig hoger kunnen zijn dan de verticale
grondspanning. Tijdens stilstand kan, indien een goede afpleistering
verzekerd is, de steundruk aanzienlijk hoger zijn

Creativiteit wordt vaak uit nood geboren

In een ontwerp-organisatie leidt kwaliteitsborging via proces controle
alleen, niet tot een optimale kwaliteit. Voor een goede kwaliteit is ook
inhoudelijke kennis van zaken nodig.

Een auto die kan doorrijden is minder slecht voor het milieu dan een au-
to in de file

De Zaanstreek dient te worden verrijkt met een instelling voor Hoger
Beroeps Onderwijs, met name op het gebied van de levensmiddelen-
technologie







